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Abstract
The in situ rehabilitation or upgrading of reinforced concrete (RC) members using 
bonded steel plates has been proven in the field to be an effective, convenient and 
economic method of improving structural performance. However, disadvantages 
inherent in the use of steel have stimulated research into the possibility of using fibre- 
reinforced polymer (FRP) materials in its place, providing a non-corrosive, more 
versatile strengthening system.
The aim of this investigation was to provide a detailed study of the flexural 
strengthening of R C  beams using FRP plates. Experimental testing of 1.0 m  length 
specimens was used to illustrate the feasibility and general characteristics of external 
FRP strengthening. A  parametric study was also carried out to evaluate the influence of 
basic geometric and material parameters on overall performance. Larger-scale 2.3 m  
length beams were used to confirm the general behaviour observed in the 1.0 m  tests.
The structural effects of pre-tensioning the FRP plate prior to bonding to the beam were 
also examined. Although moderate increases in flexural rigidity and strength over a non­
prestressed member were attained by the use of this technique, the greatest influence 
observed was restraint on the initiation and development of cracking.
The performance of the component materials and overall strengthened system under 
sustained load application and adverse environmental conditions was considered 
experimentally. The results, although somewhat limited, suggest that environmental 
deterioration of the mechanical properties of bulk adhesive specimens does not 
necessarily imply a degradation of the bond performance in situ or a reduction in the 
long-term structural behaviour of the strengthened member. Similarly, the viscoelastic 
nature exhibited by the epoxy adhesive when tested in isolation did not appear to affect 
the time-dependent behaviour of the strengthened member; the addition of the externally 
bonded FRP plate appeared to have only beneficial influences on long-term behaviour.
The effectiveness of theoretical methods of predicting FRP strengthened beam response 
to load application was finally assessed. A  simple, iterative analytical technique was 
generally found to provide good correlation with the global behaviour determined 
experimentally. Theories proposed to account for the occurrence of premature failure of 
steel plated beams were evaluated; these appear to be unsuitable for FRP strengthened 
members. Use of the finite element (FE) method for predicting flexural response was 
also investigated. In this case, agreement with behaviour observed in testing was found 
to be poor. This was attributed to the representation of material response incorporated in 
the FE package.
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C h a p t e r  1
Introduction
1.1 When does strengthening become necessary?
Reinforced concrete structures may, for a variety of reasons, be found to be 
unsatisfactory. In the design and construction phase, causes of deficiency include 
marginal design/design errors causing inadequate factors of safety, the use of inferior 
materials, or poor construction workmanship/management, causing the design strengths 
not to be achieved. In service, increased safety requirements, a change in use or 
modernisation causing redistribution of stresses, an increase in the magnitude or 
intensity of the applied loads required to be supported, or an upgrading of design 
standards may render all or part of a structure inadequate. Increased loading may also 
result from a less favourable configuration of existing loads. In addition, the load- 
carrying capacity of a member may be compromised by material deterioration, such as 
corrosion of the internal reinforcement particularly in marine or industrial environments, 
carbonation of the concrete or alkali-silica reaction, or structural damage, caused by fire, 
impact, explosion, earthquake or overloading. On highway structures, corrosion of the 
internal reinforcement is exacerbated by the application of de-icing salts. For prestressed 
concrete beams, strengthening measures may be required to prevent further loss of 
prestress.
These inadequacies may manifest themselves by poor performance under service 
loading in the form of excessive deflections and cracking, or through inadequate fatigue 
or ultimate strength. When maintenance or local repair will not restore a deficient 
structure to the required standards, there are two possible alternatives; complete or 
partial demolition and rebuild, or the commencement of a programme of strengthening. 
In this context, strengthening is defined as rehabilitation to restore the original structural 
performance, or upgrading to attain higher strength or stiffness requirements. The choice 
between strengthening or demolition depends on many factors, such as material and 
labour costs, time during which the structure is out of commission, and disruption of 
other facilities. However, the financial and environmental implications of strengthening
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as opposed to demolition can often be considerable, particularly if a simple, quick 
strengthening technique is available. In addition, if the structure in question has 
historical importance, the possibility of demolition may be precluded.
This investigation is concerned with the strengthening of RC members in general. 
However, as the following discussion demonstrates, possibly the largest potential area of 
current interest is that of bridge strengthening. The deterioration of worldwide 
bridgestocks can be attributed to several factors. Many bridges in service throughout the 
world were originally designed for smaller vehicles, lighter loads and lower traffic 
volumes than are common today (Klaiber et al., 1987). Whilst more sophisticated 
methods of analysis have revealed shortcomings in many structures under service and/or 
ultimate conditions, the application of de-icing salts has accelerated the deterioration 
process. Many structures are approaching, or have passed, the end of their design lives.
A consequence of these factors is that a large number of bridges have inadequate load- 
carrying capacity for today’s traffic. In the US, for example, of the 500,000 road bridges, 
approximately 200,000 are considered to be deficient (Dunker and Rabbat, 1993), 
including 16% of the Interstate bridges (Cooper, 1990). Weight restrictions have been 
imposed on more than 130,000 bridges, while 5,000 have been closed to traffic.
Until recently, the maximum permitted weight for vehicles in the UK has been 32 tonnes, 
and many of the existing bridges were designed for such loading. However, a current 
European Community Directive means that all highway bridges in the UK must either be 
capable of carrying 40 tonne vehicles by 1999 or have a weight restriction order 
imposed. This Directive led to the initiation of a major assessment programme for all 
bridges. Of the 60,000 concrete bridges owned by Local Authorities or the Department 
of Transport, 60% require assessment. According to the latest information, 30% are 
likely to be inadequate to safely carry 40 tonne vehicles (Peshkam and Leeming, 1994). 
Thus approximately 10,800 bridges will require a weight restriction, strengthening or 
demolition and replacement. The possible financial implications of strengthening rather 
than replacement have become even more significant in the UK with recent cuts to 
highway budgets (see, for example, NCE, 1996a).
The number of structures worldwide which can be considered strengthenable are the 
incentive to develop effective rehabilitation or upgrading methods for existing structures.
1.2 Possible strengthening techniques
Strengthening operations are usually difficult because of the inaccessibility of the works, 
and can involve a great deal of labour and plant, as well as disruption to the use of the 
structure itself and surrounding facilities. Strengthening can be carried out by several 
techniques to achieve the desired improvement. These include increasing the size of the
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deficient members through the provision of additional reinforced or prestressed concrete 
layers using stapling and pressure grouting, the introduction of additional supports, 
beams or stringers, the replacement of non-structural toppings with structural toppings or 
lighter materials, overslabbing, or polymer impregnation (Kaeding, 1978). For bridge 
structures, traffic management measures may be imposed to relieve loading on weak 
members. Costs of the methods of strengthening vary considerably depending on the size 
of the structure, the extent of the strengthening work required and, in the case of bridges, 
the volume of traffic carried over and under. In techniques where additional material is 
applied to the original member, the main problem is that of ensuring adequate connection 
and composite action between the reinforcing element and the existing structure. 
External post-tensioning by means of high strength strands or bars has been successfully 
used to increase the strength of beams in existing bridges and buildings (Klaiber et al, 
1982). However, this method does present some difficulties in providing anchorage for 
the post-tensioning strands, maintaining the lateral stability of the girders during post­
tensioning and protecting the strands against corrosion.
The development of structural adhesives has lead to the evolution of a further method of 
structural repair in which steel plates are externally bonded to the structure in situ, 
effectively increasing the area of reinforcement provided. The plates then act 
compositely with the original member, producing a section with improved flexural 
strength and stiffness. If propping is used during the bonding operation, the plates can 
help to support dead as well as live loading; otherwise, additional live loading capacity 
only is provided.
The success of this strengthening method depends critically on the performance of the 
adhesive used. When bonded to the tensile faces of concrete members, the plate is in a 
position where it can have the maximum effect on the ultimate strength, stiffness, and 
hence deflections, and also on the initiation and development of cracks. The effect of the 
additional material in the tension zone is to lower the position of the neutral axis in the 
section. This reduces the stress in the existing internal reinforcement but increases the 
compressive strains in the concrete. The method is thus constrained in its scope for 
strengthening by limits imposed on existing material stresses under working load. At the 
ultimate limit state, the strengthened section should remain under-reinforced to ensure 
that failure occurs in a ductile manner. The possible structural enhancements are 
therefore governed by the amount and distribution of internal reinforcement, geometry of 
the section and properties of the concrete. Although it is usually areas subjected to 
excessive tensile stress that require strengthening, bonded plates may also be used to 
provide additional shear or compressive reinforcement (Parkinson, 1978; Jones et al, 
1980 and 1982). For bridge structures, external plating can be used to enhance the load- 
carrying capacity either in the short-term to support the passage of an abnormal load, or
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for longer-term service under design-imposed loading.
The main advantages of the plate bonding technique are that the strengthening operations 
can be carried out relatively quickly and simply, and the additional construction depth 
would generally only be of the order of a few millimetres, thereby avoiding possible 
headroom clearance problems beneath the strengthened member. The technique involves 
minimal disruption; it can be carried out while the structure remains, at least partially, in 
use. In comparison to other strengthening methods, the technique is versatile and 
unobtrusive, and the strengthening components can be relatively easily handled. In terms 
of cost, plate bonding has few, if any, competitors for strengthening (Wyatt and Oehlers, 
1992; Oehlers and Wyatt, 1993; Haynes, 1993). In addition to the savings associated 
with reduced disruption, low design and installation costs are augmented by relatively 
easy maintenance.
In the context of bridge strengthening, the speed of application means that plate bonding 
is particularly favourable when heavily trafficked roads are involved, where restrictions 
or diversions could seriously affect local and national traffic patterns. The CBI estimates 
that congestion costs the U K  £15b p.a., most of it caused by essential maintenance of 
roads and bridges. This congestion has environmental implications. The reduced 
disruption associated with plate bonding and the avoidance of demolition, which 
generates construction waste, is an environmentally friendly approach in comparison to 
alternative strengthening methods (Jamnejad, 1996).
Despite the obvious advantages of plate bonding, the technique in general has several 
shortcomings. Since the plate is bonded to the surface of the concrete and not enclosed 
by it, there is a possibility that the plate may debond. Unless there is careful scrutiny of 
the development of crack patterns, there is likely to be little advance warning that such 
failure is imminent (Irwin, 1975). The technique is sensitive to standards of 
workmanship and hence personnel with special polymer-related skills are necessary 
during the bonding operation, and particularly tight quality control must be 
implemented. However, although the adhesives used are expensive compared to concrete 
and steel, in many situations economic solutions are possible to rectify inadequate 
structural performance and, sometimes, to avoid demolition. The technique is being 
increasingly adopted on both concrete buildings and bridges.
Although plate bonding was pioneered using steel plates, the technique has several 
disadvantages inherent in the use of steel; these are discussed in Chapter 2. The 
replacement of steel with fibre-reinforced polymer (FRP) materials has therefore been 
proposed in an attempt to overcome some of the shortcomings of the strengthening 
technique. In the present study, the retrofitting of reinforced concrete (RC) beams using 
FRP plate materials to increase flexural strength and stiffness is investigated.
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1.3 Fibre-reinforced polymer materials
Fibre-reinforced polymer composites essentially consist of two components; a low 
modulus, low strength isotropic matrix material, and a high stiffness, high strength 
reinforcing fibre material such as glass, carbon or aramid. These distinct phases are 
combined on a macroscopic scale to produce a heterogeneous composite with desirable 
characteristics that exceed those of the individual components. The fibres are the 
principal load-bearing elements. The functions of the matrix are to bind and disperse the 
fibres giving integrity to the system, to protect the fibre surfaces from damage and to 
transfer stress to the fibres through adhesion and/or friction. The matrix material must 
also be thermally and chemically compatible with the fibres.
The strength and stiffness of the composite material can be manipulated by varying the 
type, position, orientation and volume fraction of the fibres. The mechanical properties 
of the composite are also affected by the method of manufacture, for which a range of 
techniques have been developed. These are considered in detail by Hollaway, 1990 and 
1993a. Of particular significance to the present study is the pultrusion technique, in 
which continuous strands of the reinforcing fibre are pulled through a resin tank and then 
through a heated die to form continuous lengths of a desired cross-sectional geometry. 
The shaped composite is pulled through the die at a predetermined rate to enable curing 
of the composite to take place. Alternatively, prepreg materials may be utilised, in which 
laminates are built up from fibres impregnated with the required polymer in an uncured 
state, then cured under pressure in an autoclave. Detailed characteristics of fibres for 
composite materials, and the key factors which affect the performance of FRP are 
considered by Mufti et al., 1991.
Fibre-reinforced products can be formed into rods, grids, sheets and winding strands 
which have the beneficial characteristics of being non-corrosive, generally resistant to 
chemicals, non-magnetic and non-conductive, and of possessing high stiffness and 
strength-to-weight ratios, and low linear thermal coefficients of expansion in the fibre 
direction. They therefore offer unique advantages for solving many civil engineering 
problems effectively and economically in areas where conventional materials fail to 
provide satisfactory performance and service life. For many years their high price and 
unknown long-term performance limited the use of FRP materials in structural 
applications. However, considerable advances over the last twenty years in the field of 
polymers and polymer composites (Mufti etal., 1991; Hollaway, 1993a) have resulted in 
the development of high strength materials based on carbon (CFRP), aramid (AFRP) or 
glass fibres (GFRP) that surpass many of the mechanical and physical properties of steel, 
in particular its tensile and fatigue strength. The successful use of composites in 
structural applications is directly related to the use of adhesives. The emergence of high
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strength epoxies and other structural adhesives has enhanced the feasibility of the use of 
composites in civil engineering.
Several survey papers have been written discussing the uses of FRP materials with 
application to a variety of civil engineering structures (McCormick, 1988; Ballinger, 
1991 and 1992; Bank, 1992; Head, 1992; Melham and Schlup, 1994; Saadatmanesh, 
1994; Ohama, 1996), including load-bearing and infill panels, skeletal structures, 
geotextiles, pipework, cables, ropes, reinforcing bars and grid reinforcement, as well as 
complete structural members. Composite materials have been used for wrapping and 
confining concrete columns to provide increased axial capacity and strength in seismic 
regions, and beams to provide additional shear strength. Rizkalla and Erki, 1991 have 
presented a state-of-the-art report on the use of composite materials for bridge 
applications.
1.4 Objectives of investigation
• To investigate the feasibility and practical implications of flexurally strengthening RC 
members using FRP plates: To establish basic structural performance and carry out a 
parametric study to determine the influence of a wide range of parameters on flexural 
response.
• To examine the structural effects, beneficial or otherwise, of pre-tensioning the FRP 
plate prior to bonding to the R C  member.
• To investigate the long-term performance of the strengthening system under sustained 
loading and adverse environmental conditions.
• To investigate the effectiveness and accuracy of methods of predicting FRP 
strengthened beam response to load application.
The externally bonded plates have been employed in this project solely to provide 
additional tensile reinforcement. The use of such plates for compressive or shear 
strengthening has not been considered. The effects of cyclic loading on the behaviour of 
FRP plated beams have also not been considered in this project, although a detailed 
investigation on this subject is currently under progress at the University of Surrey in a 
concurrent project
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C h a p t e r  2
R e v i e w  of previous w o r k
2.1 Introduction
This Chapter reviews the most significant investigations reported in the literature 
concerning the flexural rehabilitation or strengthening of reinforced concrete (RC) 
members using externally bonded steel or fibre-reinforced polymer (FRP) plates. 
However, since the potential of external plating and its application as a strengthening 
technique has only been made possible by the development of suitable adhesives, 
consideration is initially given to the types of adhesive which may be used for external 
plate bonding and their requirements for this application. After considering reported 
plate bonding studies, a brief review of surface preparation techniques applicable to FRP 
and concrete adherends is presented.
2.2 Structural adhesive bonding
2.2.1 Introduction
Structural adhesives are generally accepted to be monomer compositions which 
polymerise to give fairly stiff and strong adhesives uniting relatively rigid adherends to 
form a load-bearing joint (Shields, 1985). The feasibility of bonding concrete with epoxy 
resins was first demonstrated in the late 1940’s (ACI, 1973), and the early development 
of structural adhesives is recorded by Fleming and King, 1967. Since the early 1950's 
adhesives have become widely used in civil engineering (Mays, 1985). However, 
although the building and construction industries represent some of the largest users of 
adhesive materials, many of the applications are non-structural in the sense that the 
bonded assemblies are not required to transmit or sustain significant stresses. Examples 
of such applications include crack injection and sealing, skid resistant layers, as a surface 
repair for spalled concrete, and the bonding of new concrete to old. Several applications 
utilise adhesives in a semi-structural manner in which the stresses to be resisted are 
dominantly compressive, such as the use of bonded joints in precast concrete segmental 
bridge construction (Hewlett and Shaw, 1977; FTP, 1978; Moreton, 1981), in which
7
epoxies have been used for nearly 30 years as a stress-distributing waterproof medium in 
joints. Truly structural application implies that the adhesive is used to provide a shear 
connection between similar or dissimilar materials, enabling the components being 
bonded to act as a composite structural unit. The main applications are the use of glulam, 
bonded composite steel/concrete bridge decks, structural steelwork connections, and 
bonded external plate reinforcement, the subject of this investigation. A comprehensive 
review of the applications involving the use of adhesives in civil engineering is given by 
Hewlett and Shaw, 1977; Tabor, 1982; Shaw, 1982; Mays and Hutchinson, 1992.
The lack of structural applications of adhesives in civil engineering can largely be 
attributed to the lack of products developed specifically for bonding steel and concrete. 
In addition, the bonding operation itself can present many difficulties due to the scale of 
construction projects and conditions on site, which impose particular requirements on the 
adhesive to be used (Hugenschmidt, 1975; Hewlett and Shaw, 1977). Assessment of an 
adhesive as a suitable product for structural use must take into account the design 
spectrum of loads, the strength and stiffness of the material under short-term, sustained 
or cyclic loads, and the effect on these properties of temperature, moisture and other 
environmental conditions during service (Mays, 1993). Concern regarding the durability 
properties of adhesive joints has meant that resistance to creep, fatigue and fracture are 
considered of greater importance than particularly high strength (Vardy and Hutchinson, 
1986).
Temperature is important at all stages in the use and performance of adhesives, affecting 
viscosity and therefore workability, usable life and contact time, rate o f cure, degree of 
cross-linking and final cured performance (Tu and Kruger, 1996). Controlled conditions 
are therefore generally required during bonding. This applies equally during the surface 
treatment procedures if a durable system is to be achieved. Adhesives which are 
workable and cure at ambient temperatures have to be used which should be able to 
tolerate a certain amount of moisture without a marked reduction in performance. These 
must have adequate usable time under site conditions and a cure rate which does not 
hinder the construction programme. Workmanship under conditions prevalent on site is 
less amenable to quality control than in other industries, and thus ability to tolerate minor 
variations in proportioning and mixing, as well as imperfect surface treatment is 
important. In addition, the products involved are more hazardous, require more careful 
storage and, bulk for bulk, are considerably more expensive than traditional construction 
materials. Non-destructive test methods for assessing the integrity of bonded joints are 
not generally available or applicable for civil engineering applications.
Despite these drawbacks, recent advances in the science and technology of adhesion and 
adhesives suggest that structural adhesives have enormous potential in future
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construction applications, particularly where the combination of thick bondlines, 
ambient temperature curing and the need to unite dissimilar materials with a relatively 
high strength joint are important (Mays and Hutchinson, 1992).
2.2.2 Types of structural adhesives
The principle structural adhesives specifically formulated for use in the construction 
industry are epoxy and unsaturated polyester resin systems. Both are classed as 
thermosetting materials because, when cured, the molecular chains are permanently 
locked together. Unlike thermoplastics, they do not melt or flow when heated. The 
formulation of adhesives is considered in detail by Wake, 1982, whilst Tabor, 1978 
offers guidance on the effective use of epoxy and polyester resins for civil engineering 
structures.
Two-part epoxies, first developed in the 1940’s (Lee and Neville, 1967), consist of a 
resin, a hardener or cross-linking agent which causes polymerisation, and various 
additives such as fillers, tougheners or flexibilisers, all of which contribute to the 
physical and mechanical properties of the resulting adhesive. Formulations can be varied 
to allow curing at ambient temperatures, the so-called cold-cure epoxies, the most 
common hardeners for which are aliphatic polyamines, whose use results in hardened 
adhesives which are rigid and provide good resistance to chemicals, solvents and water 
(Mackie and Su, 1993). Correct proportioning and thorough mixing are imperative when 
using epoxy resin systems. The reaction of resin and curing agent is exothermic and the 
rate of cure is temperature-dependent; in general terms, the rate of cure doubles as the 
temperature increases by 10 °C, and halves as the temperature drops by 10 °C. Many 
formulations stop curing altogether below a temperature of about 5 °C. The change in 
volume between the mixed uncured epoxy/hardener and the fully cured polymer is low, 
making them suitable for gap-filling purposes. Fillers, generally inert materials such as 
sand or silica, may be used to reduce cost, creep and shrinkage, reduce exotherm and the 
thermal expansion coefficient, and assist corrosion inhibition and fire retardation. Fillers 
increase the viscosity of the freshly mixed system but impart thixotropy, useful in 
application to vertical surfaces.
Unmodified epoxy systems tend to be brittle when cleavage or peel forces are imposed. 
Toughening of the cured adhesive can be achieved by the inclusion of a dispersed 
rubbery phase which absorbs energy and prevents crack propagation. Epoxies are 
generally tolerant to many surface and environmental conditions, and possess relatively 
high strength. They are preferred for bonding to concrete since, of all adhesives, they 
have a particularly high tolerance to the alkalinity of concrete, as well as moisture. By 
suitable formulation, their ability to wet substrate surfaces can even be achieved in the 
presence of water, the resin being able to displace the water from the surface being
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Unsaturated polyester resins were discovered in the mid-1930’s and also have adhesive 
properties obtained by cross-linking using a curing agent. They are chemically much 
more simple than epoxy resins, being reactive within themselves and, as a result, mixing 
and proportioning of the hardener component is less critical. With polyester resins, the 
contraction during cure can be as high as 10% by volume. This is partly due to the high 
level of thermal contraction which, unlike epoxies, tends to occur after the resin has set 
and can result in stress build up, possibly accompanied by interfacial cracking at the 
resin/substrate boundary. In addition, there is a volume change during the transition from 
the uncured liquid phase to the hardened resin resulting in further curing shrinkage. As a 
result of these factors, there are usually strict limitations on the volume of material that 
can be mixed and applied at any one time. As a general rule, polyester resins do not form 
as strong adhesive bonds as epoxy resins. There are also concerns regarding the 
suitability of polyesters as structural adhesives because of their poor resistance to creep 
under sustained load and their bonding efficiency in damp or wet conditions, particularly 
to alkaline substrates. In storage they are also somewhat less stable and present a greater 
fire hazard than epoxies. These limitations significantly restrict their application.
The advantages of epoxy resins over other polymers as adhesive agents for civil 
engineering use can be summarised as follows (Mays and Hutchinson, 1992):
• High surface activity and good wetting properties for a variety of substrates.
• May be formulated to have a long open time, the time between application and 
closing of the joint.
• High cured cohesive strength, so that joint failure may be dictated by the adherend 
strength, particularly with concrete substrates.
• May be toughened by the inclusion of a dispersed rubbery phase.
• Minimal shrinkage on curing, reducing residual bondline strain and allowing the 
bonding of large areas with only contact pressure.
• Low creep and superior strength retention under sustained load.
• Can be made thixotropic for application to vertical surfaces.
• Able to accommodate irregular or thick bondlines.
• Formulation can be readily modified by blending with a variety of materials to 
achieve desirable properties.
These various modifications make epoxy adhesives relatively expensive in comparison 
to other adhesives. However, the toughness, versatility of viscosity and curing 
conditions, good handling characteristics, high adhesive strength, inertness, low  
shrinkage and resistance to chemicals of epoxy adhesives has meant that they have found
bonded (Tabor, 1978).
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many applications in construction castings, repair materials, coatings, and as structural 
and non-structural adhesives.
Lark and Mays, 1985 have discussed in detail how the formulation of two-part epoxy 
adhesives influences the mechanical properties of importance in civil engineering 
applications. Five adhesive systems were considered, each being measured in the 
hardened state to determine tensile, compressive, shear and flexural strengths and 
fracture toughness. In addition, two tests for adhesion using steel/steel joints were 
included. It was found that the engineering properties of the various epoxy adhesives 
studied varied with their formulation, as would be expected. Tests showed that epoxies 
with aliphatic amine hardeners resulted in high performance adhesives which, unless 
suitably modified, are likely to be intolerant to adverse temperature and moisture 
conditions. Epoxy polysulphide and polyamide were found to be flexible formulations 
liable to creep. The latter also appeared to be sensitive to moisture absorption and 
therefore unlikely to form the basis of adhesives suitable for structural applications. It 
was found that an adhesive with an aromatic amine hardener gave a durable but brittle 
adhesive which could be improved for structural applications by toughening.
2.2.3 Requirements of the adhesive for plate bonding
There are many features of an adhesive product, in addition to its purely adhesive 
properties, which will form the basis for the selection of a particular bonding system. 
Guidance on the selection of adhesives for concrete is given by the ACI, 1992. Mays, 
1985 has considered requirements for adhesives to be used for external plate bonding to 
bridges under conditions prevalent in the UK. These requirements are extended and 
refined in a later publication referred to as a proposed Compliance Spectrum, (Mays and 
Hutchinson, 1988), which addresses the general engineering requirements of adhesives, 
bonding procedures and test methods for structural steel-to-concrete bonding based on 
research work at the University of Dundee (Hutchinson, 1986). The requirements 
proposed for the adhesive itself can be considered as equally applicable to FRP plate 
bonding. An epoxy resin and polyamine hardener are recommended. The appropriate 
chemical and physical form and working characteristics of the adhesive while in the 
freshly mixed state are considered, as well as suitable properties of the hardened 
adhesive, including moisture and temperature resistance, flexural modulus, bulk shear 
and tensile strength. Specifications for joint fracture toughness, lap shear strength and 
fatigue resistance are also proposed. Certain grades of two-part epoxy adhesives can 
satisfy most of the requirements proposed by Mays and Hutchinson, 1988 and have been 
used for external steel plate bonding. However, apart from their proven performance in 
service, data on long-term durability is limited.
Choice of a suitable adhesive is only one of a number of requirements for a successfully
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bonded joint. Other factors also affect the joint strength and performance (Mays and 
Hutchinson, 1988), namely:
• Appropriate design of the joint.
• Adequate preparation of the adherend surfaces.
• Controlled fabrication of the joint.
• Protection from unacceptably hostile conditions in service.
• Post-bonding quality assurance.
Both short- and long-term structural performance are likely to be improved by using an 
appropriately designed joint and suitably preparing the surface of the substrate materials. 
A review of factors important to the satisfactory design of joints is given by Adams and 
Wake, 1984, and Lees, 1985 and will not be considered here. Full account must be taken 
of the poor resistance of adhesives to peel and cleavage forces; shear strength itself is 
unlikely to be a limiting factor. With concrete structures, the tensile/shear, or tear off 
strength of the concrete should be the critical design factor if a suitable adhesive 
formulation is selected and appropriate methods of surface preparation implemented. 
This has been demonstrated through detailed shear testing both on site and in the 
laboratory (Moustafa, 1974; Hugenschmidt, 1975; Schultz, 1976).
2.2.4 Tests to measure structural adhesive bond strength
A number of tests are available for the testing of adhesives and thin films (Adams and 
Wake, 1984; Kinloch, 1987). However, appropriate tests for assessing bond strength in 
construction are complicated by the fact that the loading condition in service is difficult 
to simulate, and one of the adherends, concrete, tends to be weaker in tension and shear 
than the adhesives which may be used, making discrimination between adhesive systems 
difficult. As a result, confirmation of the suitability of a proposed adhesive system is 
generally limited to demonstrating that, when the bondline is stressed in the test 
configuration chosen, the failure surface occurs within the concrete substrate. Such tests 
may also be used to exhibit the adequacy of the surface preparation techniques 
employed, since it is difficult to separate the individual effects on adhesion of the 
adhesive type and method of surface treatment.
Several possible test methods have evolved to measure the bond strength between 
adhesive and concrete substrates, mainly for applications in concrete repair (Franke, 
1986; Naderi et al, 1986). RILEM Technical Committee 52-RAC list some currently 
used laboratory and field test methods for assessing the bond between resin and concrete 
(Sasse and Friebrich, 1983). Procedures are mentioned on the strength of adhesion in 
tension, shear and bending, as well as shrinkage and thermal compatibility in the context 
of coatings, concrete repair, concrete/concrete and concrete/steel bonds. Variations of the
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slant shear test, (Kreigh, 1976; BS 6319, 1983), in which two portions of a standard 
cylinder or prism are joined by a diagonal bondline and then tested in compression, have 
been found to produce discriminating and consistent results (Kreigh, 1976; Naderi, 1985; 
Wall et al, 1986). Tu and Kruger, 1996 used such a configuration to demonstrate that a 
flexible, tough epoxy provided improved adhesion compared to a more brittle material 
because it allows redistribution of forces before fracture. However, Tabor, 1985 
concluded that the slant shear test is of little use in assessing adhesion between resin and 
concrete because the interfaces are not subjected to tensile forces.
In assessing the shear connection in steel/concrete composite construction, tests at the 
Wolfson Bridge Research Unit at the University of Dundee employed a kind of double­
lap joint configuration as described by Solomon, 1976, in which fracture was 
characterised by shear failure of the concrete adjacent to the interface with the adhesive.
The structural performance of four two-part cold-cure epoxy adhesives subjected to 
shear has been studied by Cusens and Smith, 1980 to assess suitability for bonding in 
civil engineering applications. Three types of specimen were used; steel double-lap shear 
specimens, concrete slant shear prisms, and small-scale concrete beams with external 
steel plate reinforcement, tested in bending. Comparative results obtained for the four 
adhesives studied are presented. A criterion for adequacy in service was that the adhesive 
should be stronger in shear than the concrete. In this context, shearing strengths in excess 
of 5.0 N/mm2 obtained in double-lap shear tests was regarded as adequate. All of the 
specimens achieved adequate performance in steel lap joints, but one was found to be 
unsuited for bonding to concrete.
Chajes et a l 1996 used a single-lap specimen, in which a strip of carbon composite was 
bonded to a concrete prism, to study the bond strength of composite plate materials 
bonded to concrete. Four different adhesives were used to bond the composite strip; three 
two-part cold-cure structural epoxies, and a two-part cold-cure urethane. Three methods 
of surface preparation were studied, varying in severity from untreated to mechanically 
abraded to expose the coarse aggregate. It was found that all epoxy-bonded joints failed 
as a result of the concrete shearing directly beneath the bond surface at similar loads. The 
final strength was therefore a function of the concrete strength. The surface treatment 
which involved exposing the coarse aggregate produced the highest average strengths. 
The urethane adhesive, which was much less stiff and had a much higher ductility to 
failure in tension than the epoxies failed within the adhesive at lower ultimate loads.
Karbhari and Engineer, 1996 describe the use of a modified peel test for investigation of 
the bond between composite and concrete, in which a composite strip is pulled away 
from the concrete at a known angle and at a controlled rate. The test is said to provide a 
good estimate of interfacial fracture energy and could be used in durability assessment.
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2.3 External strengthening using steel plates
2.3.1 Introduction
A review of the most significant experimental investigations conducted using steel plates 
is presented below to demonstrate some of the structural implications of external plating. 
Research work into the performance of members strengthened with steel plates was 
pioneered simultaneously in South Africa and France in the 1960’s (L'Hermite and 
Bresson, 1967; Kajfasz, 1967; Fleming and King, 1967; Lerchenthal, 1967; Gilibert et 
al. , 1976). Continued development of suitable adhesives and the increased use of the 
technique in practice stimulated further research work. Eberline et al, 1988 present a 
literature review on research and applications related to steel plate bonding.
The history of bonded external reinforcement in the UK goes back to 1975 with the 
strengthening of the Quinton Bridges on the M5 motorway. This scheme followed a 
number of years of development work by the Transport and Road Research Laboratory 
(TRRL) in association with adhesive manufacturers and the Department of Transport. In 
terms of testing programmes, research and development work continued at the TRRL 
and at several academic institutes in the UK, most notably at the University of Sheffield. 
Allied to the extensive beam testing programmes which were undertaken were 
theoretical investigations, considered here in Chapter 8, durability studies (Chapter 6) 
and the evaluation of suitable adhesives.
2.3.2 Structural behaviour of steel plated beams
2.3.2.1 TRRL studies
Preliminary studies were conducted by Irwin, 1975. Macdonald, 1978, and Macdonald 
and Calder, 1982 report four point loading tests on steel plated RC beams of length 4900 
mm. These beams were used to provide data for the proposed strengthening of the 
Quinton Bridges (Raithby, 1980 and 1982), and incorporated two different epoxy 
adhesives, two plate thicknesses of 10.0 mm and 6.5 mm giving width-to-thickness (b/t) 
ratios of 14 and 22, and a plate lap jointed at its centre.
It was found that in all cases, failure of the beams occurred at one end by horizontal 
shear in the concrete adjacent to the steel plate, commencing at the plate end and 
resulting in sudden separation of the plate with the concrete cover still attached, up to 
about mid-span. The variables tested had little effect on the load to cause separation of 
the plate. An average increase of ultimate load of 19% was observed. However, the 
external plate was found to have a much more significant effect in terms of crack control 
and stiffness. The loads required to cause a crack width of 0.1 mm were increased by 
95%, whilst the deflections under this load were substantially reduced. The post­
cracking stiffness was found to be increased by between 35 - 105% depending upon the
2.3. External strengthening using steel plates 14
type of adhesive used and the plate dimensions. For the jointed plate, there was evidence 
that separation of the lapping plate had started before failure of the main plate.
The features of this work became the subject of a more detailed programme of research 
at the TRRL (Macdonald, 1982; Macdonald and Calder, 1982), in which a series of RC 
beams of length 3500 mm were tested in four point bending. The beams were either 
plated as-cast or plated after being loaded to produce a maximum crack width of 0.1 mm. 
The effect of widening the plate whilst maintaining its cross-sectional area constant was 
studied.
It was found that the plated as-cast and pre-cracked beams gave similar load/deflection 
curves, demonstrating the effectiveness of external plating for strengthening purposes. 
Wider plates with higher b/t ratios resulted in reduced member stiffness compared to 
narrower plates. The addition of plates produced an average increase in the maximum 
load carried of 40% for both as-cast and pre-cracked beams, with lower values obtained 
using wider plates. Average increases of flexural stiffness of 190% for as-cast and 250% 
for pre-cracked beams were obtained. Two fundamental failure modes were observed; 
internal and external steel yield, obtained with b/t ratios of 142 and 57, which was soft 
and progressive, and horizontal shear failure in the concrete causing plate separation, 
which resulted from the use of plates with b/t ratios of 12 and 8. An intermediate plate 
aspect ratio of 24 gave a similar number of failures of each mode. To combine the 
maximum increase in ultimate load with a progressive soft failure, a b/t ratio of about 60 
was therefore recommended as optimal. Both beam sizes showed that fully composite 
action could be achieved with epoxy-bonded steel plates.
One of the beams tested was strengthened with a plate only partially bonded over a 
distance of 250 mm at each end. The gains in strength and stiffness were comparable to 
that of a fully bonded plate. However, the pattern of cracking was similar to that of an 
unplated beam, since there was no redistribution of concrete strains in the unbonded 
length.
23.2.2 University o f Sheffield
An extensive programme of research work carried out at the University of Sheffield 
since the late 1970's has highlighted a number of effects of external, epoxy-bonded steel 
plates on the serviceability and ultimate load behaviour of RC beams. A brief summary 
of some of the research findings is presented by Jones and Swamy, 1995.
Jones et al., 1980 carried out tests on plain concrete beams of lengths 710 mm and 1200 
mm, strengthened with epoxy-bonded steel plates. Further tests on plated RC beams 
1200 mm in length were also performed. In these tests, plates of thickness 1.0 mm or 1.6 
mm were used, and the effects of glue thickness, plate lapping and multiple plates were
2.3. External strengthening using steel plates 15
investigated. In a further study, Jones et al, 1982 investigated the strength and 
deformation characteristics of eight under- and over-reinforced concrete beams of length 
2500 mm, strengthened with steel plates of thicknesses 1.5 - 10.0 mm.
Jones and Swamy, 1984 report three point loading tests on steel plated RC beams 1200 
mm long, in which the parameters studied were the plate area, the effects of multiple or 
lapped plates, and cracking prior to plating. Jones et al, 1985 performed tests on RC 
beams in which two shear span/effective depth ratios of 1.63 and 5.0 were examined. 
Steel plates 1.5 mm or 3.0 mm in thickness were used for strengthening. Swamy et al, 
1987 present test data on the structural behaviour of plated RC beams of length 2500 
mm, in which the main parameters investigated were the plate and glue thickness, and 
the use of lapped and layered plates.
Many common observations on plated beam behaviour in flexure were drawn from these 
test programmes. Flexural stiffness at all load levels was substantially increased, with 
consequent reductions in deflection under a given load. The net effect o f the reduced 
structural deformations was that the serviceability loads were also substantially 
increased. By careful selection of the plate dimensions, the ultimate flexural capacity and 
the ductility to failure could be increased over an unplated control specimen. Strain 
measurements through the depth of the section indicated that plane sections remained 
plane throughout the range of loading, and that composite action was attained between 
the external plate and the original RC beam. The proviso to this is that an appropriate b/t 
ratio must be used and adequate precautions taken during the bonding operation. When 
failure occurred in flexure by yielding of the external plate, the ultimate load at which 
this occurred was satisfactorily predicted by current RC design procedures.
The increased flexural stiffness produced by the addition of the external plate resulted in 
reduced reinforcing bar strains for a given load. Indeed, it was found that the stiffening 
effect was more influential in reducing internal reinforcement strains than overall 
deflections; this is significant from a structural point of view since these strains control 
the widths of cracks in concrete. It was concluded that the structural effect of bonded 
plates in terms of reinforcement strain reduction was much greater than if  the reinforcing 
bar area had been increased by an area equivalent to that of the external plate. Although 
this is to be expected because of the increased lever arm of the plate, it emphasises the 
contribution in composite action from the adhesive, plate and concrete to member 
stiffness and in resisting crack growth. Lapping of the plates and variable adhesive 
thickness along the bondline were all found to have no adverse effect on the structural 
behaviour of the beams. For over-reinforced beams plated in the compression zone, 
failure occurred in compression with upwards buckling of the plate. Adhesive thickness 
was found to have little effect on structural behaviour. A thickness of between 1.0 - 1.5
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A detailed study into the effects of external plating on the cracking behaviour of the 
beams tested by Swamy et al., 1987 is given by Jones et al., 1986. It was observed that 
crack development was delayed and the mean crack height was reduced by the use of 
steel plates. In addition, the number of cracks developed and their ultimate spacing was 
found to be relatively insensitive to the application of steel plates, as noted by Jones et 
al., 1982. Both the mean and maximum crack widths under the action of a given load 
were considerably reduced by plating, even for beams loaded to 50% of their ultimate 
strength before plating. Proposals were made for the calculation of the mean crack width 
based on the observation that the crack widths were proportional to the tensile strain in 
the concrete at the level of the internal reinforcement. It was suggested that, at a given 
load, the maximum crack width was 1.82 x the mean crack width. This relationship was 
found to give better agreement with the experimental results than design equations to 
either British or American Codes of Practice.
Increasing the plate area was found to increase the beams flexural stiffness and 
serviceability load, and reduce cracking. A proportional increase in the ultimate load was 
also noted, although this reached a limiting value as the plate thickness increased due to 
a change in failure mode from flexural, in which yielding of the external plate preceded 
crushing of the concrete, to sudden, brittle plate separation with the concrete cover being 
ripped off to the level of the internal reinforcement over varying lengths. This was 
always initiated by a shear crack at the end of the plate. In these cases, full flexural 
strength was not achieved and ductility to failure was reduced. This mode of failure was 
observed for plates of low b/t ratios and also for beams tested with a low shear span/ 
effective depth ratio (a^/d). It was therefore recommended that, to ensure a ductile mode 
of failure, the plate b/t ratio should not be less than 50. It was also noted that this 
transition from a ductile, flexural failure to brittle plate separation appeared to occur for 
neutral axis depth factors x/d of between 0.39 - 0.47. A limiting value of 0.4 was thus 
also suggested as a design criterion for plated beams.
In agreement with Macdonald, 1982, Jones et al , 1980 and Swamy et al , 1987 found 
that pre-cracking prior to plating appeared to have little or no adverse effect on 
subsequent structural behaviour. The effects of plating damaged beams was the subject 
of a detailed study by Swamy et al , 1989, in which beams of length 2500 mm were 
loaded to either 30,50, or 70% of their unplated flexural capacity then plated either after 
unloading or whilst maintained under load. All beams were strengthened with a 1.5 mm 
thick steel plate of b/t = 83.
In all cases, failure occurred by concrete crushing after the external plate had begun to 
yield. It was found that the plated beams were restored to stiffness and strength values
m m  w a s  r e c o m m e n d e d  as appropriate.
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superior to those of the original unplated beam, despite the extensive cracking induced 
by the pre-loading. The flexural behaviour of the damaged beams which were plated 
after unloading was, in general, very similar to that of a plated control beam which had 
not been cracked prior to plating, demonstrating the effectiveness of the plating 
operation. As well as increasing the basic member stiffness and strength, external plates 
were able to restrain the widening of tensile cracks and allow a high stress transfer 
between cracks, resulting in an improved performance of the concrete in the tension zone 
and helping to preserve the member stiffness. The restraining effect of the plate on 
existing cracks was found to be more pronounced when the load was increased beyond 
its original pre-loading value.
Plating damaged beams while under load was also found to be structurally efficient, the 
plate becoming active as the load increased above its pre-load value, restoring the 
member to stiffness and strength conditions better than those of the original unplated 
beam. Ultimate strengths developed were comparable to the plated control. All the 
beams showed similar or higher ductility at failure than that of the control, unplated or 
plated. Composite action was found to be maintained up to failure, and it was shown that 
conventional failure theories could satisfactorily predict the ultimate flexural strength of 
the structurally damaged members. It was concluded that strengthening damaged beams 
was an efficient and reliable technique which could be applied satisfactorily when the 
beams are damaged and remain under load during plating.
The effect on structural performance of varying the stiffness of the hardened adhesive 
has been studied at the TRRL and the University of Sheffield. Macdonald, 1982 
concluded that overall performance appeared unaffected by adhesive stiffness, although 
the use of a stiff adhesive increased the load to cause visible cracking and produced a 
greater number of cracks at a closer spacing in comparison to the use of a more flexible 
adhesive. Jones et al., 1985 found that adhesives of widely differing stiffnesses gave 
satisfactory performance at service and ultimate loads. The use of a stiffer adhesive was 
found to be more effective at reducing deformations and crack widths. However, a 
flexible adhesive which does not crack before failure has the advantage of contributing 
to the structural resistance of the member. It was concluded that when strengthening to 
satisfy serviceability conditions, stiffer adhesives are more effective, and when 
strengthening for ultimate load conditions, flexible adhesives are more suitable.
If structures could remain open during the plate bonding operation, considerable savings 
in time and inconvenience could be achieved in comparison to other strengthening 
techniques. Macdonald, 1981 found that a more flexible adhesive was better able to 
withstand movement during cure than a stiffer material. The adhesives were compared 
by subjecting single-lap shear specimens to cyclic loading starting as soon as the
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adhesive was placed. After several days the specimens were tested to failure. It was 
found that the stiffer adhesive suffered a shear strength loss of 16%, whereas the flexible 
adhesive did not. Swamy and Jones, 1980 present some preliminary test data on the 
influence of cyclic loading applied immediately after plating of pre-cracked RC beams 
2000 mm long with steel plates 1.0 mm thick, and continued during hardening of the 1.5 
mm thick adhesive bondline. Details concerning the type of adhesive used are not given. 
After cycling for between 7 - 1 0  hours, the beams were tested to failure. In all cases, the 
plate remained intact, suggesting that no deleterious effects on ultimate flexural strength 
are produced when beams are subjected to cyclic loading during cure.
2.3.2.3 Other investigations
Johnson and Tait, 1981 report tests on RC beams externally strengthened with full-width 
epoxy-bonded steel plates 3.0 mm thick (b/t = 42). Using a cantilever arrangement, the 
beams were subjected to combined bending, shear and axial tension. The position of the 
point of termination of the plate in the shear span, the effect of tapering the plate in 
thickness over the end 50 mm, and the effect of adhesive thickness were studied.
Although yielding of the external plate was achieved in several cases, premature failure 
was also observed, initiating at the plate end and extending along either a surface within 
the concrete adjacent to the adhesive, or at the level of the internal tensile reinforcement. 
These failures occurred at loads of about half the expected shear strengths of the section. 
It was found that yielding of the external plate occurred before premature failure for the 
cases where the plate covered 80% or 90% of the shear span length. When the plate was 
terminated 50% or 70% along the shear span, failure occurred prematurely, initiating at 
the plate ends. A tentative design recommendation was thus proposed whereby the plate 
should extend over at least 80% of the region in tension. There was found to be a slight 
advantage in tapering the end of the plate, although this was not quantified. In addition, 
the results concerning the effect of adhesive thickness were inconclusive.
The steel plate strengthening of existing structures has also been investigated in 
Switzerland at the Swiss Federal Laboratories for Material Testing and Research 
(EMPA) (Ladner and Weder, 1981). Bending tests were carried out on RC beams 3700 
mm in length, supported with a clear span of 2000 mm to investigate the anchorage 
length. The effects of varying the plate width-to-thickness (b/t) ratio was studied whilst 
maintaining the plate cross-sectional area constant. The beam supports were not in 
contact with the external plate which continued beyond for a distance such that the 
bonded area was the same for each plate width considered at 48,000 mm2. The external 
plate was not bonded to the concrete beam except in these anchorage areas beyond the 
supports. The test results clearly showed that thin wide plating was more effective than 
thick narrow plating, as noted in studies conducted in the UK. The effective anchorage
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length la which allowed the plate to reach yielding before shear failure adjacent to the 
bonded areas was found to be inversely proportional to the b/t ratio. Therefore, as b/t 
increased (wide, thin plates), the anchorage length decreased.
A further test was then carried out on a T-beam 6000 mm long which was flexurally 
strengthened on its tension face and which also had external shear stirrups bonded to the 
beam sides. The external steel plate was found to be beneficial in terms of controlling 
crack formation and width, the beam ultimately failing in compression after the external 
plate had reached yield. The beam was found to behave in the same way as a 
conventional RC beam.
The behaviour of butt joints in steel plates under load was also investigated. Pure tensile 
tests were carried out where steel plates of various dimensions were bonded in butt joint 
formation to concrete blocks. The butt joint was covered by a lapping plate of various 
lengths. It was found that part of the tensile force was transmitted by the concrete and not 
by the lapping plate over the butt joint. The proportion of the force taken by the concrete 
increased as the length of the lapping plate decreased, the configuration becoming 
progressively less effective. These results were applied to three RC beams of rectangular 
section and length 3700 mm. The beams were externally strengthened on their tension 
face with a steel plate butt jointed at midspan and covered with a lapping plate 200 mm 
in length. Two beams were statically loaded to failure in four point bending; in both 
cases, the cause of failure was the detachment of the lapping plate from the external 
plate. High peak shear stresses were found to occur at the ends of the lapping plate. Such 
an observation was also made by Macdonald, 1978.
Van Gemert, 1981 reports tests on four T-beams 4300 mm long, three of which were 
externally reinforced by a steel plate epoxy-bonded to the tension face of the web and 
with additional steel strips bonded to the web sides as shear reinforcement. It was found 
that these external stirrups increased the ultimate load and altered the crack patterns 
significantly, although the individual effects of the external reinforcements are hard to 
ascertain since a plated beam without additional stirrups does not appear to have been 
tested. Narrowly spaced stirrups were found to be more beneficial in bridging shear 
cracks.
Hussain et al, 1995 considered the effect of plating damaged RC beams. Beams of 
length 1250 mm were pre-loaded to 85% of their ultimate capacity, then unloaded and 
repaired with steel plates of thickness 1.0 - 3.0 mm, b/t ratios 100 - 30. In agreement 
with other studies noted above, it was found that repairing the beams after pre-loading 
was an effective method of restoring stiffness and strength to values well in excess of the 
original unplated member, provided plates of suitable dimensions are selected. The 
ductility of the repaired beams was observed to decrease dramatically as the plate
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thickness increased. Whilst beams with a 1.0 mm thick plate failed in flexure due to 
yielding of the plate, this was found to change to combined flexure and shear as the plate 
thickness was increased to 1.5 mm, b/t = 66, for which the highest ultimate load was 
achieved. Plates thicker than this failed purely by plate separation. This observation 
regarding the importance of the plate aspect ratio on the ultimate behaviour supports that 
of Macdonald, 1982, who suggested that an optimum value of b/t is 60, and of Swamy et 
al., 1987, who recommended the use of a b/t ratio of not less than 50.
Basunbul et al, 1990 present a comparison between repair methods for RC beams 
subjected to different levels of cracking on the basis of the performance of 1250 mm 
long beams in four point load tests. Epoxy injection, ferro-cement and a combination of 
these methods were studied, in addition to epoxy-bonded steel plates. The beams 
strengthened by plate bonding exhibited higher flexural strength than the original beam, 
but significantly reduced ductility due to premature failure modes. It was concluded that, 
although structural integrity could be enhanced, the repair would not render the member 
durable since the cracks in the concrete remain open, allowing ingress of aggressive 
substances. A combined repair technique incorporating epoxy injection was therefore 
advocated by the authors.
2.3.2.4 Open sandwich construction
This project is concerned with the use of external plating to strengthen existing 
structures. However, an application which is similar in nature is that of steel/concrete 
open sandwich construction, in which a concrete core is cast against a steel plate, which 
acts as the form, the necessary shear connection being provided by an epoxy resin 
adhesive. This is a natural progression from the steel/concrete/steel sandwich 
construction appraised by Solomon et al., 1976, which was found to carry only low stress 
in the top plate. Mays and Vardy, 1982; Mays et al., 1983, and Mays and Hutchinson, 
1992 describe the development of open sandwich construction, and discuss the technical 
advantages and cost savings associated from its use, which emanate from reductions in 
member weight and labour costs. Ong, 1981; Ong et al, 1982, and Hamoush and 
Ahmad, 1990a have demonstrated that such members can behave satisfactorily in static 
flexural tests, giving adequate strengths and ductilities due to yielding of the steel plate.
2.3.3 Plate separation and anchorage
In the previous section it was noted that the ultimate behaviour of steel plated RC beams 
appears to be closely related to the geometry of the plate cross-section. For thin plates, 
failure usually occurs in flexure. However, if the plate aspect ratio falls below a certain 
value, separation of the plate from the beam can occur, initiating from the plate end and 
resulting in ripping off of the concrete cover. These observations are consistent with the 
fact that simple elastic interface stresses are inversely proportional to the plate width.
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Consequently, as the plate width decreases, the interface stresses increase. In addition, 
the bending stiffness of the plate increases, thereby increasing the peeling stresses 
normal to the beam.
However, the levels of stress at the plate ends are thought to be well in excess of those 
due to simple elastic considerations (Macdonald, 1982). Concentrations of shear and 
normal stress arise at the plate ends of beams subjected to flexure as a result of stiffness 
incompatibility between the plate and concrete, which can only be accommodated by 
severe distortion of the adhesive layer. The sudden transition from the basic unplated 
member to the plate reinforced member is usually situated in a region of high shear and 
low, but rapidly changing bending moment. The rapidly changing bending moment and 
distortion in the adhesive layer causes a rapid build up of axial force at the end of the 
external plate; this induces high bond stresses on the adhesive/plate and adhesive/ 
concrete interfaces which may reach critical levels, thereby initiating failure. The 
magnitude of these plate end stresses for externally strengthened beams depends on the 
geometry of the plate reinforcement, the engineering properties of the adhesive and the 
shear strength of the original concrete beam (Swamy and Mukhopadhyaya, 1995). The 
existence of peak peeling and shear stresses at the plate end, in addition to bending 
stresses, results in a biaxial tensile stress state which forces the crack initiated at the plate 
end to extend horizontally at the level of the internal steel.
When failure occurs in this way, the use of a more flexible adhesive is advantageous, 
since the region over which the tensile strain builds up in the external plate is extended, 
thereby resulting in a lower peak stress. This has been verified experimentally by Jones 
et al., 1985, where beams strengthened using an adhesive with an elastic modulus of 
around 1.0 x 103 N/mm2 gave slightly improved strengths when failure occurred by plate 
separation than an adhesive with a modulus of around 10 x 103 N/mm2.
Horizontal tearing of the cover is highly brittle and can occur at loads and ductilities 
considerably lower than if the flexural capacity of the member had been achieved. 
Baluch et al., 1995 reviewed experimental evidence on this mode of failure from beams 
tested by various authors. It was found that the ultimate load of beams failing in this way 
may also be overestimated by the ACI expression for the shear strength of unplated RC 
beams. This is accounted for by the fact that the crack patterns render the included shear 
links redundant. Based on the results of others, it was found that the efficiency of the 
links decayed exponentially with the normal stress, <j0, calculated at the plate end using 
the approximate approach of Roberts, 1989. Consequently, the ultimate strength of the 
beams also decreased as o“0 increased. For low values of cr©, flexural failure can be 
achieved since shear cracking patterns remain similar to that of an unplated beam, 
enabling a sufficient number of links to be utilised. However, as c 0 increases, the extent
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of horizontal cracking increases at the level of the internal steel, and thus the ACI model, 
which assumes cracks at 45° cannot be used. The peel stress should therefore be kept 
small enough in the design of plated systems to allow for greater shear link participation 
as shear cracks form.
The issue of plate end stresses is discussed in more detail in Chapter 8. However, since 
the structural benefits of external plating are enhanced by the use of larger, thicker plates, 
an alternative to limiting the area, or perhaps as a safeguard against separation, would be 
the provision of some form of plate end anchorage. Jones et al., 1988 present theoretical 
and experimental studies into the problem of anchorage at the ends of steel plates. A 
series of RC beams 2500 mm in length, strengthened with epoxy-bonded steel plates of
6.0 mm thickness were tested to investigate different plate end anchorage schemes. Four
6.0 mm diameter bolts at each end of the plate, which penetrated to a depth of 75 mm, 
were used in one configuration, whilst different sizes of angle plates, as shown below in 
Figure 2.1, were also tried, one of which covered the extent of the shear span. The results 
were compared with those of a beam plated with a single, unanchored steel plate of b/t 
ratio 21, which failed suddenly by plate separation at a load which was below that of the 
unplated control beam. It was found that the anchorage detail had no apparent effect on 
the deflection performance of the beams. The use of bolts did not prevent debonding, but 
complete separation was avoided and increases in strength up to 8% over the unplated 
beam were achieved. The bonded anchor plates were more effective, producing yielding 
of the tensile plates and allowing the full theoretical strength to be achieved, 36% above 
that of the unplated beam. Anchorage detail was also found to affect the ductility of the 
beams near the ultimate load. Unanchored, the beams failed suddenly with little or no 
ductility. The beams with bolts or anchor plates all had similar ductilities, at least as high 
as the unplated control.
Hussain et al, 1995 investigated the use of anchor bolts at the ends of steel plated beams, 
in an attempt to prevent brittle separation of the plate. In agreement with Jones et al, 
1988, the bolts, which were 15 mm in diameter and penetrated to half the depth of the 
beam, were found to considerably improve the ductility of the plated beams, but have 
only a marginal effect on the ultimate load. The percentage improvement in ductility due 
to the addition of bolts was found to decrease as the plate thickness increased. The end 
anchorages could not prevent premature failure of the beams, although in this case 
failure occurred as a result of diagonal shear cracks in the shear spans.
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Figure 2.1 Detail of anchor plates used by Jones et al., 1988.
2.3.4 Design considerations for external steel plating
In practice, plate bonding has four main stages; assessment, to determine the 
applicability of the technique based on the condition of the structure, design, installation 
and maintenance. The condition of the structure, especially that of the concrete cover 
should be thoroughly investigated. The considerations for design, whilst including the 
suitable strengthening of the structure to comply with design codes, also includes the 
selection of materials and the practicability of installation and subsequent maintenance. 
The Department of Transport has published guidance on external steel plating in the 
form of Advice Note BA 30/94, 1994, entitled ‘Strengthening of Concrete Highway 
Structures Using Externally Bonded Plates’. This document presents recommendations 
on the applicability of the technique, design, materials, surface preparation procedures, 
quality control, inspection and maintenance, and is based largely on the conclusions 
obtained from previous research work. Some of the requirements and procedures given 
in this document, as well as additional recommendations proposed by other workers are 
discussed in Appendix 1. While the basic design procedures are likely to be similar for 
FRP plating, some of the detailing considerations are rendered unnecessary when steel is 
replaced by FRP.
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The first recorded use of bonded steel plates as additional external reinforcement 
occurred in 1964, where concrete beams in an apartment complex in Durban, South 
Africa were strengthened following the omission of the reinforcing steel during 
construction (Dussek, 1980). Since then, the technique has been used to strengthen a 
variety of existing structures, not only in tension but also in compression and shear. Field 
applications are reported in Belgium (Van Gemert, 1981), France (Bresson, 1971a and 
1972), Switzerland (Hugenschmidt, 1975; Ladner and Weder, 1981), Poland (Rybak, 
1981), the USSR, South Africa (Fleming and King, 1967), Japan (lino and Otokawa, 
1981) and the UK. A summary of known major UK applications of externally bonded 
steel plate reinforcement for the strengthening of concrete structures is given by Mays 
and Hutchinson, 1988. A discussion of some of these applications is given in Appendix 
2.
2*4 E x te r n a l p la t in g  u s in g  c o m p o s it e  m a t e r ia ls
2.4.1 Introduction
The in situ rehabilitation or upgrading of RC beams using bonded steel plates has been 
proven in the field to control flexural deformations and crack widths, and to increase the 
load-carrying capacity of the member under service or ultimate conditions. It is 
recognised to be an effective, convenient and economic method of improving structural 
performance. However, although the technique has been shown to be successful in 
practice, it also has disadvantages. Since the plates are not protected by the concrete in 
the same way as the internal reinforcement, the possibility of corrosion exists which 
could adversely affect the bond strength, leading to failure of the strengthening system. 
Uncertainty remains regarding bond durability and the effects of corrosion. To minimise 
the possibility of corrosion, all chloride contaminated concrete should be removed prior 
to bonding and the plates must be subjected to careful surface preparation, storage, and 
the application of resistant priming systems. After installation, the integrity of the primer 
must be periodically checked, introducing a further maintenance task to the structure. 
The plates are generally prepared by gritblasting which, unless a minimum thickness of 
typically 6 mm is imposed, can cause distortion.
Steel plates are difficult to shape to fit complex profiles. In addition, the weight of the 
plates makes them difficult to transport and handle on site, particularly in areas of limited 
access, and can cause the dead weight of the structure to be increased significantly after 
installation. Elaborate and expensive falsework is required to maintain the steelwork in 
position during bonding. The plates are required to be delivered to site within flatness 
tolerances to prevent stresses being introduced normal to the bondline during cure. The
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weight of the plates and this flatness requirement generally restricts the maximum plate 
length to between 6 - 8 m. Since the spans requiring strengthening are often greater than 
this length, joints are required. Welding cannot be used in these cases since this would 
destroy the adhesive bond. Consequently, lapped butt joints have to be formed, adding 
further complications to the design of the system.
Studs are required to assist in supporting the steel plates during installation and under 
service loading conditions. This is especially true towards the ends of the plate where 
anchorages are required due to the high bending stiffness of the plate. The position of 
these studs must not coincide with the existing internal reinforcement, the location of 
which must therefore be established prior to bonding. This process can involve a 
considerable amount of site work. Finally, if the plates are loaded in compression, 
buckling may occur, causing the plates to become detached.
The processes involved in strengthening with steel plates can therefore be considered as 
relatively time-consuming and labour intensive. To overcome some of these 
shortcomings, it was proposed in the mid-1980's that fibre-reinforced polymer (FRP) 
plates could prove advantageous over steel in strengthening applications (Meier, 1987; 
Kaiser, 1989; Meier and Kaiser, 1991). Unlike steel, FRP's are unaffected by 
electrochemical deterioration and can resist the corrosive effects of acids, alkalies, salts 
and similar aggressive materials under a wide range of temperatures (Hollaway, 1993b). 
Consequently, corrosion resistant systems are not required, making preparation prior to 
bonding and maintenance after installation less arduous than for steel.
The reinforcing fibres can be introduced in a certain position, volume fraction and 
direction in the matrix to obtain maximum efficiency, allowing the composites to be 
tailor made to suit the required shape and specification. The resulting materials are non­
magnetic, non-conductive, and have high strength and stiffness in the fibre direction at a 
fraction of the weight of steel. They are consequently easier to transport and handle, 
require less falsework, can be used in areas of limited access, and do not add significant 
loads to the structure after installation. Continuous lengths of FRP can be easily 
produced which, because of its low bending stiffness, can be delivered to site in rolls. 
The inclusion of joints during installation is thus avoided. With the exception of glass 
fibre composites, FRP generally exhibits excellent fatigue and creep properties, and 
requires less energy per kg to produce and transport than metals. As a result of easier 
installation in comparison to steel, less disruption should be involved in the process, 
allowing faster, more economical strengthening.
The benefits of utilising FRP materials over steel in plate bonding applications are thus 
clear. The drawbacks are the intolerance to uneven bonding surfaces which may cause 
peeling of the plate, the possibility of brittle failure modes (Swamy and
2.4. External plating using composite materials 26
Mukhopadhyaya, 1995) and the material cost, since fibre composites are between 4 -2 0  
times as expensive as steel in terms of unit volume. However, in a rehabilitation project, 
where material costs rarely exceed 20% of the overall project cost, the installation 
savings can offset the higher material costs (Meier, 1992). Peshkam and Leeming, 1994 
have considered the commercial viability of FRP plate bonding for bridge strengthening. 
In a straight comparison with steel plate bonding for a typical application, despite the 
fact that material costs will be increased, labour and equipment costs will be reduced, 
construction times will be shorter and durability will be improved. It is shown that 2 kg 
of FRP could replace 47 kg of steel on an equal strength basis. The costs of installing 
both materials are shown to be similar; however, when traffic management, traffic delay 
and maintenance costs are included, the use of FRP provides a saving of 17.5% over 
steel. There are situations where steel plate bonding is not a viable option because of the 
extent of chloride contamination of the concrete. In such cases, the use of FRP may 
avoid the need for demolition and replacement. Peshkam and Leeming, 1994 present a 
cost comparison of bridge replacement against strengthening with FRP, in which 
possible savings of 40% are demonstrated.
The general versatility of composite materials makes them a viable alternative to steel 
plates in strengthening applications, resulting in both short- and long-term savings. 
Meier and Winistorfer, 1995 consider that for applications in which the possibility of 
corrosion is minimal and the length of the strengthening is less than 8 m, steel will 
remain the most favourable option. This is the case mainly in building construction, 
although plate thickness may be important from an aesthetic viewpoint. In applications 
where corrosion, length of the required strengthening and handling on site are of greater 
significance, for example bridge rehabilitation, fibre composites become a more 
attractive alternative.
Concerns have been expressed regarding the behaviour of FRP strengthened members 
when exposed to fire. A series of tests has been carried out at the EMPA in Switzerland 
in which the performance of steel and CFRP plated beams were compared when exposed 
to extreme high temperatures (Deuring, 1994). It was found that a steel plate became 
detached after a matter of minutes of exposure, whereas the CFRP laminates 
progressively lost cross-sectional area due to burning at the surface, causing a gradual 
loss of stiffness of the member, before final detachment after over an hour. This superior 
behaviour is a consequence of the low thermal conductivity of the composite. In 
addition, detachment of a heavy steel plate from a structure for any reason presents a far 
greater hazard than that of a lightweight FRP material. Aspects of the effects of fire on 
resin compounds are considered by Tabor, 1978, and Hollaway, 1993a.
Glass, aramid or carbon fibre composites may be considered for strengthening
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applications. With particular regard to plate bonding, a comparison of the important 
characteristics of FRP produced from these three fibre types is shown in Table 2.1, in 
which the fibre volume fraction is typically around 65% and the fibres are 
unidirectionally aligned.
T able 2.1 Comparison of characteristics of FRP sheets produced from different fibres 
(Meier, 1995).
Characteristic Carbon Aramid E-glass
Tensile strength Very good Very good Very good
Compressive strength Very good Inadequate Good
Stiffness Very good Good Adequate
Long-term behaviour Very good Good Adequate
Fatigue behaviour Excellent Good Adequate
Bulk density Good Excellent Adequate
Alkaline resistance Very good Good Inadequate
Cost Adequate Adequate Very good
In common usage, glass is the most popular reinforcing fibre since it is economical to 
produce and widely available. However, concern exists regarding the durability of 
composites composed of glass fibres, especially for structural uses involving concrete, as 
discussed later in Chapter 6. Carbon fibres exhibit better resistance to moisture, solvents, 
bases and weak acids, and can withstand direct contact with concrete (Santoh et al., 
1993). Composite materials produced from them are light in weight, with strengths 
higher than steel and stiffnesses higher than either glass or aramid composites. For 
example, laminates fabricated from glass fibre must be 4 - 10 times thicker than CFRP 
laminates to achieve the same tensile stiffness. CFRP has excellent fatigue properties and 
a very low (or even negative) linear thermal coefficient of expansion in the fibre 
direction. When subjected to compression, Deuring, 1993 has shown that CFRP sheets 
exhibit superior bond to concrete than either steel or other composite materials. Quality 
assurance can be performed by infrared inspection in the field if CFRP laminates are 
used; this is not possible with steel plates. This non-destructive testing method relies on 
changes in thermal conductivity caused by flaws or damage. The laminate is heated with 
a flash lamp and sensors in the infrared camera detect the heat that is absorbed and re­
radiated from the surface. This allows fast and accurate judgement on the quality of the 
strengthening work.
Despite the higher cost, carbon composites appear to provide the best characteristics for 
structural strengthening.
2.4.2 Review of experimental work
Fibre-reinforced materials for flexural strengthening have been utilised in either a
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prestressed or non-prestressed form at the time of bonding. Investigations into the use of 
prestressed FRP plates is considered in Chapter 5. The following section reviews, on a 
geographical basis, experimental work reported to investigate the flexural strengthening 
of RC members using non-prestressed FRP plates. These studies have utilised fibrous 
materials in various forms, including pultruded plates, pre-cured prepreg plates, prepreg 
sheets or tapes cold laminated in place, and dry fibre sheets impregnated at the time of 
bonding. A collection of some of the most recent research into FRP strengthening has 
been edited by Taerwe, 1995.
2 .4 .2 .1  E u rop e
Research work on the use of FRP materials as a replacement for steel in plate bonding 
applications was pioneered at the EMPA in Switzerland. Four point loading tests were 
initially performed on RC beams 2000 mm (Meier, 1987; Kaiser, 1989) or 7000 mm 
(Ladner et al, 1990) in length. Strengthening was achieved through the use of pultruded 
carbon fibre/epoxy laminates up to 1.0 mm thick bonded with the same epoxy adhesives 
used in earlier steel plating work (Ladner and Weder, 1981). For the 2000 mm length 
beams, the ultimate load was almost doubled over the unplated control beam, although 
these beams were designed with a low proportion of internal steel, and hence the strength 
of the unplated beam was low. In the case of the 7000 mm length beam, strengthened 
with a 1.0 mm CFRP laminate, the increase in the ultimate load was about 22% (Ladner 
and Holtgreve, 1989). However, for both beam lengths the ultimate deflection was 
considerably reduced, although it was claimed that there was still sufficient rotation to 
predict impending failure.
The following failure modes were observed either individually or in combination in the 
tests carried out at the EMPA:
• Sudden, explosive, tensile failure of the CFRP laminates.
• Compressive failure in the concrete.
• Slow, continuous peeling of the laminate during loading resulting from an uneven 
concrete bond surface.
• Sudden peeling of the laminate during loading due to relative vertical displacement 
across a shear crack in the concrete.
• Horizontal shearing of the concrete in the tensile zone.
• Interlaminar shear within the CFRP sheet.
The CFRP plate was found to reduce the total width of cracks and produce a more even 
crack distribution over the length of the beam (Meier and Kaiser, 1991). Meier et al, 
1992 recommended that in strengthening applications, the external CFRP should fail in 
tension after yielding of the internal steel but before failure of the concrete in the
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compressive zone, since this should ensure a ductile failure mode.
Deblois et al. , 1992 investigated the application of unidirectional and bidirectional 
GFRP sheets for flexural strengthening. A series of RC beams 1000 mm long were tested 
after strengthening. The use of bidirectional sheets increased the ultimate load by up to 
34%, whereas unidirectional GFRP resulted in an increase of only 18%. The additional 
bonding of bidirectional GFRP to the sides of the beam increased the load carried with 
unidirectional sheets to 58%. To further the programme of study, Deblois et al., 1992 
epoxy-bonded a bidirectional GFRP sheet to the soffit of a 4100 mm long RC beam. 
Bolts were also used as additional anchorage at the plate ends. The maximum load 
increased by 66% over the unplated control beam. It was noted that for all tests the 
application of GFRP reduced the ductility of the beam.
Research into external FRP plating has been conducted at Oxford Brookes University 
(Hutchinson and Rahimi, 1993). The effect of various plate-end geometries on the stress 
concentrations at the plate ends was of primary interest in this investigation, for which 
RC beams 2300 mm in length were used. Two beams were pre-loaded to 80% of their 
ultimate strength before plating to cause cracking of the concrete and yielding of the 
steel reinforcement. Unidirectional carbon fibre/epoxy prepreg tape of total thickness 
0.78 mm was used for the plating, with the various plate end geometries, tapering in 
either plan or section, cut whilst the composite was in the uncured state. Several different 
two-part cold-cure epoxy adhesives were evaluated using a modified Boeing wedge 
cleavage test, of which no detail is given, developed to measure adhesion to concrete 
surfaces. The adhesive selected as most suitable was Sikadur 31 PBA, an epoxy which 
has been used in both steel and FRP plate bonding applications in Switzerland (Meier 
and Kaiser, 1991) and in steel plating applications in the UK (Shaw, 1993).
It was found that the flexural performance of all strengthened beams was significantly 
better than the unplated specimens, in terms of both strength and stiffness. The ultimate 
load-carrying capacity was increased by as much as 230%. The increased stiffness 
resulted in an increased load to first cracking, but a substantial decrease in ductility to 
failure. After first cracking, cracks grew progressively in number, covering most of the 
test span. Most of these were of hairline width even close to the ultimate load level. In all 
cases, failure was sudden and catastrophic, characterised by a shear crack running from 
the tensile zone towards the loading point and ripping off of the concrete cover along the 
line of the tensile reinforcement. This type of failure has been identified in steel plating 
work as described above. Tapering of the plate end in either plan or section appeared to 
have no effect on the flexural performance or failure mode for the cases considered.
As with steel plates, the beams which had been pre-cracked before bonding had an 
equivalent performance to the other test beams, indicating the effectiveness of the plate
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bonding technique for repair. The load/deflection behaviour was similar for all different 
plate configurations, except for those with laminates bonded to the full length of the 
beam, clamped by the reaction at the supports, which resulted in an increase in strength 
over the other plated beams. It was concluded that for these particular beams and plates 
the ultimate loading capacity of the system appeared to have been reached, being 
governed by the shear capacity of the concrete beams.
The tests at Oxford Brookes University have continued (Hutchinson and Rahimi, 1996), 
utilising both glass and carbon fibre/epoxy laminates of different thicknesses built up 
from prepreg tapes. Three internal steel reinforcement ratios have been examined. All 
beams with external reinforcement have performed significantly better that their 
unplated counterparts in terms of stiffness and strength. The use of GFRP was found to 
provide significant ductility and reasonable strength, whilst enhancements were greater 
with CFRP but at the expense of a loss of ductility. Greater enhancements were achieved 
with lower steel ratios.
A limited programme of experimental testing has been carried out at the University of 
Bologna (Arduini et al., 1994; Arduini et al, 1995) in which small-scale steel fibre 
reinforced concrete specimens of length 500 mm or 600 mm have been tested in three 
point bending after being strengthened with unidirectional aramid fibre/epoxy or glass 
fibre/epoxy composites of thicknesses between 2.0 - 5.0 mm. These small-scale tests 
were used to demonstrate that the load-carrying capacity of the basic unplated beam 
could be increased through external plating with FRP but that different failure modes, 
often brittle, were involved. It was noted that peeling and shear cracks at the plate ends 
were responsible for causing premature, brittle failure. The use of thicker FRP plates was 
found to increase the occurrence of peeling failure. Ductility was increased and peeling 
failure delayed through the use of plates bonded to the sides of the beams in the plate end 
regions; the effects were enhanced by coupling the side and soffit plates together, in 
which case failure was observed to occur by diagonal shearing at the highest attained 
loads.
In France, a programme of small-scale tests has also been carried out to study the effects 
of different adhesive and FRP combinations when used for external strengthening 
(Varastehpour and Hamelin, 1995). A series of plain concrete specimens 280 mm in 
length were tested to failure in four point bending after being strengthened with glass or 
carbon fibre/epoxy sheets bonded to both the tension and lateral faces of the specimen 
with one of four different epoxy or acrylic adhesives. The composite plate on the tension 
face was anchored by the reactions at the supports in all cases. Failure occurred either by 
FRP rupture, interface failure or by debonding of the plate from the concrete. In all cases 
the flexural and shear capacity of the beams was increased by plating, although this was
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found to be dependent on the choice of adhesive; in general, the epoxies performed better 
than the acrylics, the tests demonstrating that a rubber-toughened epoxy was superior.
2 .4 .2 .2  N orth  A m erica
During the late 1980's, a pilot study was carried out at the University of Arizona to 
establish the feasibility of post-strengthening concrete bridge beams with GFRP plates 
(Saadatmanesh and Ehsani, 1989 and 1990a). Selection of a suitable epoxy adhesive for 
plate bonding purposes was the main subject of investigation. Five RC beams 1675 mm 
in length were tested in four point bending to determine their static strength. None of the 
beams contained shear reinforcement, which resulted in premature failure in the first 
tests. To prevent shear cracks causing separation of the plate from the beam, external 
shear reinforcement was thus provided in the end regions by means of several large G- 
clamps. One beam was unplated, while the remainder were strengthened with a 6.0 mm 
thick GFRP plate bonded with one of four different types of two-part cold-cure epoxy 
with a wide range of strengths and ductilities.
It was found that the most flexible epoxy did not allow any measurable shear to be 
transferred between the plate and the beam, and no increase in the ultimate strength was 
achieved in comparison to the unplated control beam. For the most rigid epoxy, after the 
concrete had cracked in tension, the plate was observed to separate from the beam in a 
very brittle manner, again resulting in no increase in ultimate capacity. The beam 
strengthened using a relatively viscous rubber-toughened epoxy was found to perform 
best in the tests carried out. This beam was significantly stronger and stiffer than the 
unplated control beam. Substantial force developed in the plate indicated good shear 
transfer and composite action between the plate and the concrete beam. The cracks were 
found to be considerably smaller throughout the range of loading and distributed more 
evenly along the length of the beam. Failure occurred when a layer of concrete 
delaminated about 10 mm above the bondline, indicating satisfactory performance of the 
epoxy.
Following on from this initial study, a further experimental research project was 
undertaken at the University of Arizona (Saadatmanesh and Ehsani, 1990b and 1991). In 
this project, five rectangular beams and one T-beam were tested monotonically to failure 
in four point bending over a clear span of 4570 mm. All beams were strengthened with a 
GFRP plate 6.0 mm thick bonded to the concrete with the epoxy adhesive identified as 
most suitable for the application from the previous study. Three different reinforcement 
ratios were used for the tension steel in the beams. The majority of the beams were 
overdesigned for shear to prevent premature shear failure.
The tests indicated that significant increases in both the steel yield load and flexural 
strength could be achieved by bonding GFRP plates to the tension face of RC beams.
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The gain in the ultimate flexural strength was found to be more significant in beams with 
lower steel reinforcement ratios, as noted later by Hutchinson and Rahimi, 1996. In 
addition, plating reduced the crack size in the beams at all load levels. For several of the 
beams tested, failure occurred as a result of sudden shear failure of the concrete between 
the plate and internal steel reinforcement. The flexural stiffness was increased, although 
the ductility of the beams and curvature at failure were reduced by the addition of the 
GFRP plates.
Experimental research has also been carried out in the USA at Lehigh University 
(Ritchie et al., 1990 and 1991) using RC beams 2750 mm in length, overdesigned for 
shear. Plates utilizing glass, carbon and aramid were used in the investigation, covering 
the full width of the beams. Two beams externally reinforced with steel plates were also 
tested for comparison with those strengthened using FRP plates. The design of the 
strengthening systems was not aimed at producing comparable stiffness or strength using 
the different plating media. Therefore, only qualitative patterns could be observed. 
Several different adhesives, including epoxies and acrylics, were considered for use on 
this project. It was determined through pull-off tests using steel bolts bonded to concrete 
that a two-part, rubber-toughened epoxy would be most appropriate, in agreement with 
Saadatmanesh and Ehsani, 1990a and Meier, 1989.
In initial tests, failure was observed to occur as a result of cracks initiating at one end of 
the plate, proceeding up to the level of the internal steel, then continuing horizontally 
through the concrete at this level, as observed in other steel and FRP plating research 
work. Anchorage systems at the plate ends were thus introduced, initially using GFRP 
angles, similar to those used by Jones et al, 1988 for steel plates. This method was 
unsuccessful in changing the failure mode and was thus altered by bonding full-height 
GFRP plates to the sides of the beam at the plate ends and then connecting these to the 
soffit plate using GFRP angles. This was also found to be unsuccessful, as was replacing 
the longitudinal plate and end systems with angles bonded along the full length of the 
underside of the beam, extending above the level of the internal steel. The final method 
used was to extend the plates right up to the supports. This method was successful in 
increasing the load capacity but altered the failure mode in only one case. It was 
concluded that more detailed study into end anchorage systems was required.
All plated beams showed an increase in stiffness compared to the unplated case ranging 
from 17 - 99% over the working load range. Strength increases were similarly 
substantial, ranging from 19 - 99% at the serviceability limit, taken as the load causing a 
deflection of span/480, and from 28-97%  at the ultimate load, despite not developing 
full flexural capacity in many cases. Brittle failure and reduced ductility were observed 
in the majority of cases, although ultimate deflections corresponding to a span/deflection
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ratio of less than 100 were deemed to be satisfactory by the authors. Although a wide 
variety of plates were used with a wide range of properties, the crack patterns were found 
to develop similarly for all plated beams. Generally, there were more cracks at a closer 
spacing, more uniformly distributed and of narrower width than on the unstrengthened 
beams.
An experimental programme was undertaken by Chajes et al, 1994 at the University of 
Delaware, in which RC beams 1120 mm in length were loaded monotonically to failure 
in four point bending after the majority had been externally strengthened with composite 
fabric of either bidirectional woven aramid, E-glass or carbon fibre reinforcement. In 
each case, the fabrics had a tensile capacity close to the yield strength of the steel. 
Fabrics were used as an alternative to plates to exploit their ability to conform to 
irregular surface geometries, thus reducing the possibility of continuous peeling failures 
observed in testing at the EMPA. No shear reinforcement was provided in the beams. A  
variety of layers of each fabric were epoxy-bonded to the concrete. A set of three beams 
were also prepared and tested with twice the amount of internal steel reinforcement.
It was found that the mode of failure of the strengthened beams varied depending on the 
fabric used; those externally strengthened with E-glass and carbon fibres failed by tensile 
rupture of the fabric. The first aramid strengthened beam exhibited a fabric debonding 
mode of failure and consequently, for the remaining specimens, end tabs were included, 
bonded to the sides of the beam and enclosing the soffit reinforcement in the end regions. 
The extent of the end tabs in the shear spans is not clear from the publication, but their 
use prevented debonding, allowing failure of the concrete in compression to occur.
For each of the three fabric types used, increases in flexural strength similar to those 
found in the beams with additional steel reinforcement were achieved, in the range 34 - 
57%. The fabric reinforced beams also exhibited increases in flexural stiffness within the 
range 45 - 53%. Both of the failure modes observed were said to yield a reasonable 
amount of ductility, although this was around half of that obtained from the 
unstrengthened beams.
This programme of experimental work on small-scale specimens was continued, 
concentrating on CFRP as the external reinforcing medium (Chajes et al, 1995a). 
Increases in flexural and shear capacity of beams 1120 mm in length were examined 
when monotonically tested to failure in four point bending. These small-scale beams, 
which again had no internal shear reinforcement, were externally strengthened with a 
unidirectional CFRP tow sheet incrementally added to the basic control beam 
configuration. To evaluate the effect of composite shear reinforcement, a CFRP sheet 
was wrapped around the section; again, the extent of this reinforcement along the span is 
unclear. It was found that the capacity of the control beam was increased by 158% by
2.4. External plating using composite materials 34
adding a single CFRP sheet to the tensile face of the beam. Increases in the load to cause 
cracking of the concrete and yielding of the internal steel were also noted. Along with 
these increases in capacity was a 115% increase in stiffness, a change in failure mode 
from flexure to shear, and a decrease in ductility. By wrapping the beam with a CFRP 
sheet, shear failure was prevented and tensile failure of the composite occurred. Finally, 
by adding a second CFRP sheet to the tensile face, a 292% increase in capacity and a 
178% increase in stiffness was achieved.
The research carried out at the University of Delaware forms part of a wider study 
concerned with the possibility of rehabilitating deteriorated prestressed concrete box 
beam bridges using transversely bonded advanced composite materials (Chajes et al., 
1993; Finch et al., 1994; Chajes et al, 1995b; Chajes etal., 1996).
The US Navy is currently studying the possible use of external FRP plating for 
upgrading waterfront structures affected by reinforcement corrosion (Malvar et al, 
1995). Enhancements of both bending and shear strength are being considered through 
the use of unidirectional CFRP tow sheets. RC beams 1680 mm long have been tested in 
an experimental investigation, none of which contained shear reinforcement. Beams 
strengthened longitudinally demonstrated that the flexural strength could be significantly 
enhanced, but failure occurred, not surprisingly, in shear. When additional CFRP was 
added around the section over its full span, adhered to both sides and bottom to provide 
shear reinforcement and additional anchorage for the longitudinal CFRP sheets, 
sufficient shear strength was provided to revert to a bending failure in which the steel 
yielded, the concrete crushed then the CFRP material ruptured, although this occurred at 
a ductility which was somewhat less than that of the unplated control beam.
The feasibility of external strengthening of RC beams with carbon fibre prepreg 
laminates is being examined at the Florida Department of Transportation (Shahawy et 
al., 1996a). Beams 2744 mm long have been tested with either one, two or three layers of 
prepreg. The cracking and serviceability load, stiffness and strength of the beams were 
found to increase with the number of laminates; for three layers (0.6 mm thickness), a 
92% increase in strength was attained. The ultimate deflections decreased progressively 
with increasing number of laminates, although a span/deflection ratio of less than 100 
was achieved in all cases. The strengthened beams were also observed to have more 
closely spaced cracks than the unplated control. Compressive flexural failure was 
achieved for each laminated beam.
In addition to these rectangular beam tests, Shahawy and Beitelman, 1996 report tests on 
a series of four half-scale T-beams, 5790 mm long, strengthened with carbon fibre 
prepreg laminates. The strengthened beams all showed significantly higher stiffness and 
ultimate capacity than the basic member, the average measured ultimate strength being
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The concept of equivalent capacity has been examined at the Royal Military College of 
Canada (Heffeman and Erki, 1996). In this study, three 2000 mm length and two 5000 
mm length beams were used. Each beam size was reinforced with two steel 
reinforcement ratios. An amount of unidirectional carbon fibre/epoxy prepreg, calculated 
using an iterative analytical technique, was applied to the beams of lower reinforcement 
ratio such that the load to cause yielding of the steel was the same for the retrofitted and 
unplated beams of higher reinforcement ratio. This design concept is said to be 
applicable to cases where external strengthening is required because of insufficient or 
loss of internal steel to bring the structure up to the required strength and stiffness. It was 
found that the combination of internal steel and external CFRP produced overall stiffness 
throughout the serviceability range of loading which was very similar to that of the RC 
beam with an equivalent amount of internal steel reinforcement, and had the added 
benefit of causing an increase in the ultimate load-carrying capacity of the beam since 
the FRP continues to support tensile force after the internal steel has yielded. Cracks 
were also observed to remain of hairline width up to failure.
2 .4 .2 .3  O th er in v estig a tio n s
The technique of bonding GFRP plates to repair RC bridges has been studied in China 
(Shijie and Ruixian, 1993). Three epoxy adhesives were investigated in shear tests 
involving GFRP bonded to concrete. These specimens were tested after immersion in 
water at 60 °C for 24 hours as well as directly after curing to identify the most suitable 
adhesive for subsequent beam tests. Small-scale three point bending tests were also 
carried out, some of which involved bonding 500 mm long concrete specimens in pairs 
so that the glueline was initially at the neutral axis. This demonstrated that the adhesive 
chosen allowed composite action to be maintained across its thickness.
Four point bending tests on beams 4000 mm in length were then carried out using the 
most suitable adhesive. Strengthening was achieved with full-width GFRP plates of 
thickness between 1.5 - 8.0 mm which were anchored by extending underneath the 
support reactions, thereby preventing plate separation and causing failure to occur by 
crushing of the concrete in compression. The ultimate bending moment was found to 
increase by between 15 - 35% for the plated beams in comparison to an unplated control. 
Although the greatest improvements in strength and also ductility were achieved with the 
thicker plates, relatively little improvement was observed since failure was governed by 
the concrete strength. Crack width and propagation were observed to be reduced by 
plating.
Inoue et al., 1994 considered the strength and deformation characteristics of RC beams 
1700 mm in length strengthened with CFRP. In all cases, flexural failure was achieved
58% higher than the unplated control beam.
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with both the flexural rigidity and ultimate strength increased.
In India, ten RC beams 2400 mm long were tested in four point bending in a study of 
non-ferrous external reinforcement (Parmeswaran et a l 1993). Two of the beams were 
strengthened with steel plates, while the remainder, except one, which was tested as an 
unplated control, were strengthened with GFRP plates of thicknesses between 5.0 - 15.0 
mm, bonded with a two-part, cold-cure epoxy adhesive. One beam was pre-cracked prior 
to plate application, whilst another was provided with channel-shaped steel anchors 300 
mm long externally bonded at each end of the GFRP laminate.
The use of GFRP plates was found to delay the onset of cracking and increase the service 
load, defined as that causing a central beam deflection of span/330 or a crack width of 
0.2 mm, by 20 - 70% compared to the unplated results, the improvements increasing with 
plate thickness but being inferior to those achieved with steel plates. Increased flexural 
stiffness was also noted, as well as reduced ductility to failure. Ultimate loads showed an 
increase of between 30 - 60% over the unplated beam, with collapse occurring by 
longitudinal splitting of the cover concrete at the internal reinforcement level in the 
majority of cases. The beam for which the plate was anchored at its ends failed in 
compression at the highest achieved load. It was found that the increase of strength of 
FRP plated beams was comparable to that of steel plated beams for the same tensile 
capacity. Pre-cracking did not appear to significantly alter the performance of the plated 
beam, as noted by Hutchinson and Rahimi, 1993.
The repair of pre-cracked RC beams using epoxy-bonded GFRP plates has been 
experimentally investigated in Saudi Arabia (Sharif et al., 1994). Ten RC beams, 1250 
mm in length were used in the investigation; these were over-designed in shear by over 
200% in an attempt to avoid brittle shear failure at the enhanced plated beam strengths. 
GFRP was used as the strengthening medium, bonded to the concrete with a rubber- 
toughened epoxy resin, the adequacy of which was verified through double-lap shear 
tests using GFRP plates bonded to concrete; failure was found to occur within the 
concrete.
All beams were loaded in four point bending up to 10 mm central deflection before being 
unloaded and plated. This corresponded to 85% of the ultimate load of the unplated 
beam, and was sufficient to cause yielding of the internal steel. Various repair schemes 
were considered in which the plate thickness and method of plate end anchorage were 
varied. Three beams, for which the bonded plate was unanchored, were initially 
considered, with plate thicknesses of 1.0, 2.0 and 3.0 mm. In the subsequent group of 
two beams, plates 2.0 mm and 3.0 mm thick were anchored at their ends using steel bolts 
12 mm in diameter extending to 50% of the beam depth. Two further beams were 
anchored in this way but with additional FRP plates bonded to the beam sides in the
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shear spans. Finally, a 3.0 mm thick GFRP plate was manufactured in the form of an T  
and bonded not only to the beam soffit, but also to the sides in the shear span.
For the unanchored cases, it was found that the yield and ultimate loads of the repaired 
beams were increased relative to those of the unplated control beam, although the 
ductility was reduced. The mode of failure was found to be dependent on plate thickness. 
The thinnest plate failed in tension and produced the highest ductility, but, in the same 
way as steel, thicker plates resulted in premature plate separation at the level of the 
internal reinforcement, with failure initiating at the plate curtailment. The use of bolts 
eliminated plate separation, but failure occurred in these cases in shear with a large crack 
acting upwards from the plate end towards one of the load points. As a result, strength 
increases varied little from those of the unanchored cases. The addition of side plates was 
found to be useful for the 2.0 mm thick plate but not when the plate thickness was 
increased to 3.0 mm, when cracks propagated horizontally below the side plates. The ‘I’ 
plate provided the best anchorage solution for eliminating plate separation and allowing 
crushing of the concrete to govern failure.
A variation on the use of FRP materials in plate form for external strengthening has been 
proposed by Kolsch, 1995, in which layers of unidirectional carbon fibre fabric are 
embedded in a polymer modified mortar applied to the tension faces of beams and 
masonry walls. The textile fabric is pressed into the fresh mortar, the application of 
mortar and fabric being repeated until the required stiffness and strength of the 
composite layer is achieved. Tests on plain concrete beams upgraded in this way showed 
improvements in cracking and ultimate loads and also, not surprisingly, ductility in 
comparison to unstrengthened specimens. The method was found to be efficient for 
upgrading masonry walls on both faces and is proposed for reinforcing such members to 
satisfy seismic design criteria.
Swamy and Mukhopadhyaya, 1995 present a critical evaluation of the role and 
effectiveness of FRP plates for strengthening and upgrading of concrete structures. The 
need to ensure ductile, flexural failures is emphasised, although no indication of the 
actual amount of ductility which is necessary are suggested. It is claimed that there are 
many similarities in the structural response and failure patterns in flexure and shear 
whether the external plates are FRP or steel, and consequently the factors governing 
design are the same in both cases.
2 .4 .2 .4  F lexu ra l stren g th en in g  o f  s la b s
In addition to the flexural strengthening of RC beams using FRP materials, several 
investigations into the rehabilitation of slab elements are reported in the literature. 
Ichamasu et al., 1993a describe feasibility work on the use of CFRP plates or cloth for 
reducing the stress in the internal reinforcement of RC slabs of the Tokyo Metropolitan
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Expressway. Full size slabs 2500 x 2500 mm were tested after being loaded to cracking 
then strengthened from below. The load required to produce the maximum allowable 
stress in the internal reinforcement was found to be around 1.3 times that of the 
unstrengthened specimen, increasing with the area of CFRP provided. The design and 
application of the strengthening method to structures in service, in which CFRP cloth 
and unidirectional prepreg in strips 250 mm wide bonded in lattice form are used, is 
described in a second publication (Ichamasu et al., 1993b). The use of prepreg plates 
were found to be more convenient than using layers of cloth. The allowable stress in the 
external reinforcement was limited to 60% of its tensile strength.
Research into the feasibility of externally reinforcing continuous RC slab bridges in 
response to observed longitudinal cracking has been initiated in South Dakota (Iyer et 
al., 1989). To close the observed cracks, the possibility of bonding the external 
reinforcement whilst the beam is relieved of dead load is being examined. The use of 
both steel (Iyer et al, 1989) and CFRP plates (Iyer et al, 1988) is reported. Initial results 
on small-scale beams showed that the strains in the concrete and internal steel were 
considerably reduced by the introduction of external reinforcement, while the stiffness 
was increased and cracking was controlled. Photoelastic sheets were used to show that 
crack propagation was restricted by the external reinforcement.
The results of a series of tests on small-scale one-way and two-way RC slabs are 
presented by Erki and Heffeman, 1995. Eight slabs, 1000 x 1000 x 50 mm were used in 
the study, five of which were externally strengthened with sheets of unidirectional GFRP 
of thickness 0.5 mm or CFRP of thickness 0.17 mm in various orientations to the internal 
steel reinforcement. No shear reinforcement was included in the slabs which were 
subjected to a mid-span patch load, monotonically increased to failure. The FRP sheets 
were found to debond at high loads due to vertical deformation at shear cracks; the slabs 
ultimately failed by punching shear. Compared to control slabs, those strengthened with 
FRP showed marked increases in strength and flexural stiffness, the greatest 
enhancements being achieved through the use of CFRP.
Arockiasamy et al, 1995 examined the feasibility of the use of CFRP in the repair of 
severely damaged concrete bridge slabs. A solid, pre-tensioned slab of size 1219 x 4420 
mm and depth 305 mm was considered to represent a bridge deck. This was loaded in 
four point bending until failure by crushing at the mid-span was initiated. The load was 
then removed and the slab retrofitted with unidirectional carbon fibre/epoxy prepreg 
laminates epoxy-bonded to the soffit o f the slab. The slab was then tested to failure. It 
was found that retrofitting allowed an ultimate moment amounting to 90% of that of the 
basic slab to be achieved, indicating the significant contribution of the CFRP to flexural 
resistance, although the deflections and crack widths at the service and ultimate loads
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Shahawy et al, 1996b report a feasibility study to investigate the flexural behaviour of 
damaged pre-tensioned concrete slabs retrofitted with epoxy-bonded CFRP laminates. It 
was shown that the slabs were restored to stiffness and strength values nearly equal to or 
greater than those of the original undamaged slabs.
2.4.3 Applications of FRP strengthening
Of the applications of FRP strengthening reported in the literature, the majority occur in 
Switzerland where the concept was first proposed and developed. In these cases, which 
are considered in more detail by Meier, 1995, pultruded carbon fibre/epoxy laminates 
have been exclusively used. The first reported application was the repair in 1991 of the 
Ibach Bridge in the County of Lucerne, for which several prestressing tendons had been 
severed during the installation of traffic signals. The bridge was repaired with three 
CFRP sheets of dimensions 150 mm wide by 5000 mm long and of thickness 1.75 or 2.0 
mm. The total weight of the CFRP used was only 6.2 kg, compared with the 175 kg of 
steel which would have been required for the repair. In addition, all work was carried out 
from a mobile platform, eliminating the need for expensive scaffolding. A loading test 
with a 840 kN vehicle demonstrated that the rehabilitation work had been satisfactory.
The wooden bridge at Sins in Switzerland was strengthened in 1992 to meet increased 
traffic loading (Meier et al, 1993). Two of the most highly loaded cross-beams were 
strengthened using 1.0 mm thick CFRP laminates. The appearance of the historic 
structure was unaltered by the strengthening technique. Other CFRP strengthening 
applications in Switzerland include slab reinforcement around a newly installed lift shaft 
in The City Hall of Gossau St. Gall, the upgrading of a supermarket roof using laminates 
15.5 m in length to allow the removal of a supporting wall, ground floor strengthening of 
the Rail Terminal in Zurich, and the strengthening of a multi-storey car park in Flims. A 
chimney wall at the nuclear power plant in Leibstadt has also been post-strengthened for 
wind and seismic loading after the installation of ducts.
Rostasy et al, 1992 reports the use of GFRP plates at the working joints of the 
continuous, multispan box girder Kattenbusch Bridge in Germany to reduce fatigue 
stresses in the prestressing tendons and transverse cracking due to thermal restraint. A  
representative specimen of the joint was tested in the laboratory to verify the technique 
prior to field application. Ten joints required rehabilitation; eight of these were 
strengthened with steel plates 10 mm thick, while the remaining two utilised GFRP 
plates 30 mm thick to provide the same area stiffness as the steel plates. The installation 
of such plates, of which twenty were used at each joint, took place in 1987 and was 
found to reduce the stress amplitude at the joints by 36% and the crack widths by around 
50%.
were considerably higher for the retrofitted case.
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Greenfield, 1995 describes the application of composite strengthening in the United 
States, in which the integrity of a sewage treatment basin was restored with carbon fibre/ 
epoxy laminates 1.65 mm thick. The laminates were also used to relieve overstress in 
areas of the basin due to lack of reinforcing steel. The seismic retrofit of bridge columns 
in California using GFRP jackets has been reviewed by Priestley et al., 1992.
Nanni, 1995 discusses several field applications of externally bonded FRP reinforcement 
in Japan. These include the strengthening of a wing wall of the Hata Bridge to 
accommodate increased wind loading, the upgrading of the soffit of the Hiyoshikura 
Bridge deck, in which the tensile strains in the internal steel reinforcement were reduced 
by 30 - 40%, the repair of a waterfront pier at the Wakayama oil refinery, and the 
strengthening of the concrete lining of the Yoshino Route tunnels to prevent further 
cracking. In these applications, unidirectional carbon fibre sheets or prepregs have been 
used. The retrofit of tall chimneys in Japan using CFRP tapes and winding strands is 
described by Mufti et al, 1992, and Ballinger, 1993.
An existing roof structure at Kings College Hospital, South London has recently been 
strengthened using epoxy-bonded, 1.0 mm thick, 11m  long pultruded CFRP laminates 
(NCE, 1996b). An extra floor is to be added to the building such that the existing roof 
must be strengthened to meet new floor loadings. The installation took place quickly and 
conveniently, 2 kg of CFRP being used instead of 60 kg of steel.
There are thought to be over 200 examples of external strengthening using FRP in some 
form in existence worldwide on a range of different structures.
2.4.4 Summary
A review of the published literature on flexural strengthening using FRP materials shows 
that the majority of studies have been initiated around, or since, the start of this project, 
and many remain on-going. The worldwide level of interest in the technique reflects its 
potential benefits and also the current importance placed on economical rehabilitation 
and upgrading methods. Although the level of experience in the technique is limited, 
these investigations have gone some way to illustrating its potential and establishing a 
basic technical understanding of short-term behaviour. Despite the growing number of 
field applications, as Swamy and Mukhopadhyaya, 1995 point out, there remain many 
material and structural implications that need to be addressed, in particular with regard to 
long-term performance.
Particular note should be made of the ROBUST project, initiated under the UK 
Government’s LINK Structural Composites programme in May 1994 to investigate the 
technical and commercial viability of the use of carbon and glass fibre-reinforced 
polymer composites as an alternative to steel plates in bridge strengthening applications.
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The ROBUST project aims to address a range of short- and long-term issues, as well as 
theoretical evaluation of the system. The University of Surrey and Oxford Brookes 
University are the science partners of the project, while LG Mouchel and Partners Ltd. 
are the lead industrial organisation. Details of the project are given by Peshkam and 
Leeming, 1994, while some of the preliminary findings have been presented by Peshkam 
and Leeming, 1996; Garden et al., 1996, and Hutchinson and Rahimi, 1996.
The research carried out in the present study is concerned with the flexural strengthening 
of RC members using FRP materials. However, research is also reported in the literature 
regarding the shear strengthening of reinforced concrete using either externally applied 
steel plates (for example, Sharif et al., 1995; Oehlers and Ahmed, 1996) or composite 
plates or fabrics (Berset, 1992; Al-Sulaimani et ah, 1994; Chajes etal., 1995c).
2 .5  S u r f a c e  p r e p a r a t io n  o f  a d h e r e n d s
2.5.1 Introduction
The chemistry, topography and morphology of the adherend’s surface are all important 
factors in ensuring intimate interfacial contact with the adhesive and that strong, stable 
intrinsic adhesion forces are developed across the interface (Kinloch, 1987). Attaining 
such a receptive surface requires surface pretreatments. Adhesives can be encouraged to 
wet most adherends if their surfaces are suitably prepared. Basic pretreatment is attained 
through cleaning of the adherends to remove contaminants and weak surface layers. 
Ensuring the correct surface preparation is achieved is of great importance since the 
environmental stability of the adherend/adhesive interface and thus the durability of the 
bonded system is influenced greatly by the adherend surface pretreatment (Hutchinson, 
1986). Inadequate surface preparation is usually the main cause of durability problems 
and poor performance in service (Shaw, 1982).
The effects that various surface pretreatments have on the adhesion characteristics of 
different adhesive and adherend combinations has been studied extensively and reported 
in great detail by many workers. However, the underlying mechanisms which account 
for the effectiveness of any surface treatment represents a very complex and 
controversial issue. Although mechanical treatments often cause much obvious 
roughening of a surface, local interfacial stress concentrations may be created and 
entrapment of air may inhibit proper wetting (Kinloch, 1980; Wake, 1982).
The choice of pretreatments to be used depends upon the scale of the operation, the type 
of adherends and adhesive, the required durability and cost considerations. This section 
deals with relevant practical methods that may be employed to attain successful, durable 
bonding through surface treatment techniques in the context of FRP plate bonding.
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2 .5 .2 .1  In trod u ction
Polymer composite materials are often based on epoxy or polyester resins, and are 
therefore compatible with common adhesives. However, their surfaces are usually 
smooth and composed mainly of the cross-linked polymer matrix material. Surface 
energies tend to be low (Dukes and Kinloch, 1977), making wetting by an adhesive 
difficult unless treatment processes are employed. Although bonding may be achieved 
without surface preparation, the existence of contaminants, such as release agents, on the 
bond surface has been shown to significantly reduce joint strength (Parker and 
Waghome, 1982; Matienzo et al., 1985; Wingfield, 1993).
2 .5 .2 .2  S u rface p rep a ra tio n  tech n iq u es
Two of the most widely used preparation techniques for FRP materials are abrasion 
followed by solvent cleaning, and the peel ply method. Abrasion removes weak surface 
layers and contamination, and increases the apparent surface energy (Dukes and Kinloch, 
1977) and rate of spreading of the adhesive (Cheever, 1968). Although the degree of 
abrasion prior to bonding is known to affect subsequent bond strength and durability, 
there remains uncertainty concerning its actual effects on adhesion. Matienzo et al., 1985 
claimed that the subsequent strength of bonded FRP joints depends on the roughness of 
the surfaces and the level of contamination present. However, Pocius and Wenz, 1985 
concluded that ensuring a contamination-free surface is the factor of overwhelming 
importance, and that exaggerated surface roughness may reduce joint strength due to the 
entrapment of air. Heavy abrasion to expose the reinforcing fibres is recommended by 
Mays and Hutchinson, 1992.
Abrasion can be carried out by hand using Scotchbrite cloth, sand or silicone carbide 
(SiC) paper, or pumice (Hart-Smith et al., 1990). Althof, 1971, and Crane et al, 1976 
recommended the use of SiC paper followed by solvent cleaning for obtaining the 
highest strength joints, whereas Pocius and Wenz, 1985, and Matz, 1987 advocated 
treatment with Scotchbrite cloth followed by solvent wiping. Although convenient, these 
techniques can lead to non-uniform results, cause excessive damage, weaken the fibre 
reinforcement and result in operator fatigue. The use of Scotchbrite cloth is said to 
provide more uniform applied pressure to the surface being treated than other hand 
methods (Pocius and Wenz, 1985).
Gritblasting is an alternative abrasive technique. It can be applied to contoured surfaces 
but may cause loose grit handling problems if a recycling system is not used. It has also 
been found that even with low blast pressures and short treatment times, fibre damage is 
evident with most carbon and glass fibre-reinforced composites (Wingfield, 1993). The 
use of alumina as the blast media is advocated by Kinloch and Taig, 1987; Hart-Smith et
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al., 1990; Wingfield, 1993, and Parker and Waghome, 1982, who found it to remove 
contamination and surface resin more evenly than other abrasive treatments. Solid 
carbon dioxide pellets (cryoblast) or soda blasting, using a suspension of sodium 
bicarbonate in water, are possible alternative techniques.
Peel ply composites are adapted from the manufacture of multilayer laminates built up 
from glass or carbon fibre prepregs. The method was originally developed to keep the 
surface of the composite clean during storage. A peel ply is a layer of nylon or polyester 
fabric incorporated in the surface of the composite during its manufacture, which is 
stripped from the surface immediately prior to bonding to provide, in principle, a clean, 
textured surface. The success of this procedure is dependent on the clean removal of the 
peel ply without plucking of fibres from the composite matrix. As such, most peel plies 
are coated with a release agent to ensure that their removal does not damage the 
underlying plies. This can cause subsequent contamination problems after removal 
(Hart-Smith et al., 1984). Peel plies are easy to incorporate for relatively small, planar 
surfaces, but difficulties can be encountered on large or contoured surfaces.
Several workers have reported relatively low joint strengths when peel ply surface 
preparation has been utilised (Crane et al., 1976; Pocius and Wenz, 1985), especially in 
comparison to those prepared by mechanical abrasion. This has been attributed to the 
entrapment of air in the texture produced by the peel ply removal. Hart-Smith et al., 
1990, for example, have claimed that this can reduce the effective bond area by up to 
40%.
A range of chemical and energetic surface treatments have also been reported in the 
literature for the treatment of polymers (for example, Shields, 1985; Landrock, 1985; 
Hill, 1988; Petrie, 1989; Dillard, 1990), some of which have also been used for the 
preparation of FRP materials. These include electrical discharge treatment (Kodokian 
and Kinloch, 1988), plasma and flame treatments (Kaplan et at., 1988; Davies et al.,
1991), laser treatment and acid etching. Such techniques have generally been found to be 
inferior to mechanical methods in the attainment of high bond strengths (Matz, 1987; 
McNamara et al., 1992; Wingfield, 1993). They are also impractical for the application 
presently under consideration, being more suited to use in the aerospace industry. The 
use of peel ply materials, although apparently inferior to abrasive techniques in terms of 
the extent of contamination left on the bond surface and the possibility of air entrapment 
at the textured surface, provides a quick, simple and convenient system for on-site 
bonding operations, and is suited to the flat, uniform section plates used in external 
strengthening.
A review of the surface preparation methods employed by research groups considering 
external FRP strengthening shows that, where the procedures are stated, sanding
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followed by cleaning with either a solvent or a detergent appears to be the most popular 
method (Meier and Kaiser, 1991; Ritchie et al., 1991; Triantafillou et al., 1992; 
Varastehpour and Hamelin, 1995). Gritblasting with glass beads followed by solvent 
wiping was used by Chajes et al., 1996, whereas acid etching followed by neutralisation 
was utilised by Saadatmanesh and Ehsani, 1991. Hutchinson and Rahimi, 1993 are the 
only research group to report the use of peel ply for surface preparation of the FRP prior 
to bonding.
2.5.3 Surface preparation techniques for concrete
2 .5 .3 .1  In trod u ction
The surface strength of concrete in tension/shear plays a vital role in the performance of 
concrete/resin joints in structural applications. The adhesive bond potential of most 
epoxy and polyester systems is greater than the tensile strength of most concretes. 
However, to achieve this potential, it is necessary to treat the surface of the concrete prior 
to bonding to remove weak material and contamination. It is possible to have a concrete 
substrate which exhibits satisfactory cube strength but which has a low surface strength. 
This will give rise to problems in service if  the concrete surface is not adequately 
prepared to provide a clean, sound surface on to which the resin composition can be 
applied.
Currently little is known about optimising concrete surface treatment for adhesive 
bonding. Concrete is a fairly good adherend for bonding on account of its porosity, 
which provides an excellent mechanical key (Allen and Edwards, 1987). Adhesion is 
thought to rely partly upon mechanical interlock by penetration of the surface pores, and 
pardy on the physical forces of attraction to clean, high energy aggregate surfaces (Mays 
and Hutchinson, 1992). Preparation of concrete surfaces is difficult to assess and control 
since no specific standards or grades of treatment exist. Practical problems are also likely 
because of the scale and/or inaccessibility of the works.
Any material to which the resin will not adhere or which may become debonded from the 
surface following application must be removed. This generally implies removal of 
laitence until coarse aggregate particles are exposed. Cleaning of the concrete surface 
should follow, to remove abrasion products. The condition of the bond surface should 
then be assessed. Spalls, holes and other flaws should be repaired with a suitable 
material. The techniques of concrete repair are covered in specialist publications such as 
Allen and Edwards, 1987. The concrete surface may require further pretreatment after 
repair to produce a continuous, sound bonding area. Drying may be necessary before the 
adhesive is applied to the concrete surface.
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Full accounts of pretreatment procedures are given by the FeRFA, 1980; The Concrete 
Society, 1984, and Suprenant and Malisch, 1986. Preparation of concrete surfaces prior 
to the application of surface coatings is considered by Allen and Edwards, 1987, the 
general principles also being applicable to preparation for adhesive bonding.
Abrasive blasting is the principal means of surface preparation for concrete. The blast 
media, typically copper slag, is used at a working pressure of around 100 psi, and may be 
recycled under vacuum. Sandblasting is also widely used because it removes lower 
strength material without causing excessive damage to the stronger components. 
Although fast, aggressive blasting can result in numerous blowholes which may have to 
be filled prior to adhesive application.
In circumstances where abrasive blasting is impractical or undesirable, bush hammering 
or needlegun treatment may be considered. However, these techniques can loosen or 
crack aggregate particles below the prepared surface. Rotary wire brushing can give 
satisfactory results on small areas, although wire brushing by hand is considered 
inadequate (Tabor, 1978). Other alternative techniques include high pressure water or 
steam treatment, chemical etching with a solution of hydrochloric acid, which reacts 
with the alkaline constituents of the concrete to expose particles of aggregate (Sasse and 
Friebrieh, 1983; Berger and Dean, 1977), or flame spalling, although this may entail high 
operating costs (Tabor, 1978).
Cleaning of the adherend surface to remove bond-detrimental contaminants such as grit, 
dust and oil, which prevent adequate wetting of the concrete surface, should follow  
abrasion. These may be removed by vacuum, thorough brushing, or blown off using 
compressed air. Oil and grease may be removed by cleaning with detergents, caustic 
soda or trisodium phosphate (Gaul, 1984), followed by thorough rinsing with water to 
remove any residue. Steam cleaning in conjunction with a suitable detergent, or light 
sandblasting are further alternative cleaning methods.
The surface should be allowed to dry either naturally or artificially before adhesive 
application. Bonding to damp concrete can cause delamination or cracking at the 
adhesive/concrete interface or within the adhesive itself (Sasse and Friebrieh, 1983). The 
dampness of the concrete can be roughly assessed either by using absorbent paper, or by 
taping a polythene sheet to part of the surface. Gaul, 1984 suggested that if this is done 
under the same ambient conditions and for the same duration as the adhesive to be used 
takes to cure, effective bonding may be anticipated if condensation is not observed. In 
order to prevent the subsequent formation of a film of condensed water in the bonding 
area, the temperature of the concrete surface should, in principle, never be lower than 
that of the surrounding air (Vardy and Hutchinson, 1986). For most external applications,
2.S.3.2 Surface preparation techniques
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the control of surface moisture and temperature causes very real practical difficulties.
In experimental investigations concerned with external plate bonding, the methods of 
concrete surface preparation have varied, although sand and gritblasting have been the 
most predominant abrasion methods, followed by vacuum cleaning or rinsing and 
drying. Hutchinson and Rahimi, 1993 employed gritblasting with alumina grit, whilst 
Macdonald, 1982 used chilled cast iron grit. Wire brushing (Triantafillou and Plevris,
1992), grinding with an abrasive stone (Ritchie et al, 1991), and bush hammering 
(Triantafillou et al, 1992) have also been reported. Jones et al, 1980 used a disc grinder 
to expose coarse aggregate. This was then wire brushed and sanded with emery cloth, 
and debris removed by blowing with an inert gas.
An account of the concrete preparation procedures carried out prior to the steel plate 
strengthening of Bolney Flyover in West Sussex is given by Henwood and O’Connell, 
1993. All cracks wider than 0.2 mm were injected with a low viscosity two-part epoxy 
resin. Areas of honeycombed or unsound concrete, and corroding tying wire were cut out 
and repaired with mortar. After gritblasting, the surface profile was checked using a 1.0 
m long straight edge; any areas outside an amplitude of 4.0 mm/m were either scabbled 
or filled with resin adhesive. In BA 30/94, 1994, gritblasting is the recommended 
preparation technique, with scabbling or grinding only to be used to remove minor 
protuberances. Cracks wider than 0.2 mm and areas of concrete which appear porous 
should be sealed with a compatible resin. Surfaces that are damp or subject to leakage, 
particularly if contaminated with chlorides, should only be plated after remedial 
measures have been taken; limiting chloride levels for members to be strengthened with 
steel plates are given in BA 30/94, 1994. The absence of moisture on absorbent paper 
should be used to verify the dryness of the concrete surface; if the surface is too damp, a 
heated enclosure may be necessary.
2 .S .3 .3  T est m eth od s to  m ea su re q u a lity  o f  con crete su rfa ce p retrea tm en t
Little information exists on the effects of concrete surface treatment on bond strength 
and durability, and there is a general absence of appropriate test methods to assess such 
effects on adhesion. It is important to be able to identify the locus of failure in a bonded 
joint, since interfacial failure generally indicates that a better surface pretreatment should 
impart improved joint performance. Fracture mechanical techniques appear to afford the 
most potential for discriminating between individual surface treatments in terms of 
measurable adhesion. Hutchinson, 1986 suggested a variation on the cleavage tests used 
in metal/metal bond testing.
Although any of the test methods mentioned earlier in Section 2.2.4 on page 12 for 
assessing the strength of the resin/concrete bond in repair applications could, in 
principle, be used to verify surface treatment procedures, in practice, the generally
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accepted method of demonstrating adequacy of concrete surface preparation is by 
performing simple pull-off tests on the structure itself. A circular steel probe is bonded to 
the concrete surface and specially designed portable apparatus is then used to pull off the 
probe, along with a bonded mass of concrete, by applying a direct tensile force (Bungey, 
1989). Any defects in bond would be revealed by the occurrence of failures at the 
adhesive/concrete interface. Depending upon the requirements of the adhesive bond, the 
minimum pull-off strength of the concrete surface should be around 1.5 N/mm2 (Sasse 
and Friebrich, 1983). Such pull-off tests were utilised during the strengthening of Bolney 
Flyover in West Sussex (Henwood and O'Connell, 1993), where the surface preparation 
was considered to be acceptable if a bond strength of greater than 1.5 N/mm2 was 
achieved, with failure occurring in the concrete. Results in excess of this value were 
always achieved. Similar tests were carried out on the soffits of the four bridges at the 
Quinton Interchange on the M5 West of Birmingham prior to steel plate strengthening. 
Pull-off tests were found to give consistent figures of about 3.0 N/mm2. The use of pull- 
off tests for determining the adequacy of the concrete surface is recommended by BA 30/ 
94.
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C h a p t e r  3
P re lim in a ry  e x p e rim e n ta l w o rk
3 .1  I n tr o d u c t io n
This Chapter describes the preparatory work carried out before the programme of beam 
testing commenced. It includes the design, layout and preparation of the beams, tests 
carried out to determine and verify the type of adhesive and methods of surface 
preparation to be used, and characterisation testing to determine some of the relevant 
material properties of the concrete, reinforcing steel, composite materials and adhesive 
used in the subsequent strengthened beam investigation. These properties would also be 
used in analytical and numerical studies, described later.
3 .2  M a te r ia ls  c h a r a c t e r is a t io n
3.2.1 Concrete
Two sizes of reinforced concrete (RC) beams were to be used in this project; 1.0 m and
2.3 m length. It was decided that 1.0 m length RC beams would be used for the majority 
of the experimental parameter study, since these could be produced in sufficient quantity 
and could be easily stored, handled and prepared for testing in a practical manner. In 
addition, it was planned to test a number of larger-scale beams to verify some of the 
observations obtained from the 1.0 m beam investigation and to demonstrate the 
potential benefits of FRP plating on slightly more realistic size specimens. A span of 2.3 
m was chosen since this still allowed an adequate number to be studied and handled 
fairly easily, and because facilities for testing this size of beam were already available at 
the University.
These two lengths of beams were obtained from two different sources. The first batch of
1.0 m length beams, denoted as batch ‘A’, in addition to all specimens used in the 
programme of small-scale testing discussed later, were prepared and cast at the 
University, whilst the remaining 1.0 m beams and all 2.3 m length beams were 
manufactured by an outside contractor, Grecon Ltd. of Romsey, since the facilities for
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production of such a large quantity of beams were not available in-house.
For the 1.0 m batch ‘A’ beams cast at the University, the cement used was Portland 
Cement Type 42.5, while the coarse aggregate with a maximum size of 10 mm was a 
mixture of crushed and uncrushed Thames Valley Gravel. The fines in the mix was 
Thames Valley Sand, with 72.6% by weight passing a 600 pm sieve. The concrete was 
mixed in the proportions by weight of 1.0: 2.29: 2.04 (cement: coarse aggregate: fines), 
with a free water/cement ratio of 0.46. This mix was designed in accordance with the 
Department of the Environment procedures (DoE, 1988) with a target strength at 28 days 
of 50 N/mm2. This choice of 10 mm coarse aggregate and a high proportion of fines, 
47% of the total aggregate weight, was used to produce a mix of high workability which 
would flow easily under vibration between the bars of the reinforcing cages used in the 
small-scale specimens. The total water content to add was calculated on the basis that the 
fines absorb 1.8% water by weight and the 10 mm aggregate 3.6% water by weight from 
the oven-dried state, figures proven experimentally for the particular materials. The 
aggregates were batched 24 hours before mixing and saturated with the total water 
content in sealed bins to prevent evaporation. The materials were mixed in a rotary mixer 
and a slump test performed in accordance with Part 102 of BS 1881, 1983 to check 
conformance with the target slump of 80 - 90 mm.
The first set of three beams cast at the University, which were denoted A la  to A le, were 
initially cured underwater for 28 days after demoulding, then left in a curing room at 25 
°C, 95% RH until required for testing. It was found that this practice produced cube 
strengths approaching 70 N/mm2 at the time the beams were tested. All remaining beams 
tested in this project were stored outside under polythene after demoulding which 
produced concrete strengths perhaps more realistic to actual structures in service. Testing 
of beams A la, A lb and A le allowed investigation of the effects of different concrete 
strengths on the ultimate load and mode of failure of the plated beams.
Clearly, little control could be exercised in the design and procedures used in the casting 
of the remaining beams by Grecon Ltd., the outside contractor. A maximum coarse 
aggregate size of 10 mm for the 1.0 m length beams and 20 mm for the 2.3 m beams was 
specified, as well as the target strength at 28 days of 50 N/mm2 The aim of the 
experimental study was to vary the programme of beam testing in response to results 
obtained and, consequently, the total number of beams required for the project was not 
initially known. Therefore, the beams supplied by Grecon Ltd. were cast in several 
batches; three for the 1.0 m length beams, and two for the longer 2.3 m beams.
A set of 100 mm cubes, prepared in accordance with Part 108 of BS 1881, 1983 and 
tested to failure in accordance with Part 116 of BS 1881, 1983, necked uniaxial tensile 
specimens and blocks 150 x 150 x 300 mm for determining the static modulus of
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elasticity in accordance with Part 121 of BS 1881, 1983 were prepared for the mix 
designed at the University, and also for the mixes to be used by Grecon for both beam 
sizes. These specimens were stored outside under polythene after demoulding in the 
same way as the beams themselves. For each mix, three cubes were tested at each of 7, 
14, 28, 56 and 112 days. This enabled a curve of average compressive cube strength, 
against age to be constructed, as shown in Figure 3.1, from which the approximate cube 
strength of the concrete at the time of each beam test could be interpolated for use in 
predictions of beam behaviour. Each point in Figure 3 .1 represents the average of three 
cube tests; in all cases the variation about this value was less than ±4%. Determination of 
modulus of elasticity, Ec was carried out at 28 and 56 days and uniaxial tensile strength, 
fta at 56 days for each mix. The results o f these tests are shown in Table 3 .1.
University mix
GRECON mix 1 (10 mm coarse 
only)
GRECON mix 2 (10 and 20 mm 
coarse)
0 20 40 60 80 100 120
Age at test (days)
Figure 3.1 Compressive strength development o f concrete mixes used.
Table 3.1 Derived concrete material properties.
Mix Age at test Modulus of elasticity. Uniaxial tensile strength.
Ec(N/mm2) ffu (N/mm2)
University 28 days 34 x 103 -
56 days 37 x 103 2.6
Grecon mix 1 28 days 33 x 103 -
56 days 34 x 103 4.5
Grecon mix 2 28 days 34 x 103 -
56 days 35 x 103 2.6
Direct tension tests on necked prisms were used to obtain the tensile strength of the 
mixes since these are thought to give a truer approximation of concrete tensile strength 
than the indirect value derived from the cylinder splitting test detailed in Part 117 o f BS 
1881, 1983, which can be particularly affected by aggregate size (Hannant et al., 1973).
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No BS exists for this type of test, but special moulds and scissor grips have been 
developed at the University for such a purpose. The specimens are based on a prism 500 
mm long with a cross-section of 100 x 100 mm; this is reduced smoothly in the middle 
third to a cross-section of 80 x 100 mm to encourage failure in the mid region.
3.2.2 Reinforcing steel
Samples of the steel used to produce the reinforcing cages for the 1.0 m and 2.3 m length 
beams were instrumented with longitudinal electrical resistance (ER) strain gauges and 
tested in tension at a rate of 1.0 mm/min. to obtain the modulus of elasticity, E s, the yield 
stress, fy and the ultimate stress, fn and strain As described below, 6 mm diameter 
plain mild steel bars were used for the longitudinal reinforcement in the tension and 
compression regions of the 1.0 m length beams. For the 2.3 m beams, high tensile ribbed 
bar was used for the longitudinal reinforcement, 10 mm diameter in the tension region, 8 
mm diameter for the link holding bars at the top of the section. The properties derived 
from testing samples of the tensile reinforcement of both beam sizes are shown in 
idealised form in Figure 3.2.
Figure 3.2 Longitudinal tensile steel reinforcement properties; (a) 6 mm diameter bars 
used for 1.0 m beams, (b) 10 mm diameter bars used for 2.3 m beams.
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3 3  T e s t b e a m  d e s ig n
3.3.1 1.0 m length beams
The dimensions and reinforcement arrangements used for the batch ‘A’ 1.0 m length 
beams cast at the University and the beams cast by Grecon Ltd. are shown in Figure 3.3, 
As can be seen, both beam types had a longitudinal tensile reinforcement ratio, A /b d , of 
1.0%. Using the material properties established for the appropriate concrete mixes and 
reinforcing steel, as given above, and assuming the simplified rectangular stress block of 
BS 8110, 1985 at the ultimate limit state for the concrete in compression, the flexural 
capacity of the batch ‘A’ section could be calculated as 2.94 kNm excluding partial 
safety factors on the concrete and steel strength. This also assumes that the reinforcing 
steel approaches its ultimate strength at beam collapse. For the remaining 1.0 m length 
beams cast by Grecon, the flexural capacity could be calculated in the same way as 2.96 
kNm. In both cases the sections were well under-reinforced, with plenty of scope for 
studying the effects of flexural strengthening.
500 CL 5Q0 CL
2@ 50  { 3@ 100 70
Batch ‘A’ shear link configuration CL
____________ 9@ 5 0__________
Shear link configuration for 
all other 1.0 m length beams
25
CL
Not to scale 
Dimensions in mm 
Cover = 10 mm
F igu re 3.3 1.0 m length beams; dimensions and reinforcement configuration.
As can be seen from Figure 3.3, all 1.0 m length beams were provided with shear 
reinforcement in the form of 3 mm diameter mild steel wire links. However, different 
shear link configurations were used for the batch ‘A’ and remaining 1.0 m length beams, 
the reason for which is discussed in Chapter 4. Excluding partial safety factors on the
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concrete and steel strengths, the batch ‘A’ shear link configuration could be calculated to 
provide a shear capacity of 29.1 kN, whereas that of the remaining 1.0 m length beams 
was 35.1 kN. The moment capacities given above equate to total applied loads of 19.3 
kN and 19.7 kN respectively using the intended configuration of third point loading. 
Adequate shear capacity was thus provided for the unplated 1.0 m length beams to 
ensure flexural failure preceded failure due to shear.
All 1.0 m length reinforcing cages were prepared at the University and, except for the 
batch ‘A’ beams cast in-house, delivered to Grecon for beam manufacture.
3.3.2 2.3 m length beams
The dimensions and reinforcement arrangement for the 2.3 m length beams are shown in 
Figure 3.4. This configuration resulted in a longitudinal tensile reinforcement ratio of 
1.18%, similar to that of the 1.0 m length beams. Using the material properties 
determined for the concrete and reinforcing steel of the 2.3 m beams, the flexural 
capacity could be calculated as 35.4 kNm. Allowing for the self-weight of the beam, 
based on a concrete density of 24 kN/m3, this represented an applied moment capacity of
35.0 kNm. Unplated, the beams were again under-reinforced, with a neutral axis depth 
ratio, x /d , of 0.28. The shear reinforcement was provided by 6 mm diameter ribbed mild 
steel links at the spacing shown in Figure 3.4. This resulted in a shear capacity, excluding 
partial safety factors, of 100.0 kN, which exceeded the unplated flexural capacity for the 
intended loading configuration by around 20%, ensuring flexural failure preceded shear 
failure.
All 2.3 m length reinforcing cages were prepared by the beam manufacturers Grecon 
Ltd.
1150
2-T8
4-T10 8 No. R6 @ 150 mm c/c
Shear link configuration
Not to scale 
Dimensions in mm 
Cover = 20 mm
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F ig u re 3.4 2.3 m beams; dimensions and reinforcement configuration.
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In plate bonding applications, the external reinforcement acts essentially as a 
longitudinally stressed tensile member. Unidirectionally reinforced composites are ideal 
in this situation since all of the strength and stiffness of the material can be placed 
longitudinally in the direction to be loaded. Three types of unidirectionally aligned fibre- 
reinforced polymer (FRP) materials were used in this project; pultruded E-glass fibre/ 
vinylester produced by Kobe Steel Europe Ltd., carbon fibre/epoxy prepreg, supplied 
with a peel ply on both faces, and pultruded carbon fibre/vinylester, also supplied with a 
peel ply. Both carbon composites were manufactured by Techbuild Composites Ltd. The 
prepreg material was supplied by Cytec ( ‘CYCOM’ 9 19HF-42%-HS-135-460 (P/N 
02098)) and contained high strength Toray T300 carbon fibres. These fibres were also 
used for the pultruded carbon composite.
The pultrusion technique, in which fibres are passed through a resin bath into a heated 
mould for shaping and curing, is an ideal method for producing the continuous lengths of 
unidirectionally aligned, high fibre content material of constant section and properties 
required for plate bonding. The lengths of material which can be produced by prepreg 
techniques, in which laminates are built up from fibres impregnated with the required 
polymer in an uncured state then cured in an autoclave, are limited by the size of the 
available autoclave. Production costs are also higher than for the pultrusion technique 
which is a fully automated, continuous process. A CFRP prepreg material was used in 
this study while the facilities for pultruding the carbon composite were being established.
Both vinylester and epoxy are thermoset resins which harden irreversibly on curing. 
Epoxies are generally considered to be superior with regards to strength and elastic 
properties. They also have a much lower shrinkage on curing, a lower coefficient of 
thermal expansion and produce a higher interface bond strength between fibre and resin. 
However, epoxies are more expensive and have a high viscosity before curing, making it 
a difficult material to pultrude. The strength properties of the resin are relatively 
unimportant for the application considered here since the resulting composites are 
unidirectionally reinforced with a high fraction of fibres. Vinylester was used rather than 
polyester because of its superior weathering resistance.
The proportion of reinforcing fibre by weight contained in each of the FRP materials 
used was determined by bum-off for the glass composite, in which samples of the 
material were heated to temperatures around 550 °C in order to remove the resin, or, in 
the case of the carbon composites, by treatment with hot concentrated sulphuric acid, 
again to remove the resin component
The longitudinal modulus of elasticity and Poisson’s ratio in tension, tensile strength and 
tensile strain to failure were determined for each FRP material using specimens of the
3 .3 .3  F ib re-re in fo rced  p o ly m er m a ter ia ls
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dimensions shown in Figure 3.5.
Soft aluminium end tabs, 2.0 mm thick
25
Figure 3.5 FRP tensile specimen dimensions.
These specimens are in accordance with Part 3 of BS 2782, 1976 for obtaining tensile 
properties o f reinforced polymers. All coupons were gauged longitudinally and 
transversely on both faces at the centre of the specimen, and loaded at 1.0 mm/min. for 
the glass composite and 0.5 mm/min. for the carbon, reflecting the relative stiffnesses of 
the materials. Typical traces obtained for each material are shown in Figure 3 .6, with the 
derived material properties given in Table 3.2. Each value represents the average of three 
tests; the variance around the average is given in each case.
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Figure 3.6 Typical longitudinal stress/strain behaviours of the composite systems used.
It can be seen from Figure 3.6 that all o f the composites behaved linearly to failure, 
which occurred by sudden rupture of the fibres for the glass composite and by a 
combination of longitudinal splitting and fibre breakage in the specimens reinforced with 
carbon. Table 3.2 shows that all three composite materials had similar tensile strengths, 
the pultruded carbon fibre/vinylester producing the highest value. The carbon
Pultruded glass/vinylester 
Prepreg carbon/epoxy 
Pultruded carbon/vinylester
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composites were found to have considerably higher stiffness than the glass, but greatly 
reduced strain to failure.
T able 3 .2  Derived engineering properties for composite materials.
Composite Thickness Weight fraction Modulus of Ultimate Tensile Poisson’s
material (mm) of fibre elasticity tensile strain strength ratio
(%) (N/mm2) (MS) (N/mm2)
Glass/vinylester 1.2 83.0 48.9 xlO3 ±0.8% 22000 ±9.1% 1017 ± 8.6% 0.29
Carbon/epoxy 1.2 57.0 118.5 xlO3±2.1% 8330 ±1.4% 968 ± 3 .4 % 0.33
Carbon/vinylester 1.3 75.0 135.0 xl03± 3.7% 7540 ±2.0% 1226 ± 4.0% 0.31
3.3.4 Choice of adhesive and bonding procedure
A preliminary experimental investigation into the most suitable of three possible 
adhesives and the adequacy of the surface preparation of the concrete and FRP bond 
surfaces was carried out at an early stage of the project.
Two types o f small-scale bond tests were used in this study; tensile pull-off tests, 
involving the bonding and subsequent pull-off of steel cylinders to concrete, and shear 
pull-off tests, in which strips of GFRP were bonded to concrete and then sheared off 
horizontally. In this programme of small-scale testing, three adhesives were used; two, 
two-part cold-cure epoxies (Sika ‘Sikadur 31 PBA’ and Maresco ‘Marfix’), and a two- 
part cold-cure acrylic (Bostik ‘Hyperbond’). It was hoped to be able to identify the most 
suitable of these adhesives for subsequent beam plating work at this early, small-scale 
testing stage. A general appreciation of bonding techniques, the preparation, strength and 
failure modes of bonded joints was also considered of importance before the programme 
of beam testing commenced.
3 .3 .4 .1  S p ecim en  p rep a ra tio n
A study of the recommended surface treatment procedures for concrete and FRP 
adherends has been considered in Chapter 2. The procedures initially adopted were as 
follows.
The concrete was gritblasted with copper slag at a working pressure of 75 psi. to remove 
dirt and laitence and to expose, but not undermine, the coarse aggregate which provides a 
sounder bonding medium. The abraded surface was then blown free of dust using 
compressed air. The glass fibre/vinylester composite was not supplied with a peel ply 
and therefore surface treatment was necessary. As discussed in the literature review on 
the subject, many authors have concluded that the subsequent strength of joints 
fabricated from treated FRP is dependent on the extent to which contaminants, in 
particular release agents, are removed prior to bonding, and not the severity of abrasion. 
In view of this, the procedure adopted for the programme of bond tests was to expose the
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GFRP bond surface to a very light gritblasting followed by degreasing with methylated 
spirit to remove surface contamination and produce a surface more receptive to bonding.
Both treatment procedures were carried out immediately prior to application of the 
adhesive, and at all stages great care was taken not to re-contaminate either bond surface 
with grease or dust.
3 .S .4 .2  D irect ten sile  p u ll-o ff te sts
Pull-off tests have been developed within the industry to measure the in situ tensile 
strength of concrete by applying a direct tensile force, and also for measuring the 
strength of bonded repairs. For the plate bonding technique, of primary interest is the 
bond strength of the prepared surface onto which the plate is to be attached, and in 
particular in showing that the adhesion between the resin and the prepared concrete 
surface, and also the cohesive strength of the resin in tension, are both greater than the 
cohesive strength of the concrete substrate alone. Steel cylinders are attached directly to 
the surface so that the stressed volume of concrete lies close to the face of the block. 
Failure, when it occurs, takes place through a complex interaction of tension, 
compression, shear and friction.
The concrete prisms used for both the tensile and shear pull-off tests were cast at the 
University using the mix described earlier. The specimens were cured underwater for 28 
days before being left to dry in the laboratory until testing. Cubes were cast with the 
prisms and tested at various stages throughout the programme. The age of the prisms at 
the time of test were such that over the duration of the testing, the cube strength varied 
little, remaining approximately constant at around 65 N/mm2.
The pull-off test method used followed that recommended in Part 207 of BS 1881,1992. 
Three 50 mm diameter, 25 mm thick steel dollies were bonded onto the concrete surface 
and pulled off perpendicularly to the surface after curing. The steel dollies were 
gritblasted and degreased using 1-1-1 trichloroethane prior to bonding. A small number 
of glass spheres (ballotini) of 2.0 mm diameter were used to control the thickness of the 
adhesive as far as possible. After a 7-day cure period, the dollies were pulled away from 
the concrete through a universal joint, with load applied at a steady rate of 0.05 N/mm2/ 
sec. until failure occurred. The load and mode of failure were noted; the average of three 
tests was taken in each case. An average pull-off stress value was obtained by dividing 
the maximum load by the bond area of the cylinder. The results are given in Table 3.3.
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Table 3.3 Tensile pull-off test results.
Adhesive Pull-off stress Mode of failure
(N/mm2)
Sikadur 31 PBA $00•H9vi Shallow cone of concrete pulled away in top 10 mm.
Marfix 5.2 ±3% Shallow cone of concrete pulled away in top 10 mm.
Hyperbond Negligible At concrete/adhesive interface
3.3.4.3 S h ear p u ll-o ff te sts
The mechanical action of the FRP/adhesive/concrete connection in externally plated 
beams is mainly by shearing. Shear pull-off tests were considered useful in confirming 
the adequacy of surface preparation of both adherends and for testing the shear bond 
strength of the adhesives themselves. If failure occurs within the concrete substrate, then 
the surface preparation is deemed to be adequate; improving the preparation will not 
affect the strength of the joint, since the strength of the concrete imposes a lower limit on 
the joint strength.
The test configuration is shown in Figure 3.7. A 25 mm x 1.2 mm thick GFRP strip was 
bonded onto the centreline of a 130 mm long, 100 mm x 100 mm cross-sectional area RC 
prism. The strip was then cut transversely across its centre to give two strips directly in 
line with an overlap length of 65 mm. One strip was held fixed, while the other was 
steadily pulled away, placing the plates in tension. This tensile force is transferred into 
the concrete through horizontal shearing action in the adhesive.
F ig u re  3 .7  Shear pull-off specimen.
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The surface treatments of the concrete and the FRP were as described above. The 
adhesives were applied to both the concrete and the GFRP bond surfaces. Ballotini of 2.0 
mm diameter was again used to control the adhesive thickness. After compressing the 
surfaces together, excess adhesive was carefully removed and dead weights applied to 
the joint during the cure period of 7 days. The plate and adhesive were then cut 
transversely and the test performed with the vertical end faces of the concrete prism 
either unrestrained or fully restrained by steel plates until failure occurred. Restraining 
the vertical faces of the concrete was a more severe shear test for the adhesive, since the 
top layers of concrete could not crack and displace horizontally as load was increased, 
resulting in greater shear displacement taken up by the adhesive. The load and mode of 
failure was recorded; a typical unrestrained form of failure obtained with the Sikadur 31 
PBA is shown in Figure 3.7. The average of three tests was again taken in each case. A  
value of average shear pull-off stress was obtained by dividing the maximum force 
recorded by the FRP plate bond area (65 x 25 mm). The results are given in Table 3.4.
T able 3 .4  Shear pull-off test results.
Adhesive Unrestrained Mode of failure Restrained Mode of failure
pull-off stress pull-off stress
(N/mm2) (N/mm2)
Sikadur 31 PBA 5.5 ±0.5% Within concrete 6.4 ±4% Within concrete
Marfix 4.2 ±11% Majority at plate/adhesive interface - -
3 .3 .4 .4  D am p su rfa ce  te sts
A simple investigation was also carried out into the effects of moisture on the concrete 
bond surface prior to application of the adhesive using the shear pull-off arrangement 
described above. In these tests, the RC prisms were saturated by immersion in a curing 
tank. The bond surfaces were then allowed to dry out to various degrees before bonding 
of the composite strip. Initially, a moisture meter was used to give an indication of the 
‘dampness’ of the concrete. However, this device measures moisture within the body of 
the concrete, which was found to vary little over a practical time scale, whereas for 
bonding it is the amount of moisture at the surface which is of primary importance. The 
levels of surface moisture studied were therefore defined as surface wet, in which visible 
moisture could be seen on the bond surface to which the adhesive was applied, surface 
dry, in which the specimens were allowed to dry for several days prior to bonding, and 
surface damp, in which the specimens were allowed to dry for thirty minutes in the 
laboratory after removal from the curing tank. In this case, no visible surface moisture 
was present, and an absorbent tissue placed on the surface was found to pick up no 
moisture. However, the bond surface could still be seen to be darkened by the presence 
of moisture. In all cases Sikadur 31 PBA was used to bond the GFRP strip to the
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concrete and the vertical end faces of the concrete prism were restrained by steel plates 
in the way described above. For each level of surface moisture three specimens were 
tested. The results are given in Table 3.5.
T able 3.5 Effect of surface moisture on shear pull-off strength.
Moisture Shear pull-off stress Mode of failure
condition (N/mm2)
Surface dry 6.2 ±4% Within concrete
Surface damp 4.0 ±8% At concrete/adhesive interface
Surface wet 4.5 ± 9% At concrete/adhesive interface
3 .3 .4 .S  C on clu sion s from  b o n d  te sts
In the shear pull-off tests, failure of both the unrestrained and restrained Sikadur 31 PBA 
cases occurred within the concrete, indicating the adequacy of the surface preparation 
carried out prior to bonding; the bond strength of the adhesive/concrete and adhesive/ 
GFRP interfaces as well as the cohesive strength of the adhesive itself were all higher 
than the tear-off strength of the concrete, despite the high cube strength of the concrete. 
The surface treatments used were therefore deemed to be adequate.
Under the same surface preparation conditions, the Sika adhesive performed better in 
these bond tests than either the Maresco epoxy adhesive or the Bostik acrylic. In the 
tensile pull-off tests, use of both the Marfix and Sikadur 31 PBA epoxies resulted in 
failures beneath the concrete surface. The Bostik adhesive, however, showed very poor 
adhesion to concrete, failure occurring at the adhesive/concrete interface, and for this 
reason its use was not continued further. The Marfix adhesive, although performing well 
in the tensile tests, revealed apparent adhesion problems to the GFRP composite in the 
shear pull-off tests. This was examined further by performing a comparative series of 
single-lap shear joint tests to ASTM D 3165-91 with GFRP adherends bonded with 
either the Sika or Maresco adhesive. These tests confirmed the problem; although both 
adhesives produced interfacial failures, the specimens prepared with Marfix failed at 
about one-third of the load of those prepared using Sikadur 31 PBA. Since the adhesion 
of the Marfix to the GFRP plate had been weaker than the tear-off strength of the 
concrete in the unrestrained shear pull-off tests, the use of this adhesive in further plating 
work was also discontinued. As a result of these findings, the Sikadur 31 PBA epoxy 
adhesive was used for all subsequent beam plating work, with the surface preparation 
techniques described earlier adopted as adequate for preventing interfacial failure. A  
more detailed description of the Sika product is given below.
The shear pull-off tests for which the moisture of the concrete bond surface was varied 
revealed the importance of ensuring the concrete surface to be bonded is completely dry 
before application of the adhesive. All of the specimens bonded when the surface was
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visibly wet and also when the surface was damp produced similar results in terms of the 
force required to fail the specimens. This was between 40 - 55% lower than that required 
to cause failure when the composite strip was bonded to a completely diy surface. There 
were also differences in the way in which failure occurred. For the dry specimens, the 
failure surface occurred within the upper layers of the concrete, i.e. the concrete provided 
the limiting joint strength. However, for both the surface wet and surface damp 
specimens, the failure surface was at the concrete/adhesive interface, demonstrating the 
weakening effect which the presence of moisture has on the interfacial strength. The 
importance in obtaining a completely dry concrete bond surface in practice is therefore 
clear if an effective and durable bond between the concrete member and the external 
plate is to be achieved.
3.3.5 Characterisation of Sikadur 3 1 PBA
Sikadur 31 PBA is a two part, cold-cure epoxy resin system composed of a bisphenol ‘A’ 
resin which is mixed with one-third of its own weight of a polyamine-based hardener. 
Inert fillers are also included in the formulation. It is specifically designed for the 
external bonding of structural plate reinforcement to concrete and cast iron substrates 
and complies fully with Department of Transport requirements for plate bonding. The 
resin is supplied as a white paste, the hardener as a black paste; a mid-grey thixotropic 
paste should be obtained after correct mixing. The adhesive has a pot life of 30 minutes 
and an open assembly time of about 5 hours at 25 °C, and is said to have reached its fully 
hardened state by 24 hours.
The resin and hardener of Sikadur 31 PBA are supplied in separate containers produced 
for site use such that the correct proportioning is achieved when the entire contents of the 
containers are mixed together to give 5 kg of the adhesive. In this project only relatively 
small quantities of the material were required at any one time. Although part-mixing of 
the containers is not recommended by Sika, who then will not guarantee the properties 
obtained, using a ratio of resin: hardener of 3: 1 is said to be the most appropriate. Hence, 
each time an amount of adhesive was required, proportioning by hand in this ratio was 
used.
The technical data supplied with the adhesive claims a moisture resistance of less than 
0.5% by weight uptake at 28 days. Such a high water resistance combined with a large 
proportion of fillers is aimed at increasing the materials resistance to creep. The flexural 
modulus of the hardened adhesive is said by the manufacturers to be 8600 N/mm2; Lark 
and Mays, 1985 obtained a value of 7800 N/mm2. The shear strength obtained in thick 
steel adherend testing at Oxford Brookes University (Hutchinson, 1994) was found to be
23.2 N/mm2 at ambient laboratory temperature, 15.7 N/mm2 at 50 °C, and 25.9 N/mm2 at 
-25 °C, all failures occurring cohesively. Lark and Mays, 1985 obtained a bulk shear
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strength value of 24.3 N/mm2 at room temperature by testing prisms of the hardened 
adhesive in a shear box. These values all comply with the requirements recommended by 
Mays and Hutchinson, 1988 in their compliance spectrum for structural adhesives and 
subsequently adopted by BA 30/94,1994 for steel plate bonding.
In this project, tensile tests on hardened bulk specimens of the adhesive were carried out 
to determine the tensile strength and strain to failure, as well as the tensile modulus of 
elasticity and general stress/strain response of the material in its cured state. Dumb-bell 
specimens in accordance with Part 3 of BS 2782, 1976 and recommended by Mays and 
Hutchinson, 1988 were used, as shown in Figure 3.8, having a cross-section of 10 x 3 
mm in the central section. These specimens were mould-formed, since Brewis et al., 
1982 found that cutting of tensile specimens induced flaws along the cutting edge, 
reducing specimen stiffness and strength. The components of the adhesive were first 
blended in their separate containers before transference to the mixing beaker. The 
adhesive was mixed by hand in all cases; mechanical mixing at high speeds is not 
recommended because of the possibility of entraining air into the material. The inclusion 
of air voids in the gauge length is a common problem with such viscous adhesives and 
can cause unreliable results. Because of the importance of obtaining flaw-free 
specimens, the adhesive was de-aired in a vacuum after being mixed, then extruded into 
a polytetrafluourethylene (FIFE) mould. Tests using vibration of the adhesive to remove 
air bubbles after mixing have shown that very little reduction in air content can be 
achieved by this method (Jones and Swamy, 1984). A perspex top plate was located onto 
the open face of the PTFE mould and held in place with dead weights, excess adhesive 
being extruded from the edges of the plate. The specimens were then allowed to cure for 
a nominal 24 hours before stripping and storing prior to testing.
It is conceded that such procedures for de-airing the adhesive are likely to produce a 
material with a lower air content than would be achieved in practice, and it could 
therefore be argued that the properties obtained are inconsistent with the conditions in 
the strengthened member. However, the elimination of air voids is important at this stage 
to allow an accurate and reliable characterisation of the material and to obtain an upper 
limit to the adhesives strength. In practice, a factor of safety would be incorporated to 
allow for the reduction of bond area as a result of air inclusion.
3.3. Test beam design 63
150
115
60
Dimensions in mm
Specimen thickness = 3 mm 
Rad = 60
F ig u re 3.8 Adhesive tensile specimen dimensions.
These specimens were tested in tension at an extension rate of 0.1 mm/min. until failure, 
the average longitudinal strain being measured with extensometers. A typical stress/ 
strain response obtained at room temperature, 22 °C, is shown in Figure 3.9.
LoogitmiiDal strain (mkrestrsin)
F ig u re 3 .9  Typical stress/strain response of adhesive tensile specimen at room 
temperature.
It can be seen that the response was linear up to about 50% of the ultimate stress, at 
which point the ductility of the specimen increased and the material strained to failure, 
which occurred in a brittle manner. These tests produced the following material 
properties. Each value is the average of three tests; the variance around the average is 
also given:
Tensile modulus of elasticity, Ea = 7.85 x 103 N/mm2 ±3.1%
Tensile strength, fa = 26.78 N/mm2 ± 2.9%
Tensile strain to failure, % = 5140 jJ-S ± 12.5%
Variability in test results obtained from polymers may be partly attributed to variations in 
polymer density after curing, even within the same specimen. Batch-to-batch variability 
results from the wide range of constituents used in commercial adhesive products
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(Hutchinson, 1986). The tensile strength of 26.78 N/mm2 is well in excess of the 
minimum value of 12 N/mm2 required by BA 30/94,1994 in such testing. It can be seen 
that the variability on tensile strain to failure was relatively large at 12.5%. This probably 
reflects the relative amounts of tiny air bubbles retained by the specimens despite the 
vacuum treatment after mixing; the greater the amount of air retained, the lower will be 
the failure strain, although such variability was not reflected in the strength and stiffness 
results. The values obtained can be compared to those determined at Oxford Brookes 
University (Hutchinson, 1994) from identical tests known to be carried out at the same 
rate of loading, which produced a modulus Ea = 6.1 x 103 N/mm2 and tensile strength 4  =
23.0 N/mm2, and also the strength value claimed for the product by the manufacturers of 
21.8 N/mm2 The higher values derived in this study probably reflect the more complete 
exclusion of air resulting from the vacuum treatment. In all cases, failure occurred within 
the necked region of the specimen with no gross air voids apparent at the failure surface.
These samples, as well as characterising the adhesive, would act as a standard control 
against which the behaviour of specimens exposed to environmental and sustained load 
testing could be compared. The results of such tests are detailed in Chapters 6 and 7.
With regard to adhesives, the most important temperature is the glass transition 
temperature, Tg, exhibited by all polymeric materials and defined by Ferry, 1980 as the 
point where the thermal expansion coefficient undergoes a discontinuity. The exact 
nature of the Tg is still a matter for argument amongst thermodynamicists, but it is 
associated with a marked change in mechanical properties as the polymer changes from a 
relatively hard, elastic, glass-like substance to a relatively viscous, rubbery material. The 
temperature at which this loss of rigidity occurs varies from one polymer to another and 
represents a limiting factor in design, as creep of the material under load becomes 
appreciable when approaching this temperature.
Methods for determining the Tg of a particular adhesive include thermal, electrical, 
optical and dynamic mechanical techniques. For the civil engineer, quasi-static 
mechanical methods utilising a flexural test on a hardened prism of the adhesive are 
more convenient for determining the heat distortion temperature (HDT). While the HDT 
is not the same as the Tg, it gives an indication of the susceptibility to temperature (Lark, 
1983). In a typical HDT test, the sample is placed under four point bending in a 
temperature controlled cabinet and a constant load is applied to achieve a maximum fibre 
stress o f 1.81 N/mm2 in accordance with BS 2782,1970. The central deflection at room 
temperature is then recorded. The HDT of the adhesive is taken as the temperature 
attained by the sample after undergoing a further 0.25 mm deflection while subject to a 
surface heating rate of 0.5 °C/min. The HDT values for cold-cure epoxies typically used 
as structural adhesives generally lie in the range 34 - 48 °C, which may not be much in
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excess of the anticipated maximum service temperature. Within many civil engineering 
applications,. the temperature ranges are normally just those of the surrounding 
environment. The temperature range found inside buildings can be quite considerable 
depending on the use of the building in question. On the soffits of concrete bridges 
temperature extremes in the UK may lie between -20 °C and +38 °C (Emerson, 1976).
Provided the temperature does not cause chemical deterioration (150 - 200 °C), the 
reduction in mechanical properties above the HDT is recoverable on cooling. Indeed, 
stiffness and strength may even be enhanced due to post-cure effects at the elevated 
temperature. However, water absorption into the polymer will lower the HDT.
In their proposed compliance spectrum, Mays and Hutchinson, 1988 suggest that, to 
ensure that maximum likely ambient temperatures in the UK do not affect the efficiency 
of the bond, a lower limit for the HDT of 40 °C determined in accordance with BS 2782, 
1970 should be imposed. This requirement is suggested primarily to enhance creep 
resistance. Sika, the manufacturers of Sikadur 31 PBA give the HDT of the adhesive as 
43 °C. Lark and Mays, 1985 studied the influence of temperature on the mechanical 
properties of hardened two-part epoxy adhesives, one of which was Sikadur 31 PBA. 
This showed that rapid deterioration of both stiffness and strength occurred in all cases 
close to the measured HDT of the adhesive. A dramatic reduction in the flexural modulus 
of the Sikadur 31 PBA was observed after 35 °C, with the HDT recorded at 43 °C, in 
agreement with the manufacturers of the adhesive. The Tg of Sikadur 31 PBA has been 
measured by Barnes, 1989 at 44 °C. In the present study, to investigate the temperature 
dependency of the bulk tensile behaviour of the adhesive, tensile tests to failure on 
dumb-bell specimens as shown in Figure 3.8 on page 64 were also repeated at elevated 
temperatures of 30 °C, 35 °C and 40 °C in a temperature controlled cabinet. The results 
obtained are shown at full strain scale in Figure 3.10 and over the range which included 
failure at 22 °C, 30 °C and 35 °C in Figure 3.11. The properties derived from these tests 
and the variance about the average in each case are summarised in Table 3.6; at least 
three specimens were tested at each temperature investigated.
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Figure 3.10 Effect o f temperature on bulk tensile stress/strain behaviour of Sikadur 3 1 
PBA adhesive (full scale).
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Figure 3 .11 Effect o f temperature on bulk tensile stress/strain behaviour of Sikadur 31 
PBA adhesive (detail).
Table 3.6 Effect of temperature on basic tensile properties o f Sikadur 31 PBA adhesive.
Temperature Initial tensile modulus Tensile strength Ultimate tensile
tested (°C) of elasticity (N/mm2) (N/mm2) strain (pS)
22 °C 7.85 x 103± 3.1% 26.78 ± 2.9% 5140 ± 12.5%
30 °C 8.40 x 103± 3.3% 22.97 ±4.3% 5002 ± 1.42%
35 °C 8.55 x 103± 6.5% 20.80 ± 5.4% 4712 ± 16.5%
40 °C - - > 100,000
The graphs of stress/strain behaviour at various temperatures shown in Figure 3.11 
reveals that, in terms of initial modulus of elasticity, temperature has relatively little
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effect up to and including 35 °C; in fact, the average stiffness in tension was found to 
increase slightly with temperature, although the range of experimental values also 
increased. The region in which linear behaviour was maintained appeared to decrease as 
the temperature rose, i.e. the yield stress of the material apparently fell. The average 
tensile strength values obtained also fell as the temperature increased, as shown in Table 
3.6. Conclusions concerning changes in ductility with temperature are made difficult by 
the relatively large variations in strain to failure obtained for the room temperature and 
35 °C cases.
The basic tensile properties of the adhesive showed a dramatic change between 35 °C 
and 40 °C, in agreement with the observations of Lark and Mays, 1985. All specimens 
tested at 40 °C demonstrated an initial linear portion to the stress/strain response with 
stiffness around 5200 N/mm2; however, this behaviour was only maintained up to about 
1 N/mm2, after which the stiffness of the material was found to deteriorate rapidly, 
demonstrating ductility well in excess of specimens tested at lower temperatures, as 
shown in Figure 3.10. At 40 °C, all specimens tested exhibited elongations of 10% 
without failure; this was the maximum strain which could be measured with the 
apparatus used. At this elongation, the maximum stress carried was less than half the 
strength of the specimens tested at room temperature.
These results, as well as those of Lark and Mays, 1985 indicate that at elevated 
temperatures approaching the HDT of the material, significant changes in the basic 
engineering properties take place. This demonstrates that important changes in molecular 
structure are occurring within the adhesive which affect the way in which it is capable of 
carrying load. Although epoxies, and also polyesters, suffer substantial fall off in bulk 
mechanical properties when heated to 40 - 50 °C, this is not as serious as might appear, 
since the resins are normally used in contact with a large mass of concrete and so are 
prevented from reaching these temperatures (Tabor, 1978). In addition, thin layers of 
adhesive in bonded joints demonstrate greater temperature resistance than bulk 
specimens tested in isolation. Slant shear tests on concrete prisms bonded with a 5.0 mm 
thick adhesive layer have shown that a loading of 25% of the short-term ultimate does 
not cause failure of the highest quality epoxy adhesives until a temperature of 95 - 100 
°C is reached (Hugenschmidt, 1975).
Bulk adhesive tensile tests have been used in this project to derive the basic mechanical 
properties of the material in tension for characterisation purposes and to assess likely in 
situ response. The basic stress/strain behaviour was also required for the numerical work 
discussed in Chapter 9. These properties of the adhesive may alternatively have been 
obtained through joint testing, although in this case, a complex state of stress is induced 
in the adhesive layer by the specimen geometry and adherend restraint. The approach of
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adopting bulk adhesive tests to determine engineering properties of the adhesive has 
been taken by many workers, such as Schjeldrup and Jones, 1978, and Adams et al., 
1986. Lark, 1983 presents a review of the common test procedures for bulk adhesive 
testing. Of the bulk adhesive tests, tensile tests are the most common and potentially the 
most useful. For instance, Adams and co-workers at Bristol University, and Sage and co­
workers at City University, claim to be able to predict the strength of bonded lap shear 
joints from a knowledge of the bulk tensile properties of the adhesive.
However, there are several disadvantages inherent in using bulk properties to assess 
likely in situ  response. The main limitation is that of preparing specimens of suitable size 
and thickness and with properties which are representative of the adhesive layer in a 
bonded joint. In this respect, the main advantage of employing joint specimen tests rather 
than bulk specimen tests for determining the properties of adhesives is that concern over 
whether representative material is being tested is largely avoided. In addition, the tensile 
fracture strain in particular of bulk samples is sensitive to how the specimen is prepared, 
due to the damaging effects of surface marks, scratches, air bubbles, etc. The presence of 
air voids in bulk specimens dominates failure and, to a lesser extent, response 
(Hutchinson, 1986). As a result, the fracture of bulk specimens may be rather different 
from the fracture of the adhesive constrained within a thin layer in a joint.
The suitability of bulk adhesive properties for modelling in situ behaviour of an adhesive 
remains a topic for discussion (Matthews, 1987). Several attempts have been made to 
determine whether the mechanical properties of an adhesive in situ can be correlated 
with the properties of the bulk adhesive (Brinson et a l 1975; Sancaktar and Brinson, 
1980; Sancaktar et a l ,  1980). These have generally indicated that adhesives do not 
exhibit the same material properties in situ as they do in the bulk. However, several 
workers, (for example, Romanko and Knauss, 1981; Romanko et a l ,  1982) have 
assumed bulk response to be the same as in-bondline response. Dolev and Ishai, 1981 
conducted tests on bulk and in situ adhesive specimens in which it was found that a good 
correlation existed between the in situ and the bulk properties of shear yield strength and 
elastic modulus. It was concluded that the basic elastic and strength characteristics of the 
in situ adhesive may be evaluated through simple tests on the bulk material in uniaxial 
tension and compression. Dean et a l ,  1996 evaluated a number of test methods for 
determining shear property data of adhesives. Three joint specimen tests and three bulk 
specimen tests were considered. No single method was found to be superior for all 
applications. For determining shear properties, it was found that there was no systematic 
difference between the results from each of the test methods studied.
However, the relationship between the in situ and unconfined bulk forms of the adhesive 
is complicated. Significant and often complex effects of parameters such as thickness,
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the mode and rate of loading, and surface preparation have been reported (O’Connor and 
Brinson, 1979). In addition, a portion of the possible discrepancies may be described by 
the constraint placed on the adhesive by the adherends (Anderson et al, 1977); in bulk 
form, the adhesive is able to elongate and flow to a greater extent The presence of the 
adherends might also alter the kinetics of any chemical reaction by which the adhesive 
hardens either by changing the local temperature or by removing curing agent or filler by 
preferential adsorption (Kinloch, 1987). Intermixing between adhesive and adherend 
may occur, and residual internal stresses are more likely to be present in the adhesive 
when it is cured between adherends. These factors might obviously influence the 
mechanical properties of the bulk adhesive compared to the in situ cured adhesive. 
Knollman, 1985, and Knollman and Hartog, 1985 found that the adhesive near the 
adhesive/adherend interface possessed a lower shear modulus than that of the central 
regions, where it was similar to that of the bulk adhesive material. However, Post et al, 
1988 found that the strain distribution across the adhesive layer in thick adherend lap 
shear joints was virtually uniform, suggesting that the adhesives modulus was uniform 
across the thickness of the adhesive layer.
Despite the problems associated with the use of bulk specimens, these properties 
continue to be widely used because they are relatively easy to obtain and accurate 
determination of in situ properties remains an extremely difficult task. This is 
particularly significant when one of the adherends is relatively weak, as is the case with 
concrete.
3 .4  T e s t  b e a m  p r e p a r a t io n
The programme of beam testing commenced after the initial bond tests and material 
characterisation had been completed, and the methods of surface preparation had been 
verified.
3.4.1 Surface treatments
The methods of surface treatment used for the concrete and GFRP in all beam tests was 
the same as that given above for the bond tests, in which they were proved to be 
adequate. For the carbon fibre composites, both of which were supplied with a peel ply, 
surface treatment was simply a case of removing this layer immediately prior to bonding 
to produce a clean, textured surface. Again, the surface treatment procedures were 
carried out immediately prior to application of the adhesive to prevent re-contamination 
of the bond surfaces.
3.4.2 Bonding procedure
After surface preparation, the epoxy resin and hardener were mixed by hand in their
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separate containers before being transferred to the mixing beaker in the correct 
proportions, mixed and applied to both the concrete and composite surfaces. In all cases, 
the concrete beams were inverted to be bond face up and the bond areas were bordered 
with masking tape so that clearly defined edges could be attained, minimising the effects 
which variable size fillets of adhesive along the plate edges might have on the bond 
performance. The adhesive applied to the concrete was profiled so that excess would be 
extruded from the centre outwards, thereby dispelling air. The thickness of the adhesive 
was controlled as far as possible with ballotini of either 1.0 mm or 2.0 mm diameter. The 
plate was then positioned centrally on the beam and dead weights applied during the cure 
period, nominally 24 hours, after which the beam was instrumented and tested. Typically, 
the period between application of the adhesive and testing of the beam was around 5 
days.
3.4.3 Beam instrumentation and testing configuration
3 .4 .3 .1  1 .0  m  len gth  b eam s
Instrumentation of the plated 1.0 m length beams consisted of demec pips over a 100 mm 
gauge length about the central section of the beam and ER strain gauges on the upper 
face to measure concrete compressive strains and on the underside of the FRP plate to 
indicate the longitudinal strain distribution along its length. The positions of the strain 
gauges on a typical beam and the demec arrangement are shown in Figure 3.12. The 
exact position of the gauges at the ends of the plate varied slightly depending on the 
types of anchorage used in this region.
All 1.0 m beams were loaded in four point bending at the third points over a span of 900 
mm as shown above. Steel plates covering the full width of the beam were used at the 
points of load application (50 x 10 mm) and also at the reaction points (30 x 10 mm) to 
aid distribution of stress into the concrete, reducing stress concentrations. Such a 
configuration gave a shear span/effective depth ratio, a /d  of 3.5. The beams were 
incrementally loaded to failure with deflections, measured on both sides of the beam 
using linear potentiometers, and strains recorded automatically at the required load 
interval. The data was then downloaded to a PC for analysis. Demec readings at the 
centre of the specimens were taken every 5 kN.
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F igu re 3 .1 2  Instrumentation and loading arrangement for 1.0  m length beams.
3 .4 .3 .2  2 .3  m  len gth  b eam s
Instrumentation of the 2.3 m beams consisted of demec pips over a 406 mm gauge length 
about the central section of the beam and, as for the 1.0 m beams, ER strain gauges on 
the upper face of the concrete to measure compressive strains and on the underside of the 
composite plate at various locations. The positions of the strain gauges on a typical beam 
and the demec arrangement are shown in Figure 3.13.
All 2.3 m beams were loaded in four point bending with a constant moment region of 
405 mm, giving shear spans of 845 mm and a shear span/effective depth ratio a /d  of 
4.12. Full width steel plates 50 x 10 mm were again used at the points of load application 
and also at the reaction points. The beams were incrementally loaded to failure with 
deflections, measured on both sides of the beam using linear potentiometers, and strains 
recorded automatically at the required load interval. The data was then downloaded to a 
PC for analysis. Demec readings at the centre of the specimens were taken every 10 kN.
3.4. Test beam preparation 72
CL
845 410 845
CT
i i i
CL
Loading configuration
■
\ r  J
\
© i w. JV., j
rt <3! i
i iji1 i
]
406
Dimensions in mm
Not to scale Demec pip arrangement; elevation
F igu re 3.13 Instrumentation and loading arrangement for 2.3 m length beams.
Table 3.7 presents a summary of the 1.0 m and 2.3 m length beam test programmes. The 
actual geometric and material parameters involved in each test and the results obtained 
are presented in the following Chapters.
T able 3.7 Summary of beams tested.
Beam batch Beam length Source of Concrete mix No. of beams Use in project
notation (m) manufacture type
‘A’ 1.0 University of Surrey University 11 Parameter study
‘B’ 1.0 Grecon Grecon mix 1 10 Parameter study
‘C’ 1.0 Grecon Grecon mix 1 6 Bolted anchorage study
‘D’ 1.0 Grecon Grecon mix 1 5 Durability study
‘E’ 1.0 Grecon Grecon mix 1 4 1.0 m prestressing study
‘D 2.3 Grecon Grecon mix 2 3 2.3 m control beams
‘P’ 2.3 Grecon Grecon mix 2 4 2.3 m prestressing study
‘Cr’ 2.3 Grecon Grecon mix 2 4 Creep study
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C h a p t e r  4
E x p e rim e n ta l b eam  in v e s tig a tio n
4 .1  I n tr o d u c t io n
In this Chapter, details of the programme of beam testing undertaken in this project are 
presented, with the 1.0 m length beams being considered before the 2.3 m length beams. 
In all cases, the tests in question are those for which the beams were tested 
monotonically to failure without initial prestressing of the external plate, or exposure to 
a durability regime, either environmental or sustained loading. The prestressing 
investigation carried out in this project is presented in Chapter 5, whilst the 
environmental durability study is given in Chapter 6 and the time-dependent behaviour 
in Chapter 7.
For reference during reading, the main parameters of the beams detailed in this Chapter 
are summarised in a Table given on the final page of this Thesis.
4 .2  1 .0  m  le n g th  b e a m  in v e s t ig a t io n
4.2.1 Introduction
For the 1.0 m length beams, various parameters have been investigated in an attempt to 
gain a basic structural understanding of FRP plated beam behaviour. A beam length of
1.0 m was chosen and subsequently maintained since such beams proved to be relatively 
quick and simple to prepare, test and analyse, allowing a range of structural parameters 
to be varied experimentally (Quantrill et al, 1995).
An extensive experimental parameter study was undertaken in this project, since this 
allows a much greater appreciation and understanding of the loading characteristics of 
the system and its failure mechanism, in particular localised effects which may initiate 
overall collapse, than can be derived from a theoretical solution. Experimental analysis 
provides a direct and precise result for a particular loading configuration and allows a 
practical assessment of the strengthening technique, its feasibility, potential benefits and 
drawbacks to be attained. Although it was intended that some of the basic parametric
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investigation be carried out numerically using finite element analysis, inaccuracy of this 
technique for the proposed application, as outlined in Chapter 9, rather precluded such a 
division of study.
The objective of the parametric investigation detailed in this Chapter was to examine the 
effects of varying as wide a range of parameters as possible within the practical 
constraints of time and resources, to obtain an indication of how the strengthening 
system may be optimised. This resulted in a test programme which, by necessity, 
developed in response to the results obtained and for which only one beam was 
prescribed to give a general demonstration of whether a simple parameter was 
structurally important or effective in terms of overall characteristics. Although it is 
recognised that using such a limited number of tests in each case is not ideal from an 
accuracy point of view, being rather at the mercy of variations in geometry or material 
properties, it was found that useful and interesting information on overall strengthened 
beam behaviour was derived. Since it was possible to subject the plated beams to 
ultimate conditions, in each test the aim was to observe the effect of the different 
parameters on overall load/deflection response up to failure, the mode of failure and the 
transfer of strain between the concrete beam and the external plate in an attempt to 
understand and improve the strengthening performance.
A consequence of being unable to specify the number of beams required at the start of 
the testing programme was that the beams had to be cast in several batches as the 
programme progressed. Although unavoidable, this introduced inherent variability 
between the separate batches. As a result, each batch, denoted respectively ‘A \ ‘B’ and 
‘C’ is considered separately in the following discussion. However, before consideration 
of each batch of 1.0 m length beams is given, general characteristics and form of 
behaviour of the unplated and plated 1.0 m length beams demonstrated by the majority of 
cases is first presented; any deviation from this general behaviour or particular 
characteristics resulting from variation of test parameters are given with the specific 
beam discussions presented thereafter.
4.2.2 General form and behaviour
4 .2 .2 .1  U n p la ted  resp o n se
The load/deflection response obtained from testing an unplated 1.0 m length beam to 
failure was found to exhibit three regions of behaviour, as shown in Figure 4.1. At low  
applied loads, the stiffness of the RC beam was high, indicating that the concrete was 
behaving linear elastically. As the load increased, so the bending stresses in the extreme 
fibres at the top and bottom of the section increased until the tensile strength of the 
concrete was reached at the base of the beam, causing flexural cracks to form, initially in 
the constant moment region. The occurrence of flexural cracking caused a marked
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reduction in the member stiffness, as shown by a sudden change of gradient of the 
response, which for the case shown in Figure 4.1 occurred at a total applied load of 
around 4 kN. This load is subsequently termed the cracking load. The response after the 
cracking load was approximately linear, at a gradient referred to in this investigation as 
the post-cracking stiffness.
Central deflection (nun)
F igu re 4.1 Load/deflection response of typical unplated 1.0 m length beam.
After the concrete had cracked in tension, a greater proportion of the tensile bending 
component was carried by the reinforcing steel at the base of the section. As the beam 
rotation increased further, so the tensile stress in the reinforcing steel also increased, 
theoretically in a uniform distribution throughout the constant moment region, in 
practice reaching maxima where flexural cracks were bridged. Eventually, the yield 
stress of the steel was reached at one or more points; this loss of material stiffness 
resulted in a further reduction in overall beam stiffness as the ability of the section to 
support the tensile component of the bending moment was reduced. This was shown by a 
second marked change in gradient of the load/deflection response at a load referred to as 
the yield load which, for the case shown in Figure 4.1 occurred at a total applied load of 
around 15 kN.
The 1.0 m length beams were designed to be under-reinforced so that yielding of the 
steel preceded crushing of the concrete in compression. When the beam had rotated 
sufficiently for the strain in the extreme compression fibre to reach the beam was 
unable to support external load and collapse occurred. Since failure was characterised by 
large strains in the reinforcing steel, the deflection of the beam at collapse was 
substantial, and was also accompanied by extensive cracking.
Flexural cracks formed in the constant moment region extended vertically upwards, 
typically to within 30 mm of the top of the section, and became progressively wider as 
the applied load increased. Cracks were also initiated further out into the shear spans as
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the load increased; at collapse these typically covered half or two-thirds of the length of 
the shear spans, with height decreasing towards the supports. These cracks initially 
extended vertically, then tended to propagate towards the load points. The longitudinal 
extent of the cracks appeared to be related to the positions o f the shear links, occurring 
roughly at 50 mm centres. In all cases, one or possibly two cracks in the constant 
moment region widened extensively as loading continued; these were observed to occur 
beneath the region at which crushing of the concrete finally took place at the top of the 
section.
4.2.2.2 Plated response
The general form of the load/deflection response obtained from a typical plated 1.0 m 
length beam, as shown in Figure 4.2, was found to be very similar to that of an unplated 
beam with several key differences.
Unplated
Plated
Central deflection (mm)
Figure 4.2 Comparison o f typical load/deflection responses o f unplated and plated 1.0 
m length beams.
The initial stiffness before cracking was found to be almost identical for the two cases. 
This is to be expected since, before the concrete has cracked, all o f the section is 
effective and the plate has relatively little effect on the second moment of area and hence 
flexural rigidity o f the section, unless a very stiff plate of high cross-sectional area is 
utilised. In addition, since the load which causes the concrete to initially crack is 
dependent on the second moment of area of the section, this will also be altered little by 
the addition of an external plate, as demonstrated in Figure 4.2 and illustrated in Table
4.1 where, for the various plated 1.0 m length beams considered in this investigation, the 
theoretical cracking loads based on the uncracked transformed section are compared 
with the theoretical unplated values calculated in the same way; in all cases, the cracking 
stress in the concrete is taken as fa /10.
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Table 4.1 Comparison of theoretical plated and unplated cracking loads.
Beam Theoretical CL Increase over
(kN) unplated (%)
Batch ‘A1
Unplated 5.2 -
GFRP 80x1.2 mm 5.4 3.9
Batch ‘B’
Unplated 6.6 -
GFRP 80 x 1.2 mm 6.9 4.5
GFRP 30 x 1.2 mm 6.7 1.5
CFRP 80 x 1.2 mm 7.4 12.0
CFRP 65x1.2 mm 7.3 10.6
Batch ‘C'
Unplated 6.6 -
CFRP 80 x 1.3 mm 7.6 15.2
This shows that the theoretical increase in cracking load depends on the plate material 
and cross-sectional area, with larger plates of higher stiffness giving the greatest 
increases in cracking load. Although in all cases the increases are relatively small, in 
agreement with the observed behaviour in the tests performed, they indicate the 
restraining effect of the bonded plate on first cracking.
The post-cracking stiffnesses of the plated beams were found to be significantly higher 
than those of the unstrengthened beams. After cracking, when the concrete beneath the 
neutral axis is no longer as effective at supporting load, the addition of an external plate 
causes the second moment of area of the section, and hence the flexural rigidity of the 
strengthened member, to be increased significantly, the amount depending on the plate 
material and cross-sectional area. When externally bonded to the tension face of the 
member, the plate is positioned most advantageously in terms of increasing the beam 
stiffness, since its lever arm to the neutral axis of the section is at a maximum. In 
addition, the external plate also provides a mechanism by which tensile stress can be 
distributed to intact concrete between cracks, resulting in improved performance of the 
concrete in the tension zone, enabling the section to work more efficiently and producing 
a tension stiffening effect, whereby the concrete can then contribute to the second 
moment of area and thus flexural rigidity of the section. The location of the plate on the 
tension face is again the most advantageous for this purpose, as well as for restraining 
crack opening. Jones et al, 1986 has calculated that for steel plates, the stiffening effect 
produced by the application of a steel plate to the tension face is much greater than 
would be expected if additional internal bars of the same area were used.
Before yielding, the tensile component in flexure is shared between the internal steel 
reinforcement and the bonded plate. The concrete beneath the neutral axis also
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contributes to some extent as a result of tension stiffening, described above, from both 
the steel and plate. As a result of the increased beam stiffness, and since the internal steel 
is carrying a lower proportion of the tensile component for a given applied load when the 
beam is plated, the yield stress of the steel was reached at a higher applied load; for the 
example shown in Figure 4.2 on page 77, the yield load was around 24 kN. The fact that 
the external plate relieves some of the tensile stress carried by the internal steel 
reinforcement is structurally significant since the reinforcing bar strains control the crack 
widths in concrete (Beeby, 1971a).
As the internal steel yields, so the overall member stiffness was observed to decrease, as 
for the unplated beams. However, after yielding, the plate was able to continue to support 
the tensile component of the moment couple acting on the section, and hence the 
reduction in flexural rigidity at yielding was significantly less than when the beam was 
unplated. This stiffness after yielding is referred to in this investigation as the post- 
yielding stiffness, and is taken as the gradient of a line joining the yield point to the point 
of collapse. Since the plate was able to continue to support an increasing tensile bending 
component, the plated beams could sustain considerably higher applied loads before 
collapse occurred.
One further characteristic of plated beam response in general is demonstrated by Figure
4.2 on page 77, namely the reduction in ductility to collapse in comparison to the 
unplated beams. The exact modes of failure observed in the tests varied depending on the 
test parameters under investigation, in particular whether any form of plate end 
anchorage was used, and its effectiveness. However, in the majority of cases, the 
progression towards collapse was common, as shown in Figure 4.3 and described below.
Flexural cracks were initiated in the constant moment region as the tensile strength of the 
concrete was reached (a). These cracks propagated upwards as loading progressed, but 
remained very narrow throughout the load history, being far less obvious than those 
observed in the unplated tests. This demonstrates the restraining effect which the plate 
has on crack opening, an important consideration from a serviceability viewpoint. 
Further flexure and flexure/shear cracks were initiated at locations progressively further 
along the shear spans as the load level increased (b). These inclined cracks propagated 
towards the loading points, becoming shallower in angle closer to the supports. This 
diagonal cracking was a result of the increasing shear loading on the beams; they 
widened as the applied load increased, but remained narrow at the base of the beam, 
demonstrating the confining effect of the external plate. Eventually, diagonal cracks 
would initiate at, or close to, the end of the plate (c) which would propagate roughly to 
the level of the internal steel reinforcement, at which point, when the plate ends were not 
anchored to the beam, the plate would suddenly separate from the beam, peeling
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downwards, taking with it the cover concrete and causing the collapse of the beam (d). 
This separation often extended for the length of the shear span, and occasionally past the 
beam centreline.
The occurrence of the diagonal cracking close to the plate ends appeared to be the result 
of a combination of vertical shear caused by the external loading, and horizontal shearing 
action caused by the tensile load in the plate being transferred through the adhesive into 
the bottom layers of concrete. It is generally accepted that the termination of the plate in 
the shear span results in a concentration of both horizontal shear stress and tensile peel 
stress acting in a perpendicular direction away from the beam, as discussed in the 
literature review, Chapter 2. Once the cracking close to the plate end had propagated up 
to the level of the internal reinforcement, the relatively weak horizontal interface at this 
level caused by the bond between the steel and the concrete could be exploited. The 
increased shear force pressing down on the longitudinal steel and the peel force acting 
away from the beam were sufficient to cause the destruction of the bond between the
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concrete and the steel, and peel the plate away with the concrete cover still attached. In 
normal RC theory, this form of failure is referred to as a shear-bond failure (Kong and 
Evans, 1987), and is typical of beams without shear reinforcement and with a shear span/ 
effective depth ratio which is relatively low (around 3). The occurrence of this mode of 
failure demonstrates that the adhesive possessed sufficient cohesive and adhesive bond 
strength to ensure that the strength of the concrete was the governing failure criterion, 
indicating the suitability of the adhesive and the adequacy of the surface preparation 
techniques employed.
Although diagonal shear cracks propagating towards the load point could be seen as 
failure was approached, collapse itself was generally very brittle in nature. It should be 
noted that these 1.0 m length beams were designed, unplated, to fail in flexure, with 
adequate shear reinforcement to support this ultimate load, as would be the case for 
existing members in service. When plated, the applied load can exceed that of the 
unplated case by a considerable amount, and consequently the beam becomes under­
reinforced in shear for this higher load, hence the occurrence of such widespread shear 
cracking.
The typical effects which plating a 1.0 m length beam had on the longitudinal strain 
distribution through the depth of the section over a 100 mm gauge length about the 
centre of the beam are shown in Figure 4.4. These results were obtained using a demec 
gauge, the configuration of the pips being shown in Figure 3.12 on page 72. The vertical 
axis represents depth through the section, with the datum being the horizontal mid-plane 
of the beam. For the strengthened beams, the longitudinal strain distribution was 
extended downwards to include the reading from the ER strain gauge positioned at the 
centre of the plate. This demonstrates whether the plate and concrete beam are acting 
compositely by showing the degree of strain compatibility between the two materials 
across the adhesive bondline.
This comparison demonstrates that for any given load stage, the tensile strains towards 
the base of the section, which represents the tensile strain in the concrete and the 
accumulation of crack widths over the gauge length, were considerably higher for the 
unplated beams than for an identical beam externally strengthened. This would be 
expected since, for a given load above cracking, the plated beams deflected less than the 
unplated, and hence the tensile bending strains would be less. However, this 
demonstrates the effect of the plate in restraining the opening of cracks and maintaining 
the general integrity of the section. Although measurement of crack widths was not taken 
during loading for either the 1.0 m or 2.3 m length beams, an implication is that the mean 
and maximum crack widths would be considerably reduced under the action of a given 
load by the addition of an externally bonded plate, of particular significance from a
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serviceability viewpoint; BS 8110, 1985 states that surface crack widths should not, in 
general exceed 0.3 mm. In the tests carried out it was observed that the flexural cracks 
which formed in the constant moment region and beyond into the shear spans of the 
strengthened beams remained less extensive and generally of hairline width up to failure.
(a)
- 5 kN
- 10 kN
- 15 kN
------ 20 kN
------ 25 kN
(b)
- 5 kN
- 10 kN
- 15 kN
— 20 kN
— 25 kN
F igu re 4 .4  Comparison of typical section strains obtained for unplated and plated 
beams at various loads; (a) unplated beam C l, (b) plated beam C2.
A further implication from the observation o f reduced beam deformations through the 
use of externally bonded reinforcement is that, under a given load, the mean crack height 
will be reduced, as well as the crack widths. This was apparent from the section strain 
measurements, such as shown in Figure 4.4, which revealed that, for a given load, the 
neutral axis was lower for the strengthened beams, and thus the tensile cracks reduced in 
height. This also implies that more o f the concrete was acting in compression when 
plated, and thus the section was working more efficiently.
The responses shown in Figure 4.4 appear to justify the assumption used in general 
flexural theory that the strains in the concrete are directly proportional to the distances 
from the neutral axis, i.e. that plane sections remain plane. Figure 4.4 also demonstrates 
that, for the case considered, the epoxy adhesive appeared to ensure that composite 
action between the RC beam and the external plate was maintained at the centre o f the 
beam; there was approximate strain compatibility between the concrete and plate across 
the bondline. The preservation of composite action between the external plate and
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reinforced concrete member is one of the most important structural requirements o f the 
plate bonding technique if it is to be successful as a repair method (Swamy et al., 1987). 
The external plate acting compositely with the beam provides a restraining medium to 
crack initiation and growth, and is thus structurally significant from a crack control 
viewpoint.
The ER strain gauges along the longitudinal centreline of the FRP plate in the positions 
shown in Figure 3.12 on page 72 allowed the characteristics of the strain responses at the 
gauge positions to be assessed as the load increased, and the distribution of longitudinal 
strain throughout the length of the external plate to be studied at chosen applied load 
levels. A typical set o f load/strain responses obtained for one half of a strengthened 1.0 
m length beam are shown in Figure 4.5, where the gauge positions refer to those in 
Figure 3.12 on page 72. Figure 4.6 shows the distribution of longitudinal strain along the 
length of the plate at various load levels for the same beam.
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Figure 4.5 Typical load/strain responses obtained at gauge positions along external 
plate (beam B2 shown).
The load/strain responses at the beam centre and close to the load point were of similar 
form, the central strains being slightly higher than those recorded just outside the 
constant moment region, as would be expected. Both responses reflect the load/ 
deflection behaviour in that initially, before cracking of the concrete had occurred, the 
rate of strain was low, showing that the concrete was supporting a large proportion of the 
tensile bending component. As cracking initiated and developed, the strain rate increased 
markedly and remained approximately constant until yielding of the internal steel 
occurred, at which point the strain rate increased further, then again remained 
approximately constant thereafter until collapse. These linear characteristics in the post­
cracking and post-yielding regions reflect the linear nature of the FRP in tension.
■ Centre 
Load point
■ Shear span
■ Plate end
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The gauges in the shear span and especially close to the plate end retained their initial 
high rates of strain up to higher loads than the gauges closer to the beam centre. This 
demonstrates how cracking progressively initiated further along the shear span towards 
the support as the level o f applied loading increased. The gauge positioned in the centre 
of the shear span registered a great deal more strain as the beam approached collapse, 
demonstrating that flexural/shear cracking became more prevalent in this region as the 
load increased. It can be seen that the strain rate at the plate end, some 30 mm from the 
centreline of the support, was unaffected by cracking until almost 30 kN for the example 
shown in Figure 4.5. The strain values and rates could also be seen to decrease towards 
the supports, demonstrating the reduction in the amount of tensile load carried by the 
plate outside the constant moment region. This effect is more clearly shown by the strain 
distribution along the plate, Figure 4.6. It can be seen that at loads below steel yield 
which, for the case shown occurred at an applied load of around 23 kN, longitudinal 
strain was fairly uniformly distributed across the constant moment region. However, 
after yielding, and especially as failure approached, the gauge at the centre of the plate 
indicated that a larger proportion of the load was carried in this region, and this was the 
position of peak strain at failure. This demonstrates that yielding of the internal steel 
within the constant moment region transfers the tensile component of force in the section 
to the external plate, thereby increasing the strains registered at the centre of the plate.
 6--- 10 kN
 *--- 20 kN
 *--- 25 kN
 -^-- 30 kN
 ft--- 34 kN
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Figure 4.6 Typical distribution o f longitudinal strain along the plate length at various 
applied load levels (beam B2 shown).
It can be seen from Figure 4.6 that outside the constant moment region, the longitudinal 
strain distribution appeared to initially follow the bending moment diagram. A linear 
variation of the axial stress in the external plate between the plate end and the point of 
load application can be theoretically shown to exist at the ultimate state (Zhang et al., 
1995), although this assumes that the position of the neutral axis does not change along
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the plated length for a given level of loading. An implication of a linear variation of axial 
strain is that there exists a uniform distribution of shear stress between the external plate 
and the concrete.
However, whilst such a distribution appeared to exist throughout the plate for the 
majority of the loading range, at higher loads the longitudinal strains in the shear spans 
increased above those of a linear variation, as shown in Figure 4.6, showing that strains 
were not proportional to the applied moment at these locations. This is a result of the 
increased shear force acting on the member, which produces diagonal shear cracking in 
the shear spans. For an unplated member, the shear force in the section is carried by the 
uncracked concrete compression zone, by aggregate interlock across the diagonal crack, 
by the internal shear links and by dowel action of the longitudinal, internal steel. For an 
externally strengthened member, the dowel action and confining effect of the external 
plate also contributes. As the applied shear force increases, the shear links reach yield, so 
that the contribution of the shear force carried by the links remains constant Subsequent 
increases in the shear force must therefore be carried by the other components. As the 
diagonal cracks tend to open, the aggregate interlock becomes less effective, causing the 
proportions carried by the remaining components to increase further. This accounts for 
the non-linear distribution of the axial strain in the plate recorded in the shear spans and 
agrees with the cracking patterns observed in the tests; the non-linearity of the strain 
distributions was, in general, more apparent for the plated beams of batch ‘A’ which 
contained fewer shear links than those of the subsequent beams of batches ‘B ’ and ‘C \
It can be seen from Figure 4.6 that as the applied load increased towards its maximum 
value, the distribution of strain in the plate became slightly more unsymmetrical, the 
longitudinal strain attaining higher values one side of the centreline than the other. This 
type of behaviour was exhibited by the 1.0 m length beams to varying degrees and may 
be accounted for by defects in the bondline, unsymmetrical distribution of cracking and 
the general inhomogeneity of concrete. It was found that the side at which strains were 
higher was the side at which premature collapse initiated, the form of which has been 
discussed above.
The strain gauges located on the compression face of the concrete at the positions shown 
in Figure 3.12 on page 72 enabled the longitudinal compressive strain history to be 
studied as the applied load increased to collapse. Typical compressive strain responses, 
taken as the average of the readings obtained at each load point are shown in Figure 4.7. 
It can be seen that the responses obtained close to each of the load points were very 
similar, as would be expected for symmetrical loading conditions. This was observed 
early in the test programme and, as a result, gauges were only located close to one load 
point in many of the remaining tests. The compressive strain response was found to
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follow a similar pattern to the tensile behaviour observed for the external plate in the 
constant moment region. The occurrence of initial cracking could be detected as a 
change of gradient in the response, which then continued at an approximately constant 
rate up to yield of the internal steel reinforcement, which was again marked by an 
increase in the rate of strain as the overall member stiffness was reduced.
Longitudinal com pressive strain
Figure 4.7 Typical compressive strain responses for strengthened beam (beam B2 
shown).
For the concrete mixes used in this investigation, attempts were not made to 
experimentally determine the strain to failure in compression. The exact shape of the 
compressive stress/strain curve depends largely on the concrete strength (Rusch, 1955). 
However, within the range of concrete mixes used in practical design, visible 
compressive cracking and disintegration of the concrete does not generally occur until 
the strain reaches 0.0035 (Kong and Evans, 1987). Consequently, in this project, all 
concrete mixes used were assumed to fail at an ultimate strain, of 0035, in agreement 
with the idealised stress/strain curve for concrete in compression of BS 8110, 1985 used 
for design purposes. It can be seen from Figure 4.7 that the maximum compressive strain 
reached for a typical 1.0 m length beam test was well below this value when collapse 
occurred.
4.3 Batch 4A ’ beams
4.3.1 Introduction
As described in the Chapter 3, the beams denoted as batch ‘A’ were cast at the 
University. It was intended that these initial 1.0 m length beams be used in preliminary 
testing to ascertain the feasibility of the strengthening method, to help gain a general 
understanding of strengthened beam behaviour, to find out what information could be 
obtained from each test and what could be done to improve structural behaviour in later 
tests. It was important at this stage to obtain a general impression of the strength and
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stiffness gains and modes of failure which could be expected from FRP plated beams. 
From a practical point of view, the suitability of the testing rig and datalogging 
equipment also had to be assessed.
4.3.2 Parameters investigated and test details
It was also intended that the 1.0 m length beams be used in a form of basic parameter 
study. The parameters which were varied experimentally in the batch ‘A’ tests were the 
concrete strength, adhesive thickness, and the length of the external plate. In addition, 
the use of plates bonded to the sides of the beam in the shear spans and the effects of 
anchoring the plate ends to the beam were also investigated. A summary of the test 
parameters is given in Table 4.2. As described in the previous Chapter, the first set of 
three beams cast at the University, A la to A le were initially cured underwater for 28 
days after demoulding, then left in a curing room at 25 °C, 95% RH until required for 
testing. It was found that this produced cube strengths approaching 70 N/mm2 at the time 
the beams were tested. The remaining beams were stored outside under polythene after 
demoulding, which resulted in cube strengths of around 42 N/mm2 at the time of testing, 
as shown in Figure 3.1 on page 51. The preparation of the beams and the bonding 
procedure have been described in Chapter 3; the adhesive thickness used to bond the 
FRP plate to the concrete beam was controlled as far as possible with ballotini of either
1.0 mm or 2.0 mm diameter. All external plates used in this section of the investigation 
were glass fibre/vinylester, the properties of which are given in Section 3.3.3 on page 55, 
with a cross-sectional area of 80 x 1.2 mm. In all cases except beam A2d, the plate length 
used was 860 mm, resulting in termination points 20 mm short of each support 
centreline.
Table 4.2 Batch ‘A’ beam test parameters.
Beam Cube strength Adhesive Plate material Plate size Plate end
at test (N/mm2) thickness (mm) (mm) system
Ala (unplated) 70.0 - - -
Alb 70.0 1.0 GFRP 80x1.2 x 860 None
Ale 70.0 2.0 GFRP 80x1.2 x 860 None
A2a (unplated) 42.0 - - -
A2b 42.0 1.0 GFRP 80x1.2 x 860 None
A2c 42.0 2.0 GFRP 80x1.2 x 860 None
A2d 42.0 2.0 GFRP 80x1.2x600 None
A2e 42.0 2.0 GFRP 80 x 1.2 x 860 GFRP side plates 50 x 150 mm
A2f 42.0 2.0 GFRP 80 x 1.2 x 860 GFRP side plates 50 x 300 mm
A2g 42.0 2.0 GFRP 80 x 1.2 x 860 Steel clamps
A2h 42.0 2.0 GFRP 80x1.2x860 GFRP angles 100 x 50 x 40 mm
All beams were tested monotonically to failure using the loading arrangement shown in
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43.3 Test results
The results of the batch ‘A’ experimental work are summarised in Table 4.3 to Table 4.5. 
Table 4.3 presents the effects which the addition of an external GFRP plate had on the 
beam strength in terms of serviceability, yield and ultimate loads. In this investigation, 
the serviceability load is defined as that which causes a stress in the internal steel of 0.75 
x yield stress (0.75fy), or that which causes a stress in the concrete of 0.5 x compressive 
cube strength of the concrete (0.5^), whichever applied load is the lowest. This 
definition is that recommended in Part 4 of BS 5400,1990, and used in BA 30/94,1994 
for steel plate strengthening applications. The bending stresses in the extreme concrete 
fibre and in the reinforcing steel are calculated using the standard bending equation with 
the second moment of area based on the cracked transformed section. The use of elastic 
theory to calculate the serviceability load is justified since serviceability is concerned 
with structural behaviour at sufficiently low loadings for an elastic analysis to be 
relevant Table 4.4 gives the ductility values and the modes of failure of the batch ‘A’ 
beams. The ductility is calculated in this investigation as the ratio of deflection at 
collapse to the deflection under the serviceability load.
Figure 3.12 on page 72. The results are presented below.
Table 4.3 Batch ‘A’ beams; strengthening effects of plating.
Beam Serviceability Increase over Yield load Increase over Maximum load Increase over
load (kN) unplated (%) (kN) unplated (%) carried (kN) unplated (%)
Ala (unplated) 11.4 - 13.0 - 20.5 -
Alb 15.9 39.5 30.0 130.8 47.2 130.2
Ale 16.0 40.4 30.0 130.8 44.0 114.6
A2a (unplated) 11.4 - 13.0 - 20.0 -
A2b 15.4 35.1 28.0 115.4 36.7 83.5
A2c 15.5 36.0 28.0 115.4 37.3 86.5
A2d 15.5 36.0 22.5 73.1 31.5 57.5
A2e 15.5 36.0 28.0 115.4 39.6 98.0
A2f 15.5 36.0 28.0 115.4 40.1 100.5
A2g 15.5 36.0 28.0 115.4 41.0 105.0
A2h 15.5 36.0 28.0 115.4 49.0 145.0
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Table 4.4 Batch ‘A’ beams; ductility and modes of failure.
Beam Ductility Proportion of unplated 
ductility (%)
Mode of failure
Ala (unplated) 9.89 - Steel yield, concrete crushing
Alb 7.07 71.5 Bond failure at adhesive/concrete interface
Ale 5.11 51.7 Shear, plate and concrete cover separation
A2a (unplated) 7.94 - Steel yield, concrete crushing
A2b 3.94 49.6 Plate and concrete cover separation
A2c 4.20 52.9 Plate and concrete cover separation
A 2d 3.08 38.8 Shear through unplated section
A2e 4.85 61.1 Plate and concrete cover separation
A2f 4.40 55.4 Plate and concrete cover separation
A2g 5.05 63.6 Plate slip at anchorage, shear
A2h 7.17 90.3 Steel yield, concrete crushing
Table 4.5 summarises the effects which external plating was observed to have on the 
stiffness of the 1.0 m length ‘A’ beams, both before and after yielding of the internal 
reinforcing steel had occurred.
Table 4.5 Batch ‘A’ beams; stiffening effects of plating.
Beam Post-cracking Increase over Post-yielding Post-cracking
stiffness unplated (%) stiffness stiffness
(kN/mm) (kN/mm) retained (%)
Ala (control) 5.03 - - -
Alb 7.11 41.4 2.66 37.4
Ale 7.11 41.4 2.66 37.4
A2a (control) 3.90 - - -
A2b 4.83 23.8 2.38 49.3
A2c 4.83 23.8 238 49.3
A2d 4.17 6.9 2.50 60.0
A2f 5.98 53.3 2.33 39.0
A2g 6.46 65.6 2.88 44.6
A2e 6.33 62.3 2.29 36.2
A2h 6.24 60.0 - -
Discussion of the particular effects of the parameters studied is given in the following 
section.
4.3.4 Discussion of test results
4.3.4.1 General behaviour
The general behaviour of the basic strengthened beams with no additional side plates or 
plate end anchorages was studied by comparing beams A lb and A le  with the high 
strength control beam Ala, and beams A2b and A2c with the lower strength control
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beam A2a. The load/deflection responses obtained from the higher strength concrete 
beams are shown in Figure 4.8, whilst those of the control beam and the two plated but 
unanchored lower strength beams are shown in Figure 4.9.
Unplated beam Ala
Plated beam Alb (1mm adhesive)
Plated beam Ale (2mm adhesive)
Central deflection (mm)
Figure 4.8 Load/deflection responses for high strength beams Ala, Alb and Ale.
Unplated beam A2a 
Beam A2b(lmm adhesive) 
Beam A2c (2mm adhesive)
0 2 4 6 8 10 12 14 16 18
Central deflection (mm)
Figure 4.9 Load/deflection responses for lower strength beams A2a, A2b and A2c.
The addition of a GFRP plate of dimensions 80 x 1.2 mm caused the neutral axis depth 
ratio, x/d, based on the cracked transformed section, to increase from 0.29 to 0.32, and 
the second moment of area, I0 to increase by 33%. It should be noted that the modular 
ratios used to calculate the neutral axis depth and second moment of area, and hence the 
serviceability loads for these and all subsequent beams have been based on the short­
term value for the modulus of elasticity, E0 of the concrete, with no allowance made for 
reductions due to creep. In addition, the adhesive, as well as the concrete beneath the 
neutral axis is assumed to be cracked in the analysis, and therefore support no tensile
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stress. For both unplated control beams, it was calculated that the stress in the internal 
steel reinforcement governed the serviceability load. This was also true for the plated 
beams Alb and A le, since the concrete strength was so high in these cases. However, for 
the lower strength plated beams A2b and A2c, the compressive stress in the concrete can 
be calculated using the standard bending equation to reach 0.5fOT before the steel stress 
reaches 0.75fy, and hence the concrete strength governs the service load level. 
Consequently, the serviceability loads given in Table 4.3 on page 88 are lower for the 
lower strength concrete beams. There are slight differences in the serviceability loads 
between the 1.0 mm and 2.0 mm glueline thicknesses because of the slightly increased 
second moment of area value for the thicker bondline.
It can be seen from Table 4.3 on page 88, as well as the load/deflection responses shown 
in Figure 4.8 and Figure 4.9, that external plating substantially increased the 
serviceability and yield loads, as well as the maximum load carried, in comparison to the 
associated unplated control beams, for both beam strengths considered. However, the 
ductilities of the strengthened beams to failure were well below those of the unplated 
beams as a result of significantly reduced deflections at collapse. In all four plated cases, 
failure occurred in a brittle manner before either the plate in tension or the concrete in 
compression had reached their ultimate strain values in flexure. The failures can 
therefore be regarded as premature. For the higher strength plated beams, the maximum 
tensile strains recorded at the centre of the plate were around 8000 jiiS, well below the
22.000 |iS failure strain of the GFRP. Similarly, the concrete compressive strains 
reached a maximum of less than 0.003, again below the failure strain of the material. For 
the lower strength plated beams, the maximum tensile strains reached in the plate were 
below 6000 flS, whilst the compressive strain failed to reach 0.0025 before collapse 
occurred. These observations confirm the occurrence of a premature mode of failure in 
that collapse was not a result of flexural loading of the FRP or concrete.
All four plated beams exhibited increases in post-cracking stiffness over their unplated 
counterparts as a result in the increase in as shown in Table 4.5 on page 89. The 
retention of member stiffness after yielding had occurred was also clearly demonstrated, 
and is quantified in the Table.
4.3.4.2 Effect of adhesive thickness
The effects of adhesive thickness were assessed by comparing the responses of beams 
A lb  with A le  (high strength), and beams A2b with A2c (lower strength). The load/ 
deflection comparisons for the two beam strengths are shown in Figure 4.8 and Figure 
4.9, with the results summarised in Table 4.3 to Table 4.5 on page 89. It was found that 
for both sets of beams, the flexural responses obtained were very similar for 1.0 mm and
2.0 mm adhesive bondlines, suggesting that this parameter had little effect on overall
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For the higher strength beams Alb and A le, beam Alb strengthened using a 1.0 mm 
bondline attained the highest applied load of 47.2 kN before collapse, which occurred by 
separation of the GFRP plate from the beam in one of the shear spans. However, in this 
case the failure surface was located along the adhesive/concrete interface for 
approximately half of the length of the shear span, before rising up diagonally through 
the concrete towards the load point. This suggests that the bond strength of the adhesive 
to the concrete was lower than the tear-off strength of the bottom layers of concrete, 
perhaps reflecting the increased strength of the concrete. For beam A le, strengthened 
using a 2.0 mm bondline, failure occurred by a combination of shear and plate separation 
at a maximum load some 7% below that of beam Alb. The GFRP plate and the concrete 
cover separated for about half the length of the shear span, with large shear cracks 
emanating from the plate end and passing right through the concrete section, causing 
vertical deformation of the internal steel. It is unclear whether the interfacial failure 
observed for beam A lb was a consequence of the narrower bondline or whether 
inadequate surface preparation of the concrete was to blame. Such behaviour was not 
repeated when the lower strength beams were considered. It is also unclear why beam 
A lb did not fail in a shear-type manner in the same way as beam A le at the lower 
applied load of 44.0 kN.
For the lower strength beams A2b and A2c, the maximum loads carried and also the 
modes of failure were almost identical, collapse resulting from separation of the plate 
and concrete cover in the manner shown in Figure 4.3 on page 80 at a total applied load 
of around 37.0 kN.
Adhesive thickness had apparently litde effect on either the longitudinal plate strain or 
the concrete compressive strain responses. This is to be expected because of the close 
similarity in the load/deflection behaviours. Strain compatibility appeared to be equally 
well maintained by both a 1.0 mm and 2.0 mm bondline for both concrete strengths 
considered. Since an interfacial form of failure had been observed for beam Alb with a
1.0 mm adhesive thickness, and because of the possibility of starving the joint of 
adhesive at some points and of the greater effect of flaws when a thinner glueline is used, 
it was decided to use a 2.0 mm adhesive bondline for all subsequent tests.
4.3.4.3 Effect of concrete compressive strength
The effects of concrete compressive strength on structural behaviour were investigated 
by comparing the results of the higher strength A l beams with the lower strength A2 
beams for a constant adhesive thickness of either 1.0 mm or 2.0 mm. Table 4.3 on page 
88 shows that strengthening already high strength concrete increases the serviceability 
limit, the yield load and the maximum load carried in comparison to lower strength
structural behaviour for the limited cases investigated.
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beams. The strength increases at each load level over a comparable unplated control 
beam were also enhanced; the higher strength beams Alb and A le resulted in 
serviceability load increases of around 40% over the unplated beam, compared to 35% 
for the lower strength cases, whilst the yield load was increased from 13.0 kN to 30.0 
kN, an increase of 131% compared to the 115% increases obtained from the lower 
strength beams A2b and A2c. The high strength beams both failed at considerably higher 
loads than their lower strength counterparts, and exhibited different modes of failure, as 
discussed above. For the 2.0 mm bondline, high strength beam A le had an ultimate 
capacity 6.7 kN above that of beam A2c, an 18% increase. This is presumably due to the 
increased shear and tear-off strength of the stronger concrete, since failure occurred in a 
similar manner for both cases. Since collapse was delayed until higher maximum 
deflections were reached for the higher strength beams, their ductility values, given in 
Table 4.4 on page 89, were slightly higher, especially for the 1.0 mm case.
For a given applied load, the higher strength beams deflected less than the weaker 
beams; the post-cracking stiffnesses of the plated A l beams were almost 50% higher 
than those of the A2 beams, and gave increases compared to the unplated response of 
over 40%, as opposed to 24% for the lower strength beams. This is a consequence of the 
A l beams being stronger as a result of better curing conditions, and therefore 
presumably stiffer, since the modulus of elasticity of concrete increases approximately 
with the cube root of its strength (BS 8110,1985). As a result of the reduced deflections 
for the higher strength beams under the action of a given applied load, the strains 
registered along the plate at that load were less than those of the lower strength beams, as 
shown in Figure 4.10 for the 1.0 mm adhesive cases A lb and A2b. This characteristic 
was also demonstrated by the compressive strain responses. However, because greater 
loads were sustained by the higher strength beams before collapse occurred, the 
maximum strains reached in the plate and the concrete were higher.
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Beam Alb (high strength) 
Beam A2b (low strength)
0 1000 2000 3000 4000 5000 6000 7000 8000
Longitudinal strain at centre of plate (microstrain)
Figure 4.10 Effect of concrete compressive strength on strain response at plate centre 
for 1.0 mm thick adhesive.
4.3.4.4 Effect of plate length
The effect of the length of the external plate in comparison to the span of the beam was 
investigated by comparing the results of beam A2c, strengthened with an external plate 
terminating as close as was practically possible to the centrelines of the supports with 
beam A2d, prepared with a plate 600 mm long, thereby terminating half way along each 
shear span. Both beams were prepared in the same way, and the same adhesive thickness 
of 2.0 mm was used in both cases. A comparison of the load/deflection responses 
obtained is given in Figure 4.11, while the results are quantified in Table 4.3 to Table 4.5 
on page 89.
■o
Beam A2c; 1 = 
Beam A2d; 1
860 mm
600 mm
Central deflection (mm)
Figure 4.11 Effect of external plate length on load/deflection response.
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The serviceability load calculations are independent of the external plate length and thus 
the value attained was the same for both plate lengths. The yield load was increased from
13.0 kN for the unplated control beam A2a to 22.5 kN for beam A2d, an increase of 
73%, but this was considerably less than the 115% increase attained by beam A2c, 
strengthened with a full-length plate. The maximum load carried by beam A2d was 31.5 
kN, an increase of 57.5% over the unstrengthened case, but some 15% below the value 
obtained with the longer plate.
Failure of beam A2d occurred as a result of vertical shear on the section, which caused 
large diagonal shear cracks to emanate from the ends of the plate in both shear spans, in 
one case passing right through the section, ending close to the loading point, and causing 
the internal steel to deform vertically. The plate remained bonded to the beam throughout 
its length. Very few other cracks could be seen along the plated length of the beam, 
demonstrating the effectiveness of the plate at preventing flexural crack initiation and 
propagation.
The 31.5 kN failure load can be compared to the 29.1 kN ultimate shear capacity 
calculated for the section according to BS 8110, 1985 for the shear link configuration 
chosen, excluding partial safety factors. The increase in failure load as the external plate 
is terminated closer to the supports indicates that the thin GFRP external plate increases 
the shear strength of the section to some extent since, although shear cracks were formed 
in the shear spans of the full-length plated beams, these did not result in collapse until 
higher loads had been attained. Anchoring the ends of the 600 mm plate would not have 
increased the failure load of the beam as failure occurred through the unplated section.
Since the ultimate deflection of beam A2d strengthened with a shorter plate was low, and 
the deflection under the serviceability load was high, the resulting ductility of the beam 
was very low, representing only 39% of the unplated value, and an almost 30% reduction 
compared to the full-length plated beam. This was the lowest ductility by far and 
indicates the detrimental effect of terminating the plate well short of the supports.
The post-cracking stiffness of the shorter plate was also found to be relatively low, as 
shown in Figure 4.11, being only 7% above the unplated stiffness and 15% below the 
stiffness attained with a full-length external plate. However, the responses after yielding 
were similar, apparently independent of the plate length, reflecting that the same cross- 
sectional area of plate was carrying the tensile force in the section after the steel had 
yielded in both cases. Since beam A2d failed at such a low applied load, neither the 
tensile strains in the plate or the compressive strains in the concrete had chance to reach 
significant levels, the plate reaching only 2700 (xS and the concrete less than 0.0012 
when collapse occurred.
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4.3.4.S Effect of side plates in the shear spans
In the initial tests, failure had occurred in a brittle, premature manner, in which the 
tensile strength of the external plate and the compressive strength of the concrete in 
flexure had not been utilised. To try to delay or prevent collapse of the strengthened 
beams by separation of the plate with the concrete cover still attached, as shown in 
Figure 4.3 on page 80 and observed in the previous testing, the addition of GFRP plates 
bonded to the sides of the beam in the plate end regions was studied. Two configurations 
were used, incorporating plates 50 mm high, i.e. half of the beam depth, extending 150 
mm and 300 mm into the shear spans from the support centrelines, as shown below in 
Figure 4.12. The GFRP used for the side plates was the same as that used for the soffit 
plate; the side plates were bonded with the unidirectional fibres running vertically in an 
attempt to restrain the peeling away of the plate as the load level increased. Preparation 
of the concrete and GFRP bond surfaces of the side plates was the same as that used for 
the soffit plates.
Load point
i
GFRP side plate with fibres running vertically
Beam A2e
■tSupport T  i5Q | GFRP soffit plate
i
t 300
Beam A2f
Not to scale 
Dimensions in mm
Figure 4.12 GFRP side plate configurations used for beams A2e and A2f.
The effects of the addition of simple side plates was studied by comparing the results 
obtained from beam A2e, with 150 mm side plates, and beam A2f, with full shear span 
side plates, to those of beam A2c, with no side plates. All three beams were prepared and 
externally strengthened in the same way with a 80 x 1.2 x 860 mm GFRP soffit plate. 
The load/defiection responses of the three beams are compared in Figure 4.13, while the 
general results are presented in Table 4.3 to Table 4.5 on page 89.
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Beam A2e (50 x 150 mm) 
Beam A2f (50 x 300 mm)
Central deflection (mm)
Figure 4.13 Effect of side plate configuration on load/deflection response.
It was found that the yield load remained unaltered as would be expected, since the aim 
of the side plates was to affect the behaviour at or close to failure. The maximum load 
carried by the strengthened beam was increased through the use of side plates; plates 
extending half way along the shear spans increased the collapse load from 37.3 kN to
39.6 kN, an increase of 6%, whilst extending the plates to cover the length of the shear 
spans resulted in a further slight enhancement to 40.1 kN, an increase of 7.5%. Beam 
A2f, with full-length side plates failed at a similar ultimate deflection to beam A2c and 
thus had a similar ductility value. Beam A2e with half-length side plates attained a 
slightly higher ultimate deflection, and thus had an increased ductility value, 
representing 61% of the unplated ductility. However, the affect of side plates on the 
ductility of the strengthened beam to failure was limited because the collapse loads and 
modes of failure were little altered.
Beam A2e, with half-length side plates failed by plate separation at one end of the beam. 
However, rather than the entire concrete cover being removed as observed in previous 
tests, the failure surface beneath the side plates was within the bottom layers of the 
concrete, giving a plucked aggregate appearance on the adhesive. Where the side plates 
ended, the failure surface rose to the level of the internal reinforcement, propagated 
along for a short distance before rising through shear cracks acting up towards the load 
point. When the side plates were extended to cover the length of the shear spans, the 
failure surface was again within the bottom layers of the concrete for about two-thirds of 
the shear span length. A large crack could then be seen to rise up vertically through the 
side plate, causing it to split in the direction of the fibre reinforcement. The crack then 
propagated towards the load point. A further large crack could be seen to initiate from 
the end of the side plate beneath the load point and propagate almost vertically upwards.
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Use of both length side plates caused slight increases in the post-cracking stiffness 
compared to beam A2c, as shown in Figure 4.13, with the use of the longer side plates 
resulting in the largest increase. The inclusion of side plates would be expected to resist 
flexing of the beam to some extent, and also contribute to the restraint of the initiation 
and opening of flexure/shear cracks in the shear spans, helping to maintain the integrity 
of the beam, especially for the full-length plates.
The longitudinal strain responses obtained at the centre of the GFRP plate for each beam 
were found to be similar in form, especially in the post-cracking region before steel 
yield, the strains for the two beams with side plates being slightly less than that without, 
as a result of the slightly reduced deflection under a given load. Beam A2f, which 
attained the highest ultimate load also reached the highest plate strain, around 7000 |iS, 
before collapse occurred. The compressive strain responses in the constant moment 
region were also very similar for the three cases, both beams with side plates 
approaching a maximum compressive strain of 0.003 before collapse occurred, still 
below the assumed failure strain of 0.0035. The side plates had no apparent effect on the 
characteristics of strain distribution along the length of the plate as would be expected, 
since the soffit plate and side plates were not directly connected. Strain compatibility 
was maintained between the RC beam and the GFRP plate across the epoxy adhesive 
bondline for loads approaching failure for both side plate configurations studied.
For beam A2f, the side plates were instrumented with a 5 mm ER strain gauge positioned 
vertically above the end of the soffit plate to indicate any tensile loading transferred from 
the soffit plate into the concrete and side plates as failure was approached, and to assess 
whether the side plates were producing any reinforcing effect, preventing plate 
separation. The responses obtained revealed that, right up to failure, the plates were 
exposed to practically no vertical loading. However, the plates clearly had some 
restraining or confining effect on the system since the collapse loads were increased, 
albeit by a small amount, and the modes of failure were altered; although plate separation 
still occurred, the failure surface was shifted downwards from the level of the internal 
reinforcement to the base of the beam. It may have been that the principle stresses acting 
on the side plates were at an off-axis angle to the vertical, reflecting the diagonal nature 
of the shear/tension cracking observed. In this case, improved results may have been 
achieved by positioning the reinforcing fibres of the GFRP at 45°, thereby bridging 
diagonal cracks. However, in terms of preventing plate separation as the applied load 
increases by vertically reinforcing the plate end regions, it appears that the 
configurations studied were relatively ineffectual, and this seems likely to be the case 
regardless of the fibre orientation. Provision of some physical connection between the 
soffit and side plates would appear more likely to be beneficial.
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4.3.4.6 Effect of anchorage systems 
Whilst the use of side plates had resulted in slight increases in maximum load carried and 
caused a slight alteration in the failure mode observed, detachment of the plate from the 
beam was still preventing a flexural failure from being achieved. Consequently, two 
forms of plate end anchorage were used in the batch ‘A’ investigation to try to maintain 
the connection between the beam and the external plate; steel clamps, consisting of 
rectangular bars 15 mm wide by 10 mm thick, bolted together across the top and bottom 
faces of the strengthened beam at the plate ends, and GFRP angles 3 mm thick with 
randomly orientated fibres bonded onto the sides of the beam and the underside of the 
external plate. The dimensions and positioning of the anchoring systems is shown in 
Figure 4.14.
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Figure 4.14 Plate end anchorages used for beams A2g and A2h.
The effects of plate end anchorage was studied by comparing the results obtained from 
beam A2g, anchored with the steel clamps, and beam A2h, anchored with the GFRP 
angles, to those of unanchored beam A2c. All three beams were prepared and externally 
strengthened in the same way with a 80 x 1.2 x 860 mm GFRP soffit plate. The load/ 
deflection responses of the three beams are compared in Figure 4.15, while the general 
results are presented in Table 4.3 to Table 4.5 on page 89.
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Figure 4.15 Effect of plate end anchorage on load/deflection response.
The loads at which yielding of the internal steel took place appeared to be similar for 
both the anchored and unanchored beams at 28.0 kN. However, both anchorage systems 
were found to increase the maximum load carried in comparison to the unanchored beam 
A2c. The provision of steel clamps at the plate ends resulted in a collapse load of 41.0 
kN, more than 100% higher than the unplated control beam strength and 10% above that 
attained by the plated, but unanchored beam A2c, whilst the use of GFRP angles in the 
plate end regions was found to increase the ultimate load of the strengthened beam 
further to 49.0 kN, an increase of over 30% compared to the plated, unanchored beam 
strength. A consequence of the increased failure loads was that the ultimate deflections, 
and thus the ductility values, of the anchored beams were also increased, the clamped 
case A2g increasing the beam ductility from 53% of the unplated value to 64%. 
However, the GFRP angle anchored beam A2h delayed failure until a much greater 
deflection had been reached; almost 14.0 mm compared to less than 9.0 mm for the 
unanchored beam A2c, and consequently the highest ductility index, representing 90% 
of the unplated ductility, was attained, a significant improvement over all previous test 
results.
Beam A2g, anchored at the plate ends with steel clamps, failed through vertical shearing 
at one end of the beam after the plate had apparently slipped at the clamp. At the plate 
end, horizontal shear at the adhesive/plate interface had caused debonding for about 50 
mm, leaving the adhesive still bonded to the concrete. The failure surface could then be 
seen to rise into the concrete to the level of the internal steel reinforcement and remain at 
this level for a further 100 mm, before rising diagonally at approximately 45° towards the 
load point, passing right through the section, causing vertical displacement of the 
separated ends and deformation of the internal steel and plate, which remained held at
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the clamp. At the other end of the beam, there was no evidence of slip of the plate, but 
the formation of shear cracks in the shear span could be seen acting between the base of 
the plated section and the load point. It was apparent that the beam could continue to 
sustain applied load whilst the shear cracks could not link up with the end of the plate. 
However, when the plate slipped at the clamp, a path through the section was exposed 
and the beam failed suddenly in shear. Although the clamps were effective at restraining 
the peeling away of the plate from the beam, it appeared that insufficient clamping force 
was achieved to prevent the plate pulling through horizontally.
Beam A2h, anchored with GFRP angles at each end, failed in compression, the first 
beam to fail in this way. There was evidence of crushing in the constant moment region 
close to one of the load points. After crushing had initiated, the angles had debonded 
from the concrete at one end of the beam. The failure surface then occurred within the 
bottom layers of concrete at the base of the beam for about two-thirds of the length of the 
shear span, before rising steeply towards the load point. The other end of the beam 
remained intact, although shear cracks could be seen from the base of the beam at the 
edge of the angle acting up towards the load point. The failure of beam A2h was 
relatively ‘soft’ in comparison to the shear and plate separation modes observed in 
previous tests. That beam A2h did not fail in shear in the same way as beam A2g 
demonstrates the effectiveness of the GFRP angles at preventing cracks from 
propagating to the ends of the plate, and maintaining the bond between the external soffit 
plate and the base of the concrete beam. The angles were found to be most effective in 
preventing plate separation and delaying the occurrence of failure.
The post-cracking stiffnesses of the two anchored beams were very similar, as shown in 
Figure 4.15, giving around a 60% increase over the unplated stiffness and a 30% increase 
over the unanchored plated beam A2c. After yielding of the internal steel, beam A2g, 
with the plate ends clamped, had a response which appeared similar to the unanchored 
case, beam A2c. Beam A2h, anchored with GFRP angles, had a stiffness after yielding 
which appeared to be initially higher than the clamped case. However, no post-yielding 
stiffness is given for beam A2h in Table 4.5 on page 89 since, as the applied load 
increased, the response became non-linear, the rate of deflection increasing with the load 
until collapse occurred.
As a result of the increased post-cracking stiffnesses of the two anchored cases, the 
strains registered at the centre of the external plates were less under the action of a given 
applied load than for the unanchored case, beam A2c, which underwent greater rotation. 
Since the maximum load and deflection of beam A2h, anchored with the GFRP angles, 
was much higher than either the clamped case, A2g or the unanchored case, the rotation 
of the beam in flexure, and hence the maximum strain reached by the plate in tension
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For the two anchored cases, beams A2g and A2h, the longitudinal strain responses 
revealed that strain, and therefore tensile force, was more evenly distributed along the 
length of the plate than when the plate ends are unanchored. The strains registered at the 
plate ends were significantly higher when the plate ends were anchored to the beam, 
Figure 4.16, than for the unanchored cases, for which the recorded strains were found to 
be negligible right up to failure. The build up of strain at the plate ends for the clamped 
case shown in Figure 4.16 occurred prior to slip at the anchorage, which initiated failure 
of the beam. The gauges in the shear spans also registered higher strains under a given 
load. This suggests that the anchorages were forcing the plate to act compositely with the 
beam over a greater proportion of its length than was the case when the plate was 
unanchored, thereby restraining shear deformation in the adhesive, and relaxation or slip 
in the bondline towards the plate ends or at cracks. The section strains obtained from the 
demec readings for the anchored cases revealed lower tensile strains at the base of the 
section than for the unanchored beam A2c for a given load, demonstrating enhanced 
crack restraint properties.
were also higher, reaching 8500 pS before failure.
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Figure 4.16 Load/strain responses at gauge positions for beam A2g.
The enhanced stiffness of the two plated, anchored beams A2g and A2h in the post­
cracking region is also reflected in the compressive strain responses shown in Figure
4.17, as is the effect of the anchorage systems used in delaying failure; the unanchored 
beam A2c reached a compressive strain of only 0.0023 before failing by plate separation, 
the clamped beam A2h reached a strain of 0.003 before failing in shear, whilst beam A2h 
achieved a flexural failure, the concrete reaching, and passing, the assumed failure strain 
of the material of 0.0035. The curved characteristic of the response obtained for beam 
A2h at high loads after yielding of the steel reinforcement demonstrates that the concrete
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was behaving in a non-linear manner in compression as failure was approached. This 
behaviour accounts for the curvature of the post-yielding response obtained for beam 
A2h, shown in Figure 4.15 on page 100. For this size and type of plate material, no 
further enhancements of strength could be achieved without the addition of 
strengthening in the compression zone of the constant moment region; this represents an 
upper limit to the tensile flexural strengthening which can be achieved, the critical 
section failing in compression.
Beam A2c
Beam A2g (clamped) 
Beam A2h (GFRP angles)
-0.0045 -0.004 -0.0035 -0.003 -0.0025 -0.002 -0.0015 -0.001 -0.0005 0
Longitudinal compressive strain
Figure 4.17 Effect of plate end anchorage on compressive strain responses.
4.3.5 Test conclusions
The batch ‘A’ tests described above demonstrated that 1.0 m length beams could be used 
to provide useful information regarding FRP strengthened beam behaviour, whilst being 
relatively easy to prepare, test and analyse. Further tests were thus planned. Initial tests 
demonstrated the feasibility and general characteristics of the strengthening technique 
with regards to potential benefits and disadvantages, whilst variation of some simple test 
parameters indicated that plating to as close to the supports as possible was beneficial, 
and that anchorages at the plate ends can be an effective way of preventing brittle plate 
separation whereas side plates without connection to the soffit plate produce little 
benefit.
In all batch ‘A’ tests, the external GFRP plate was used relatively inefficiently, in that the 
maximum strains recorded were well below the failure strain of the material. It was 
planned to investigate the use of CFRP, which has increased stiffness but reduced strain 
to failure, in the batch ‘B’ tests, as well as the effect of reducing the plate area. Further 
study into anchorage systems was also planned.
For the batch ‘A’ beams, a ‘realistic’ beam design was chosen, with shear capacity
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adequate to ensure that failure of the unplated specimen occurred in flexure. However, 
external plating can increase the flexural capacity considerably, depending on the plate 
material and area utilised. In such circumstances, the strengthened beam may become 
under-reinforced in shear if the strengthened flexural capacity exceeds the shear strength 
of the section. This was demonstrated with the batch ‘A’ beams by the dominance of 
shear cracking in the shear spans, and their apparent contribution to the observed failure 
modes. The occurrence of such widespread shear cracking lead to an increase in the 
amount of shear links provided in all remaining 1.0 m length beams manufactured, as 
shown in Figure 3.3 on page 53. However, the provision of shear links can only affect the 
extent of shear cracking; it will not affect the plate and cover separation failure mode, 
which appears to be dependent on the tensile tear-off strength of the cover concrete 
beneath the longitudinal reinforcement. From the tests carried out, the provision of 
effective anchorages appears to be the best way of preventing plate separation.
The inclusion of an external plate will increase the shear strength of the basic section to 
some extent by restraining the initiation and widening of flexure/shear cracks and 
providing a measure of dowel action. This dowel action would be considerably greater if 
steel plates were used as the strengthening medium rather than thin FRP plates; Ziraba, 
1993 has considered the enhancement of shear capacity resulting from the use of steel 
soffit plates. However, unless the external plate passes beneath the supports at either end, 
there remains critical, unplated sections between the support and the plate ends which 
have only the shear strength of the unplated section. If cracks initiate in this area, 
collapse of the member becomes imminent, either by plate separation if the amount of 
shear links provided is adequate and the plate ends are unanchored, or by a combination 
of shear and plate separation, with large shear cracks passing through the section, 
dividing the beam.
The amount by which an external FRP plate can increase the shear strength of the 
unplated beam was demonstrated in the batch ‘A’ tests. Beam A2d, strengthened with an 
external plate which terminated mid-way along the shear spans, failed in shear at a load 
of 31.5 kN. This compares with the design value of BS 8110, 1985, excluding partial 
safety factors, of 29.1 kN, and can be taken as the ultimate shear strength of the unplated 
section. Beam A2g had the ends of the plate clamped to the beam to prevent plate 
separation and failed in shear at a load of 41.0 kN. This shows the effect which the 
external plate has on shear strengthening; extending the plate up to the supports 
increased the shear capacity from 31.5 kN to 41.0 kN, an increase of 30%. Further 
increases could be expected if the plate passed over the supports, preventing shear cracks 
finding the plate end and providing a clamping force perpendicular to the beam. This was 
to be investigated in the batch ‘B’ beam tests.
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4.4 Batch ‘B’ beams
4.4.1 Introduction
As described in the previous Chapter, all remaining 1.0 m length beams used in this 
experimental investigation were cast outside the University by an outside contractor. The 
ten 1.0 m length beams described in this section and denoted as batch ‘B’ were intended 
to follow on from the observations obtained from the batch ‘A’ tests and further extend 
the parameter study.
4.4.2 Parameters investigated and test details
These beams contained a different shear link configuration to that used for the batch ‘A’ 
beams, as shown in Figure 3.3 on page 53. Using the procedures described in BS 8110, 
1985 but excluding the partial safety factors for strength on the concrete and steel, gives 
a shear capacity for the unplated section of 17.6 kN, or a total applied load capacity of
35.1 kN, compared to the 29.1 kN obtained with the batch ‘A’ link configuration. For the 
batch ‘B’ beams, the parameters which were studied experimentally were the plate cross- 
sectional area and aspect ratio, the plate material and the effect of different plate end 
anchorages. A summary of the test parameters is given in Table 4.6.
Table 4.6 Batch ‘B’ beam test parameters.
Beam Plate material Plate size Plate end
(mm) system
B1 (unplated) - - -
B2 GFRP 80x1.2x860 None
B3 GFRP 30x1.2x860 None
B4 GFRP 60x1.6x860 None
B5 GFRP 80x1.2 x 860 Steel clamps
B6 CFRP 80x1.2x860 None
B7 CFRP 80x1.2x1000 Support reactions
B8 CFRP 80x1.2 x 860 GFRP angles 100 x 70 x 40 mm
B9 CFRP 80x1.2x860 Steel clamps
BIO CFRP 65 x 1.2 x 1000 Support reactions
The effect of the plate cross-sectional area was investigated by reducing the plate width 
while keeping the plate thickness constant at 1.2 mm. The plate width-to-thickness (b/t) 
ratio was also investigated since, in steel plating applications, thick, narrow plates with 
aspect ratios of less than 50 have been associated with brittle peeling failure modes 
(Macdonald, 1982; Swamy e ta l ,  1987). Consequently, ratios of 38 and 67 were tested in 
this study. The effect of the b/t ratio was isolated in these tests by maintaining a constant 
plate cross sectional area. Two different composite plate materials were studied; 
pultruded glass fibre/vinylester, as used in the batch ‘A’ tests, and carbon fibre/epoxy
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prepreg. The properties of the FRP materials have been given in Section 3.3.3 on page 
55.
Three different methods of securing the plate ends to the beam were used in the batch ‘B T 
tests. The steel clamps used for beam A2g, described above and shown in Figure 4.14 on 
page 99 were used for beams B5 and B9. GFRP angles, similar to those used for beam 
A2h but with an increased height of 70 mm to extend higher up the beam sides, were 
used for beam B8, bonded in the same locations as shown in Figure 4.14. In addition, 
plating the beam over its full length was investigated so that, when installed in the testing 
frame, the reactions at the supports prevented the plate separating from the beam. In this 
way the clamping force increased with the applied load, reducing the possibility of plate 
slip at higher loads. The locations of the strain gauges for the full-length plates relative to 
the beam centreline were the same as those used for all other beams which terminated 
short of the supports, as shown in Figure 3.12 on page 72, to allow comparison of strains 
registered. In addition, gauges were also attached to the plate at each end beyond the 
supports, outside the loaded span of the beam. This allowed the amount of strain in the 
plate transferred across the support to be observed, giving an indication of the 
effectiveness of the clamping system.
In all tests except beams B7 and BIO, the external plate was 860 mm in length, thereby 
terminating 20 mm short of each support centreline. This was the same condition as that 
used for all batch ‘A’ beams except beam A2d. The preparation of the beams and the 
bonding procedure have been described in the previous Chapter. The thickness of the 
adhesive used to bond the FRP plate to the concrete beam was controlled as far as 
possible with ballotini of 2.0 mm diameter for all plated cases. The compressive strength 
of the concrete at the time of beam testing was taken from the strength development 
curve given in Figure 3.1 on page 51; each beam was sufficiently old by the time that 
testing was carried out to assume that the strength remained approximately constant for 
all cases. All beams were tested monotonically to failure using the loading arrangement 
shown in Figure 3.12 on page 72. The results are presented below.
4.4,3 Test results
The results of the batch ‘B’ experimental work are summarised in Table 4.7 to Table 4.9. 
Table 4.7 presents the effects which the addition of an external FRP plate had on the 
beam strength at serviceability, yield and ultimate loads. Table 4.8 gives the ductility 
values and the modes of failure of the batch ‘B’ beams. Table 4.9 summarises the effects 
which external plating was observed to have on the stiffness of the 1.0 m length ‘B’ 
beams, both before and after yielding of the internal reinforcing steel had occurred.
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Table 4.7 Batch ‘B’ beams; strengthening effects of plating.
Beam Serviceability Increase over Yield load Increase over Maximum load Increase over
load (kN) unplated (%) (kN) unplated (%) carried (kN) unplated (%)
BI (unplated) 11.3 - 13.0 - 17.0 -
B2 16.0 41.6 23.0 77.0 34.0 100.0
B3 13.0 15.0 17.0 31.0 24.6 45.0
B4 16.0 41.6 23.0 77.0 35.0 106.0
B5 16.0 41.6 25.0 92.0 47.0 177.0
B6 22.4 98.2 33.0 154.0 40.8 140.0
B7 22.4 98.2 33.0 154.0 63.5 274.0
B8 22.4 98.2 33.0 154.0 52.1 207.0
B9 22.4 98.2 33.0 154.0 51.2 202.0
BIO 20.3 79.3 27.0 108.0 55.5 226.5
Table 4.8 Batch ‘B’ beams; ductility and modes of failure.
Beam Ductility Proportion of unplated 
ductility (%)
Mode of failure
BI (unplated) 13.30 - Steel yield, concrete crushing
B2 3.45 25.9 Plate and concrete cover separation
B3 4.15 31.2 Plate separation
B4 3.51 26.4 Plate and concrete cover separation
B5 6.87 51.7 Horizontal shear at base of beam
B6 2.26 17.0 Plate and concrete cover separation
B7 4.67 35.1 Steel yield, concrete crushing
B8 3.31 24.9 Plate and concrete cover separation
B9 3.31 24.9 Horizontal shear at base of beam
B10 5.43 40.8 Steel yield, concrete crushing
Table 4.9 Batch ‘B’ beams; stiffening effects of plating.
Beam Increase in Post-cracking Increase over Post-yielding Post-cracking
IcW stiffness unplated (%) stiffness stiffness
(kN/mm) (kN/mm) retained (%)
BI (unplated) - 4.05 - - -
B2 34.0 6.29 55.3 2.71 43.1
B3 13.0 4.60 13.6 1.30 28.3
B4 34.0 6.30 55.6 2.69 42.7
B5 34.0 6.40 58.0 2.55 40.0
B6 75.0 7.86 94.1 4.32 55.0
B7 75.0 7.75 91.4 4.29 55.3
B8 75.0 8.35 106.1 4.36 52.2
B9 75.0 8.45 108.6 4.35 51.5
B10 62.0 7.29 80.0 332 45.5
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Discussion of the particular effects of the parameters studied is given in the following 
section.
4.4.4 Discussion of test results
Initially, the results obtained from testing beams strengthened with GFRP are 
considered, namely beams B2 to B5, before the effects of using CFRP as the plating 
medium, beams B6 to BIO are discussed.
4.4.4.1 General observations
The effects on the overall response of adding an external plate to the basic unplated beam 
were assessed by comparing the load/deflection behaviours of beams B 1 and B2, as 
shown in Figure 4.18; this demonstrated the typical characteristics described earlier, 
namely increases in serviceability, yield and ultimate loads, post-cracking and post- 
yielding stiffnesses.
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Figure 4.18 Effect of GFRP plating on load/deflection response for batch ‘B’ beams.
When unplated, beam B 1 had a x/d ratio calculated from the cracked transformed section 
of 0.30. The addition of an external GFRP plate 80 x 1.2 mm in section increased this 
value to 0.34, and the consequent second moment of area of the section, 1  ^by 34%. This 
caused the moment required to produce a given bending stress, and thus the 
serviceability load, to be increased. It was found that, as a result o f the apparent high 
strength of the concrete mix used to manufacture the beams, determined as a cube 
strength at the time of testing of 53 .0 N/mm2, the serviceability loads of all of the batch 
‘B’ beams were governed by the stress in the steel reaching 0.75fy. For the unplated beam 
B l, yielding of the internal steel, which occurred at a load of 13.0 kN, was accompanied 
by a sudden loss of stiffness, with little additional load being supported before 
compression failure caused collapse at 17.0 kN. The ductility of the unplated beam,
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however, was high, with large deflections reached before collapse.
In the case of GFRP plated beam B2, failure occurred by typical plate separation, with 
the plate and concrete cover being ripped off right to the centreline of the beam from one 
end. The ductility of beam B2 was found to be only 26% of that observed for unplated 
beam B l. The effect o f the shear link configuration on the failure mode was apparent 
from a comparison of beam A2c, which had a link spacing of 100 mm, with beam B2, at 
a spacing of 50 mm, both beams being strengthened with a GFRP plate 80 x 1.2 x 860 
mm. This showed that, although both beams failed as a result o f plate separation, the 
shear cracks for beam B2 were closer together, reflecting the link spacing, were steeper 
in inclination, and were generally narrower in appearance than those in the failure shear 
span of beam A2c. Despite the greater shear capacity of beam B2 provided by the larger 
number o f links, the maximum load carried before plate separation occurred, 34.0 kN, 
was slightly lower than that of beam A2c, which failed in the same way at 37.3 kN. This 
suggests that the plate separation failure mode is relatively insensitive to the amount of 
shear reinforcement provided in the section. Both the tensile and compressive strength o f 
the concrete mix used for the batch ‘B ’ beams were found to be higher than those of 
batch ‘A’, as described in Section 3.2.1 on page 49. It would therefore be fair to assume 
that the tear-off strength o f the concrete, which must be related to the compressive, shear 
and tensile strength, as well as the strength o f the bond with the internal steel, would be 
superior to that o f batch ‘A’, and thus the plate separation load would be, if anything, 
higher. This was not the case, which suggests either the mix used to cast the batch ‘B’ 
beams was different in some way to that used to cast the cubes and tensile specimens, or 
that much greater care had been taken in the preparation o f the cubes and tensile 
specimens than for the beams themselves. This was supported by the fact that the 
unplated batch ‘B ’ beam B l failed in compression at a lower load than beam A2a, 
despite its supposed higher cube strength. These observations cast some doubt as to the 
validity of the material properties determined for the 1.0 m length beams cast by Grecon 
Ltd.
4.4.4.2 Effect of external plate area
The premature nature of the collapse observed for beam B2 was illustrated by the fact 
that at the point at which plate separation occurred, the maximum longitudinal tensile 
strain in the GFRP plate had reached only 6000 pS, little over one-quarter of the failure 
strain of the material, whilst the compressive strain at the upper surface of the concrete 
had reached a strain of only 0.002. The cross-sectional area of the external plate was 
reduced for beam B3 in an attempt to increase the tensile strains in the plate, and thus 
make more efficient use of the tensile strength o f the material. The width of the external 
plate was thus reduced to 30 mm, whilst maintaining the thickness at 1.2 mm, a 
reduction in cross-sectional area o f around 60%. The effects which this variation had on
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overall response are shown in Figure 4.19 and summarised in Table 4.7 to Table 4.9 on 
page 107. For both beams B2 and B3, the external plate was unanchored at its ends.
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Figure 4.19 Effect of plate cross-sectional area on load/deflection response.
The serviceability load was reduced from 16.0 kN to 13.0 kN by the reduction in plate 
area because of the effect on the second moment of area of the section, resulting in an 
increase of Ic over the unplated case of only 15%. Yielding of the internal steel occurred 
at around 17.0 kN for beam B3, as opposed to 23.0 kN for beam B2 with the larger plate 
area, a reduction of 26%. The maximum load supported by beam B3 was 24.6 kN, 
compared to 34.0 kN for beam B2, a reduction of 28%. However, 24.0 kN still represents 
an increase over the unplated case of 45%, and is relatively high when it is considered 
that the plate area has been reduced by over 60% in comparison to beam B2.
Beam B3 collapsed as a result of the external plate separating from the beam for about 
two-thirds of its bonded length. However, the failure surface was within the concrete just 
above the bondline, rather that at the level of the internal steel reinforcement as observed 
for beam B2. Crack development had only reached the stage where vertical flexural 
cracks could be seen within, and just outside the constant moment region; no diagonal 
shear cracks acting towards the load points could be seen in the shear spans. This mode 
of failure, which appears to be independent of the vertical shear acting on the section, 
was a result of the tensile force in the plate being transferred into the concrete over an 
area much smaller than that of the wider plates used previously. The horizontal shear 
stress resulting from this force transfer exceeded the tear-off strength of the concrete, 
causing the plate to separate from the beam at a relatively low load. It is doubtful 
whether anchoring the plate to the beam would have caused much improvement in 
failure load, since the same amount of tensile force would still have been transferred into 
the concrete over the same area. The implication from this result is that the bond stresses
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at the interface should be sufficiently small so that tearing of the plate does not occur 
under high loads. These bond stresses are influenced by the width and thickness of the 
plate, as described in Chapter 3. The use of wider plates decreases the horizontal 
shearing stress transferred through the adhesive into the bottom layers of concrete to 
tolerable levels, causing a shift of the failure surface upwards to the level of the internal 
reinforcement.
The post-cracking stiffness of beam B3 was substantially less than that of beam B2, and 
represented an increase of only 15% over the unplated case, roughly in agreement with 
the change in second moment of area of the section. The post-yielding stiffness of beam 
B3 was also much lower, at less than 50% of that of beam B2, with a consequently lower 
amount of stiffness retained after yielding. This reflects the fact that after yielding, when 
the external plate is carrying the majority of the tensile component, the area stiffness 
EpAp is lower when the plate area is reduced. The reduction in plate area increased the 
ductility of the strengthened beam somewhat from 3.45 to 4.15, an increase of 20%. 
However, this was still less than one-third of the unplated ductility.
A comparison of the longitudinal strain responses at various positions along the plate for 
beams B2 and B3, such as shown in Figure 4.20 for the plate centre, shows that at all 
stages, the strains were higher for beam B3 with reduced plate area, than beam B2. This 
is to be expected since the deflections, and hence bending stresses, for beam B3 were 
also higher. At 24.6 kN, the ultimate load carried by beam B3, the maximum strain in the 
GFRP plate was around 8900 pS, whereas for beam B2 at the same load, the maximum 
plate strain was around 2900 pS. Ib is  suggests that reducing the plate area by around 
two-thirds increases the plate strains by a factor of three. However, beam B2 achieved a 
higher load-carrying capacity, with the maximum strain rising to 6000 pS before 
collapse. The benefits of reducing the plate area with regards to using the GFRP material 
more efficiently were thus negated by the occurrence of failure at a low load. The 
compressive bending strains at the surface of the concrete were also higher for beam B3 
than B2. At the failure load of 24.6 kN for beam B3, the compressive strain had reached 
0.0027, whereas under this load, beam B2 had only strained to 0.0012. Beam B2 reached 
a strain of 0.002 at collapse.
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Figure 4.20 Effect of plate cross-sectional area on strain response at plate centre.
For a given applied load, the longitudinal strains in the concrete beneath the neutral axis 
at the centre of the beam, as obtained through demec readings, were higher for beam B2 
than for B3. This was expected since the beam rotation was higher, but demonstrates that 
the smaller plate area is less effective than the wider plate at restraining the formation 
and widening of flexural cracks. For a given load level, the neutral axis was significantly 
higher for beam B3, so that less of the concrete was acting in compression, a less 
efficient use of the material. Stain readings through the depth of the concrete and at the 
centre of the plate demonstrated that strain compatibility and composite action were 
equally well maintained for the smaller plate area.
4.4.4.3 Effect of plate aspect ratio
As described at the start of this section, two different GFRP plate aspect (b/t) ratios were 
investigated in the batch ‘B’ tests, 38 and 67, both plates having the same cross-sectional 
area, both unanchored at their ends and both terminating at the same points. The load/ 
deflection responses obtained for beam B2, strengthened with a GFRP plate of section 80 
x 1.2 mm, and beam B4, strengthened with a plate 60 x 1.6 mm, are shown in Figure 
4.21. The general results are presented in Table 4.7 to Table 4.9 on page 107.
It can be seen that the overall responses were almost identical. The modes of failure were 
also the same, both beams failing by plate and concrete cover separation. These 
observations appear to disagree with those obtained from steel plating investigations, as 
described in the review of literature, where it has been suggested that as long as the 
aspect ratio remains above 50, a flexural failure will be obtained, wherein the external 
steel plate will yield and the concrete crush in compression (Swamy et al., 1987). 
Although the use of FRP removes the possibility of a yield plateau in the external plate 
behaviour, concrete crushing should occur before plate separation for beam B2, with a b/
Beam B2 (80 x 1.2 mm) 
Beam B3 (30 x 1.2 mm)
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t of 67, according to the guidelines for steel plating, although the premature mode of 
failure would be expected for beam B4 with a b/t of 38. This suggests that such 
guidelines cannot be assumed to apply for FRP plating, as claimed by Swamy and 
Mukhopadhyaya, 1995.
0 1 2 3 4 5 6 7 8  
Central deflection (mm)
Figure 4.21 Effect of plate aspect ratio on load/deflection response.
The strain responses and distributions in both tension and compression were also very 
similar for the two beams in question. In both cases, the longitudinal tensile strain in the 
plate reached about 6000 pS, and the compressive strain in the concrete about 0.002 at 
failure, well below the respective failure values of the two materials. It therefore appears 
that for the values tested, plate aspect ratio has little apparent effect on overall behaviour. 
Unfortunately, it was not possible to increase the plate aspect ratio any further for the 
GFRP strengthened cases, since 1.2 mm represented the minimum thickness which could 
be pultruded by the manufacturer. Likewise, 80 mm was just about the maximum width 
of GFRP which could be consistently produced by the pultrusion technique with the 
capacity of machine available.
4.4.4.4 Effect of GFRP clamping
The steel clamps described earlier were used to anchor the plate ends for beam B5, which 
was prepared and externally strengthened in the same way as beam B2, with a GFRP 
soffit plate of dimensions 80 x 1.2 x 860 mm. The torque applied to the clamping system 
was increased in an attempt to prevent the plate slipping as observed for beam A2g, 
anchored in the same way. The load/deflection responses of beams B2 and B5 are 
compared in Figure 4.22, with the results quantified in Table 4.7 to Table 4.9 on page 
107.
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Figure 4.22 Effect of anchorage on GFRP plated beam load/deflection behaviour.
The serviceability load calculations are unaffected by the inclusion of anchorages, and 
thus remains at 16.0 kN for both beam B2 and B5. The yield load appeared to be slightly 
higher for the clamped case, beam B5, at 25 .0 kN, compared to the unanchored beam B2, 
with a consequent higher increase over the unplated beam at 92%. The maximum load 
carried by beam B5 was considerably higher than that obtained for beam B2; 47.0 kN 
representing a 177% increase in load-carrying capacity over the unplated beam BI and a 
38% increase over the unanchored beam B2. The benefits of clamping the plate ends can 
also be seen from the values of ductility obtained; the use of plate end clamps increased 
the ductility by 100% in comparison to the unanchored beam B2, to give by far the 
highest ductility obtained for the GFRP plated batch ‘B ’ beams at 52% of the unplated 
value.
The failure modes of beams B2 and B5 were also different. As reported above, 
unanchored beam B2 failed in a typical plate and concrete cover separation manner. 
Beam B5 appeared to fail by horizontal shearing action at the base of the beam towards 
the plate ends, which occurred in a very brittle manner; inspection of the beam after 
collapse showed that beneath the clamp at one end, shear failure had occurred at the 
adhesive/GFRP plate interface, leaving the adhesive still bonded to the concrete for a 
short distance. Away from the position of the clamp, the failure surface had occurred 
within the concrete at the base of the beam for a further 70 - 80 mm, leaving aggregate 
bonded to the plate, before rising along a shear crack to the level of the internal 
reinforcement, along which level it continued up to the centre of the beam. Several shear 
cracks acting towards the load point could be seen in the failure shear span. No diagonal 
shear cracking could be seen around the plate end regions, demonstrating the confining 
effect which the clamp had on the section.
Beam B2 (unanchored) 
Beam B5 (clamped)
Central deflection (mm)
4.4. Batch B ’ beams 114
The use of steel clamps appeared to slightly increase the post-cracking stiffness of beam 
B5 in comparison to that of the unanchored case beam B2, as shown in Figure 4.22. The 
post-yielding behaviours appeared to be similar over the region leading up to premature 
failure of beam B2, and thus similar amounts of stiffness were retained after yielding.
Since failure was delayed to a substantially higher load and deflection when anchored, 
the maximum bending stresses reached were also higher; the strain at the centre of the 
plate for beam B5 reached almost 9000 pS at failure, which represents 40% of the 
material failure strain, compared to the 6000 pS reached at collapse of beam B2, whereas 
the compressive strain at the upper surface of the concrete for beam B5 reached 0.0033, 
little below the design failure strain of 0.0035, indicating that a flexural failure had been 
imminent when horizontal shearing failure at the base of the beam had occurred.
The longitudinal strains registered by the gauges at the plate ends, Figure 4.23, showed 
dramatic increases at loads close to failure, showing that a much greater proportion of the 
plate was effective in supporting the tensile component. This demonstrates the effect of 
the clamps in preventing the strains from reducing gradually to zero at the plate ends, as 
occurs for the unanchored cases. The large increases in plate end strains may also 
indicate that horizontal shear failure was occurring within the bottom layers of concrete 
along the shear spans, thereby transferring more of the tensile load in the plate towards 
the anchored ends and causing a more even distribution of strain along the plate. The 
trace for beam B5, end 1 shows a reduction just before failure occurred; this was the 
beam end for which shear failure at the adhesive/plate interface was observed.
Longitudinal strain (microstrain)
Figure 4.23 Effect of clamps on plate end strains.
Beam B2, end 1 
Beam B2, end 2 
Beam B5, end 1 
Beam B5, end 2
4.4.4.5 Effect of external plate material
To this point, all external plating had been carried out using the pultruded glass fibre/ 
vinylester material supplied by Kobe Steel Ltd. However, it seemed apparent that
4.4. Batch B ’ beams 115
because of its high strain to failure, 2.2%, and relatively low stiffness, 50 x 103 N/mm2, it 
would not be possible to make full use of the tensile properties of the material, and the 
gains in strength and stiffness would always be relatively modest in comparison to those 
which could be attained with a material of higher stiffness and lower strain to failure. 
Therefore, beam B6 was plated with a carbon fibre/epoxy prepreg plate of the same 
dimensions, 80 x 1.2 x 860 mm, as that used for the GFRP plated beam B2. Both plates 
were unanchored at their ends and the results obtained were compared. The load/ 
deflection responses of beams B2 and B6 are presented in Figure 4.24, with the results 
summarised in Table 4.7 to Table 4.9 on page 107.
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Figure 4.24 Effect of external plate material on load/deflection response.
As a result of the higher short-term modular ratio of the CFRP plate (for GFRP, Ep/Ec = 
50/34 = 1.5; for CFRP, 120/34 = 3.53), the theoretical neutral axis position based on the 
cracked transformed section was lower, with a x/d ratio of 0.38 compared to that of 0.34 
when GFRP of the same dimensions was used, and hence the second moment of area L  
and serviceability load of the CFRP plated beam B6 were both higher than for the GFRP 
plated beam B2; the serviceability load was increased by 40% through the use of CFRP 
to 22.4 kN. The load at which yielding of the internal steel took place was also increased 
considerably through the use of CFRP to 33.0 kN, an increase of 43% over the GFRP 
plated beam B2 and 154% higher than the unplated beam B l, more than twice the 
increase resulting from the use of GFRP. The maximum load carried by the CFRP plated 
beam B6 was 40.8 kN, an increase of 20% over the GFRP plated beam B2. In both cases, 
the failure mode was premature plate and concrete cover separation. As a result of the 
lower deflection at collapse for beam B6, and also the slightly higher deflection at the 
increased serviceability load, the ductility value of beam B6 was very low, amounting to 
only 65% of that of beam B2, which failed in the same way, and only 17% of the 
unplated ductility.
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The increase in second moment of area of the plated section, I0 was more than doubled 
using CFRP, representing a 75% increase over the unplated case. The post-cracking 
stiffness of CFRP plated beam B6 was considerably higher than all GFRP plated beams; 
25% higher than beam B2, a comparable configuration using GFRP, and 94% higher 
than the unplated beam BI. The response after yielding was also considerably stiffer 
using CFRP, resulting in an increase of post-yielding stiffness over beam B2 of almost 
60%. Consequently the amount of post-cracking stiffness retained was also very high at 
59.5%, indicating that, when CFRP was used as the plating medium, yielding of the 
internal steel reinforcement had much less of an effect on overall member stiffness than 
when GFRP was used. The load to cause yielding was higher when CFRP was used 
because the plate, being stiffer, carried a greater proportion of the tensile component than 
in the GFRP case, consequently the steel carried less and therefore yielded at a higher 
load. Since the steel was carrying a smaller proportion of the tensile load, yielding had a 
proportionally smaller effect on overall member stiffness.
A comparison of the longitudinal strain responses obtained at the centre of the plate for 
beam B2 and B6 is shown in Figure 4.25. The higher stiffness of the CFRP plate can 
clearly be seen in the much lower rate of strain obtained for beam B6 both before and 
after yielding of the internal steel. Despite the lower rate of strain, the CFRP plate 
reached about 40% of its ultimate strain when beam collapse occurred, whereas for beam 
B2, the GFRP plate only reached about 25% of its respective ultimate value, despite the 
greater beam rotation. It can therefore be said that the CFRP plate was being used more 
efficiently than the GFRP.
Beam B2 (GFRP) 
Beam B6 (CFRP)
1000 2000 3000 4000 5000
Longitudinal strain at centre of plate (microstrain)
Figure 4.25 Effect of external plate material on strain response at plate centre.
The section strain measurements taken at the centre of the beam demonstrated that beam 
behaviour and composite action were equally well maintained irrespective of the plate
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material. At a given applied load level, the tensile strains recorded beneath the neutral 
axis were considerably lower when CFRP was used as the plating medium, 
demonstrating the advantages of this material over GFRP in terms of member stiffening 
and crack restraint. The section strains also showed that the position of the neutral axis 
was lower under the action of a given external load for the CFRP plated beam B6 than 
for the GFRP plated beam B2, in agreement with the theory, resulting in a greater 
proportion of concrete acting in compression, a more efficient use of the material. With 
the test set-up used, it was not possible to monitor the development of cracking very 
closely, but the section strain measurements demonstrate that for a given load, the 
number of cracks and their width and height were reduced when CFRP was used.
4.4.4.6 Effect of anchoring the CFRP plate
The test on beam B6 with an unanchored CFRP plate suggested that the use of this 
material could produce structural benefits for this application in comparison to GFRP. 
However, premature plate separation had occurred, as reported above, and it was obvious 
that to realise some of these potential benefits, the plate ends would have to be anchored 
to the beam in some way. Consequently, three anchorage schemes were tried; the steel 
clamps used previously and shown in Figure 4.14 on page 99 for beam B9, GFRP angles 
similar to those also shown in Figure 4.14 but with a vertical leg length of 70 mm, 
bonded at the same locations for beam B8, and plating the beam over its full length so 
that the support reactions provided anchoring forces for beam B7. In all cases the beams 
were prepared and externally strengthened with a CFRP plate of the same material and 
cross-sectional area, 80 x 1.2 mm. The results of these anchored cases were compared 
with those of beam B6, strengthened in the same way but with the plate ends 
unanchored. The overall responses obtained from these beams are shown in Figure 4.26, 
while the results are summarised in Table 4.7 to Table 4.9 on page 107.
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Figure 4.26 Effect of plate end anchorage on load/deflection response.
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The yield loads of each case were found to be the same, with a 154% increase over that 
of the unplated beam B l, indicating that the inclusion of anchorage has little effect at this 
load level. However, it was found that the maximum loads carried varied widely, the 
highest being the support anchored beam B7 at 63.5 kN, a 56% increase over the 
unanchored beam B6, and consequently also the greatest increase over the unplated 
beam B l at 274%. Beam B8, anchored with GFRP angles, and beam B9, anchored with 
the steel clamps, both failed at similar loads of 52.1 kN and 51.2 kN, representing gains 
of 28% and 25% respectively over the unanchored beam B6. As a result of higher 
ultimate deflections, all anchored cases had higher ductility values than beam B6. 
However, all ductilities were still considerably lower than the unplated beam B l, with 
the support anchored beam B7 having the closest value at 4.67, a 107% increase over 
beam B6 but still only 35% of the unplated value. Both the GFRP angle anchored and 
steel clamped beams B8 and B9 had the same ductility value, which represented a 46% 
increase over B6 but only 25% of the unplated value. Increases in ultimate load and 
ductility through the use of the clamps and GFRP angles as plate end anchorage were 
also noted earlier for beam A2g and B5 (clamps) and beam A2h (GFRP angles).
The modes of failure were different for all cases. Beam B7, anchored by the support 
reactions, failed initially as a result of crushing of the concrete. After crushing had 
initiated, the beam was allowed to continue to rotate, which resulted in a lower failure 
surface located at the adhesive/plate interface from the plate end, passed the support into 
the shear span, where it shifted up to occur within the bottom layers of the concrete for 
around 100 mm before rising again along a shear crack to the level of the internal steel. It 
then proceeded along at this level to the centre of the beam. It was unclear whether 
horizontal shear failure in the concrete at the base of the section had caused a sudden 
increase in the tensile loading at the clamped support, which then failed in shear at the 
adhesive/plate interface, or vice versa, with slip occurring at the anchorage, allowing 
shear failure to occur within the concrete.
For beam B8, failure occurred by plate separation with the angles becoming debonded at 
one end of the beam with a layer of concrete still attached. This mode of failure had been 
observed earlier for GFRP plated beam A2h, although in this case, compression failure 
had preceded angle debond. The soffit plate of beam B8 separated up to the beam 
centreline with the concrete cover attached along its length. The increase in maximum 
load carried for the GFRP angle anchored beam B8 must have resulted from the greater 
surface area of concrete into which the tensile stress in the soffit plate was transferred via 
the angle flanges bonded to the beam sides.
Beam B9 failed in a very similar way to that observed for beam B5 and also A2g, the 
GFRP plated beams also anchored with the steel clamps, by horizontal shearing at the
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base of the beam. The clamps resist the normal, peeling force which tends to pull the 
plate away from the beam, and therefore failure can only be a result of horizontal shear 
forces, not a combination of shear and peel. Under these circumstances the strengthened 
member can apparently support greater loads than when unanchored. There was 
evidence of shear failure between the adhesive and the FRP plate beneath the clamp at 
one end of the beam. The failure surface could then be seen to occur within the bottom 
layers of concrete for about half the length of the shear span before rising up along two 
shear cracks and passing right through the section to the load point. Again, it was unclear 
whether the interfacial failure at the clamped end was a cause or a result of failure within 
the concrete.
Both the unanchored beam B6 and beam B7, anchored by the support reactions, had 
almost identical load/deflection behaviours up to the point at which the unanchored plate 
separated from the beam, the only difference in overall behaviour being that for the 
anchored beam B7, the support reactions prevented plate separation and delayed failure 
until a much higher load was attained. The load/deflection responses obtained for beams 
B8 and B9 were found to be very similar in terms of post-cracking and post-yielding 
stiffnesses, as well as maximum load supported. These two beams appeared to have 
stiffnesses both before and after yielding which were slightly above those of the 
unanchored beam B6, as shown in Figure 4.26. Such an occurrence was also observed 
for the previously tested 1.0 m beams anchored with the steel clamps or the GFRP 
angles. It is unclear why these stiffnesses should be slightly higher in comparison to 
beam B6, when the anchored beam B7 had almost identical response to the unanchored 
specimen. As a result, beams B8 and B9 produced the greatest increases in post-cracking 
stiffness over the unplated beam B I, at 106% and 108% respectively, with the 
unanchored beam B6 and support clamped beam B7 producing about a 90% gain. All 
anchored beams retained around 50% of their overall stiffness after yielding of the 
internal steel.
For the three anchored beams B7, B8 and B9, and the unanchored beam B6, the 
longitudinal strain responses at the centre of the external plates were very similar, the 
length of the trace indicating how effective the anchorage systems were at delaying the 
occurrence of failure. For unanchored beam B6, the maximum tensile strain registered in 
the external plate was just over 3500 pS; for beam B8, anchored with GFRP angles, this 
value rose to 5100 pS, whereas for beam B9, anchored with the steel clamps, a value of 
5000 pS was recorded. For beam B7, anchored by the support reactions, a much higher 
load-carrying capacity was achieved and the highest strain registered in the plate was 
6400 pS, a value which represents 77% of the ultimate strain of the CFRP material in 
tension.
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Variations were also observed between the readings registered at, or towards, the plate 
ends, as shown in Figure 4.27, each trace showing the response at one end of each beam.
Beam B6 (unanchored) 
Beam B7 (support reactions) 
Beam B8 (GFRP angles) 
Beam B9 (clamped)
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Figure 4.27 Effect of plate end anchorage on strains at plate ends.
For the unanchored beam B6, strains close to the plate ends were found to be negligible, 
and in fact became negative as failure was approached, indicating peeling away of the 
plate from the beam. For beam B7, anchored by the support reactions, the gauges 
positioned at the same locations along the plate as those at the plate ends for the other 
beams, registered high strains, approaching 4000 pS close to failure. Gauges located 
after the supports outside the loaded span, not shown in the Figure, demonstrated that 
very little tensile load was transferred across the supports, even close to failure, 
demonstrating effective clamping. Higher strains close to the plate ends were also a 
feature of the angle anchored beam B8 and the clamped beam B9, as shown in Figure 
4.27, and were also observed for the previously tested 1.0 m beams anchored with the 
steel clamps or the GFRP angles. However, for beam B9, the end strains reached 
maximum values then decreased, suggesting that the external plate was slipping at the 
clamps.
The anchorage forces produced at the supports for beam B7, and also those of the angle 
and steel clamp anchorages, force the external plate to act compositely with the concrete 
beam over a greater proportion of its length, thereby reducing shear distortion in the 
adhesive layer. The result is that the tensile strain distribution along the plate is more 
uniform along its length, without the gradual decrease in strain, and thus force, towards 
the plate ends as shown for the unanchored cases. The plating material can therefore be 
said to be being used more efficiently. This is clearly demonstrated in Figure 4.28 for 
beam B7. The plate is then also more effective at restraining crack development over its 
length than when unanchored.
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Figure 4.28 Effect of plate end anchorage on strain distribution for beam B7.
As with the tensile strains in the external plate, the maximum value of compressive strain 
recorded for the concrete indicated how effective the different anchorages were at 
delaying the occurrence of failure. Unanchored beam B6 reached a maximum 
compressive strain at the top surface of the beam in the constant moment region of 
0.0017 when plate separation occurred, whereas beam B8 reached 0.0032, similar to that 
recorded for beam B9. Beam B7, anchored by the support reactions, reached, and passed, 
the design ultimate strain of the concrete in compression, 0.0035, before failing by 
crushing. The strain response was behaving non-linearly as failure was approached, with 
the rate of strain increasing with the applied load.
4.4.4.7 Effect of plate area when plate anchored under supports
Using the reactions at the supports to clamp the plate to the beam had allowed a flexural 
failure, in which the concrete reached its ultimate strain in compression, to be achieved. 
When this had occurred, the tensile strain in the external CFRP plate was still below its 
ultimate value, so to investigate whether a more balanced failure could be achieved, in 
which the concrete and external plate both attained high strains relative to their 
respective failure values, the CFRP plate area was reduced for beam B10, whilst 
maintaining the anchoring effect of the support reactions. Since the maximum strain 
recorded for the CFRP plate of beam B7 had been around 77% of the failure strain of the 
material when collapse had occurred, the area of the plate was reduced by 20% for beam 
B10 by using a plate of cross-sectional area 65 x 1.2 mm to see how this would effect the 
response obtained. The load/deflection behaviours of beams B7 and B10 are compared in 
Figure 4.29, with the results summarised in Table 4.7 to Table 4.9 on page 107.
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Figure 4.29 Effect of plate area on load/deflection responses when plates anchored by 
support reactions.
Decreasing the CFRP plate area reduced the calculated serviceability load to a value 
80% above that of the unplated case, since the stress in the internal steel governs this 
load level, and with less plate area acting in tension, the steel is forced to carry a greater 
proportion of the tensile load. For the same reason the yield load was also found to be 
lower at 27.0 kN, a reduction of around 20% from that of beam B7, in line with the 
reduction in plate area. The maximum load carried by beam B10 was 55.5 kN, a 
reduction of around 13% compared to beam B7, but still above that of the angle anchored 
beam B8 and the steel clamped beam B9, and an increase of 227% over the unplated 
beam B l. Therefore, if ultimate load is the parameter governing choice of the 
strengthening system, using the reactions at the supports as anchorage allows narrower 
plates to be used than other anchorage systems for the same gains in strength. As a result 
of increased ultimate deflection, the ductility of beam B10 was some 16% higher than 
that of beam B7, representing over 40% of the unplated ductility, and the highest value 
attained by the CFRP plated beams. This was, however, less than the ductility attained by 
the GFRP plated beam B5, for which the plate ends were anchored with the steel clamps. 
The modes of failure of beam B7 and B10 were very similar in that crushing of the 
concrete initiated collapse, followed by horizontal shear failure at the base of the beam as 
the beam rotation increased.
The post-cracking stiffness decreased by 6% between beams B7 and B10. The load/ 
deflection responses shown in Figure 4.29 demonstrate that the stiffness after yielding of 
the internal steel was also slightly reduced by using a plate of lower cross-sectional area, 
as would be expected since the area stiffness, EpAp in tension had been reduced. 
Calculating values for the post-yielding stiffnesses of beams B7 and B10 was difficult 
since the responses became non-linear as the load increased, reflecting the nature of the
Beam G7 (80 x 1.2 mm) 
Beam G10 (65 x 1.2 mm)
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concrete in compression as the failure strain was approached. However, it does not 
appear that a 20% decrease in plate area has caused a 20% decrease in either the post­
cracking or the post-yielding stiffness.
For a given loading, the plate strains and strain rates were found to be higher for beam 
BIO than for B7, as shown in Figure 4.30, reflecting the higher stress carried by the plate 
as a result of its reduced area.
•a Beam B7 (80 x 1.2 mm) 
Beam BIO (65 x 1.2 mm)
Longitudinal strain at centre of plate (microstrain)
Figure 4.30 Effect of plate area on strain response at plate centre when plates anchored 
by support reactions.
It was found that the distribution of longitudinal strain along the length of the plate was 
even more uniform for beam B10 than beam B7, as can be seen by comparing Figure 
4.31 with Figure 4.28 on page 122.
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Figure 4.31 Effect of plate end anchorage on strain distribution for beam B10.
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As a result of the reduced area stiffness of the CFRP plate in tension and thus the lower 
overall member stiffness, the compressive strain rate of beam BIO was also higher than 
that of beam B7, both before and after yielding. Consequently, the design ultimate strain 
of the concrete in compression, and crushing failure, were reached at a lower applied 
load. This meant that the tensile strain in the plate, although increasing at a greater rate 
for beam BIO, as shown in Figure 4.30, did not have a chance to reach maximum strains 
which were close to the material failure value of 8330 }iS; the maximum strain recorded 
for beam BIO was 7000 pS, 85% of the material failure value, compared to 77% for 
beam B7.
4.4.5 Test conclusions
The use of a greater number of shear links in the batch ‘B’ beams resulted in the 
elimination of failure modes by which collapse was a result of shear failure right through 
the section, as observed in several of the batch ‘A’ tests, and the development of shear 
cracking was, in general, less extensive in comparison to the batch ‘A’ beams, as would 
be expected. The fact that the ultimate shear capacity of the unplated section, 35.1 kN, 
was exceeded by the majority of cases, despite the variations in failure mode, 
demonstrates the effectiveness of the external plate at increasing the shear capacity, 
especially when anchorages are used at the plate ends.
Since reducing the plate area decreases the area stiffness acting in tension, the beam 
deflection and hence rotation are increased for a given loading when the plate area is 
reduced, which implies that the compressive strain at the top surface of the concrete 
induced by bending is also increased. Subsequently, compressive failure occurs at a 
lower applied load when the plate area is reduced, as long as a flexural form of failure is 
ensured and premature plate separation avoided. This was illustrated by the comparison 
of the results of CFRP plated beams B7 and B10. The most efficient use of the concrete 
and FRP would occur if the system was designed such that both materials reached their 
respective failure strains simultaneously. This issue is discussed in greater detail in the 
analytical work described in Chapter 8. However, from the results obtained so far, it 
appears that when GFRP is used as the plating medium, with its high strain to failure and 
relatively low stiffness, the ultimate compressive strain of the concrete will always be 
reached before the ultimate tensile strain of the plate. This relatively inefficient use of the 
material, coupled with the fairly modest gains in stiffness and strength in comparison to 
those attained through the use of CFRP, all count against the use of GFRP for this 
application.
Additional advantages of CFRP over GFRP have been considered in Chapter 2 - see the 
discussion following Table 2.1 on page 28. Concerns associated with the long-term 
durability of GFRP are considered later within the discussion in Section 6.2.4 on page
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200. Although GFRP is less expensive than CFRP, the material costs involved in an 
external plate bonding application are likely to be relatively small compared to the 
labour costs (Meier, 1995). One advantage attained through the use of GFRP is that the 
ultimate deflection would be higher than if CFRP were used. However, since it is 
unlikely that such a loading would be experienced during normal service, this may be 
considered of secondary importance. In view of its potential benefits, it was decided to 
make use of CFRP as the plating medium throughout the remaining test programme.
It seems apparent from the tests carried out to this point that, for this beam configuration 
and material properties, some form of plate end anchorages are essential if non-flexural 
failure modes are to be avoided. Of the anchorages considered up to the end of the batch 
‘B’ tests, using the support reactions to clamp the plate ends has proved to be the most 
effective, and consequently the beams used in the subsequent durability study were 
prepared with this in mind. However, this method is not particularly appropriate for 
practical applications where such a technique, if possible, could entail a considerable 
increase in difficulty. Whilst the use of bonded angles of some form may be applicable 
for situations involving relatively narrow-webbed RC beams, the method currently used 
in steel plating applications is bolting of the external plate, which can be used for 
strengthening both beams and slabs. Consequently, a set of six 1.0 m length beams, 
denoted batch ‘C’ were used to investigate the feasibility of bolted anchorages for FRP 
plating. The results obtained for these beams are presented in the following section.
For beam BIO, the plate area was reduced based on the previous results in an attempt to 
increase the plate strains and thus produce a more balanced form of failure. It was found 
that the plate strain rate and the maximum strain recorded were both increased, although 
the load which caused concrete crushing was reduced, for the reason described above. 
The results suggested that a more balanced failure mode could be achieved by further 
reductions in plate area. However, it was not considered a worthwhile exercise to test 
further beams to try to find the plate area at which the most balanced failure was 
produced. It was considered that achievement of compressive failure in flexure would be 
an appropriate measure of anchorage effectiveness, and thus plates of 80 mm width, the 
same as that used for beams B6, B7, B8 and B9 in the previous anchorage study were 
also used to investigate bolted anchorages. Although the occurrence of compression 
failure is considered to be a brittle mode of collapse in RC design, it is debatable whether 
allowing the FRP plate to fail in tension is any more desirable. The beams which have 
failed in compression thus far have been relatively ‘soft’ and ductile in comparison to the 
explosive FRP failures observed in tensile tests oh specimens of the materials.
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4.5 Batch ‘C* beams
4.5.1 Introduction
As mentioned above, a set of six 1.0 m length beams, supplied as a batch by Grecon Ltd. 
and denoted as batch ‘C’ were used to investigate some of the effects of bolted 
anchorages at the plate ends. The use of bolts as anchorage are common when steel is 
used as the plating medium in strengthening applications, both to resist forces tending to 
peel the plate away from the beam and to support the plate should the adhesive bond fail. 
Of the published literature on the use of FRP for external RC strengthening, only one 
investigation utilising bolts for plate end anchorage is reported, that of Deblois et al., 
1992. Of concern is the effect of the introduction of holes through the unidirectional FRP 
section.
The design of bolted connections in composite materials is much more complex than 
with standard structural materials such as steel, since fibre-reinforced materials can be 
weakened to a greater degree by the introduction of holes. As with other mechanically 
fastened joints, the introduction of discontinuities reduces the cross-sectional area, 
thereby lowering the load required to fail the material in tension. However, reinforcing 
fibres also become severed and high stress concentrations are introduced in the region of 
such discontinuities as a result of the anisotropy of the material, which promote fracture. 
Although FRP materials exhibit some stress concentration relief in the form of matrix 
cracking, fibre/matrix debonding, fibre breakage and fibre pull-out, resulting in 
behaviour which is not perfectly elastic, no yielding capability is present. As a result of 
this lack of plasticity, the tensile elastic stress concentration due to a circular hole in a 
unidirectional sheet can be more than three times that associated with isotropic materials 
(Collings, 1987), increasing with the ratio of member width to hole diameter (Rosner and 
Rizkalla, 1995a).
A detailed description of the strength of mechanically fastened FRP joints is given by 
Collings, 1987, with a theoretical stress analysis presented by Matthews, 1987. The 
design of such joints is examined by Hart-Smith, 1987. Mechanically fastened joints in 
composites display similar failure modes to metals, including tension, shear, bearing or 
bending, the distinction between bearing and tension failures being largely dependent on 
the joint geometry. The tensile failure mode can occur at low loads due to the high stress 
concentrations described above. However, because of the nature of the FRP, additional, 
complex failure mechanisms are possible such as cleavage and pull-out behind the bolted 
section (Rosner and Rizkalla, 1995a), the occurrence of which will be dependent on such 
factors as the fibre type and orientation, the member width and surface treatment. Shear 
pull-out failure can occur at relatively low loads, particularly in pultruded materials due 
to the high percentage of longitudinal fibres, and appears as splitting of the composite in
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the fibre direction behind the holes.
For unidirectional FRP, the width of the member is the predominant parameter 
influencing the capacity of the connection as well as the corresponding failure mode 
(Rosner and Rizkalla, 1995a). For narrow connections, the mode of failure is tension, 
whilst for wider connections, the edge distance behind the holes controls the occurrence 
of cleavage/pull-out or bearing failure, with cleavage occurring for relatively small edge 
distances, changing to bearing with increasing edge distance. A mathematical model and 
design procedure have been proposed by Rosner and Rizkalla, 1995b, based on 
experimental findings, to predict the ultimate load and failure mode of single-bolted 
connections in fibre-reinforced composite materials.
Clearly, drilling holes through unidirectional FRP is undesirable, with the efficiency of 
subsequent mechanical joints being very low unless the degree of anisotropy in the 
vicinity of the hole can be reduced, or measures taken to redistribute stresses away from 
the discontinuities. As a result of these considerations, it was decided that if anchorages 
passing through holes in the FRP plate were to be investigated, it would be necessary to 
provide an endplate of some description bonded over the soffit plate at its ends onto 
which the bolt heads would bear, to aid in redistributing the tensile, longitudinal stress in 
the soffit plate away from the holes. The use of a combined bonded and bolted anchorage 
reduces the stress concentrations that exist around the bolt holes in the laminate and also 
reduce the possibility of fatigue problems for the bolt fasteners alone (Rizkalla and Erki, 
1991). The length of overlap of the endplate with the soffit plate must be sufficient to 
prevent the latter ‘pulling out’ as a result of shear pull-out failure of the laminate beyond 
the bolts. The load transferred to the endplate is supported by the bolts through dowel 
action; the bolts also resist normal stresses acting away from the surface of the beam, 
thought to be associated with the plate ends. The length of bolt which penetrates the 
concrete must be sufficient to provide a sound anchorage, preventing pulling out of the 
bolts normal to the beam as the load increases.
4.5.2 Parameters investigated and test details
The six batch ‘C’ beams contained the same reinforcement and shear link configuration 
as used for the batch ‘B’ beams, and shown in Figure 3.3 on page 53. Of the six beams, 
one was tested unplated to act as a control against which the plated beams could be 
compared. For all five plated beams, pultruded carbon fibre/vinylester was used as the 
external plating medium, supplied by Techbuild Composites Ltd., for which the 
properties are given in Section 3.3.3 on page 55. This material is more economical to 
produce in greater quantities than prepreg and would be used in practical applications. It 
was thus utilised for the remaining beam tests in this investigation. The thickness of the 
pultruded CFRP was found to be, on average, slightly thicker than the prepreg at 1.3 mm.
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As described in the Test conclusions of batch *B\ a plate width of 80 mm was used for 
all strengthened beams of batch ‘C \  the aim of each test being to achieve compressive 
failure of the concrete without premature failure of the external plating system. As a 
result of the slightly increased plate thickness, the plate cross-sectional area was 
increased from 96.0 mm2 to 104.0 mm2. The modulus of elasticity of the pultruded CFRP 
was also found to be slightly higher than that of the prepreg material. Consequently, the 
area stiffness of the external plate used for the batch ‘C’ beams was higher than those of 
the CFRP plated batch ‘B’ beams.
The procedure adopted for preparation of the anchored beams was as follows. The 
concrete bond surface was gritblasted and cleaned, and the soffit plate of the required 
length was bonded in place after removal of the peel ply as described in Chapter 3. A 2.0 
mm thickness of adhesive was used for all external plate bonding. The endplates used 
were mild steel of thickness 6.0 mm and width 80 mm, so that when bonded in place they 
would cover the full width of the soffit plate, as shown in Figure 4.32. These plates were 
gritblasted and de-greased with solvent and, with the beam inverted, bonded in the 
correct locations at the plate ends using a 2.0 mm thickness of adhesive after having been 
pre-drilled with holes of 12 mm diameter in the positions shown in Figure 4.32. After the 
adhesive had cured sufficiently, nominally 48 hours, the bolt holes were drilled using a 
masonry drill bit of 10 mm diameter. The endplate thus acted as a template for drilling of 
the bolt holes. After drilling, the resulting holes were blown out to remove dust and 
debris, and filled with adhesive. The bolts, of 3/8” diameter, which were actually high 
yield setscrews, threaded over their entire length to provide a greater resistance to pull- 
out, were gritblasted and de-greased with solvent to remove contaminants which may 
have affected the subsequent bond. They were then pushed into the holes whilst being 
rotated to ensure the threads were covered with adhesive. Excess adhesive extruded from 
the holes was removed and a weight placed on top of the bolt heads to resist the tendency 
of the bolts to buoy upwards and ensure a flush fit with the steel endplate. The bolts were 
therefore not used in the normal sense since no tightening against a thread was carried 
out; they simply acted as an anchorage mechanism into the concrete. The bolts and 
endplates were bonded with the same epoxy adhesive, Sikadur 31 PBA, as used to bond 
the soffit plate.
After the adhesive in the bolt holes had cured, the beams were instrumented with ER 
strain gauges and demec pips as detailed in Figure 3.12 on page 72, the only difference 
being that the gauges at the plate ends were now positioned 10 mm from the edge of the 
endplate.
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Figure 4.32 Bolted anchorage arrangements for 1.0 m length beams.
The test parameters used for the batch ‘C’ beams are shown in Table 4.10. In addition to 
the unplated control beam, a plated beam was tested with no plate end anchorage so that 
the relative effectiveness of the subsequently used bolted systems could be assessed. In 
each anchored test, two bolts were used at each end of the plate, and their positions 
relative to the beam centreline were maintained constant in each case. The locations of 
the bolt holes across the width of the section were chosen so as to avoid the longitudinal 
internal steel reinforcement. The bolts were located towards the back end of each 
endplate so as to utilise an area as large as possible in front of the bolts for distributing 
stress away from the holes in the CFRP. The first bolted arrangement, used for beam C3, 
avoided drilling through the composite, as shown in Figure 4.32. To maintain the bolt 
positions, this involved using a soffit plate which was 20 mm shorter at each end and 
drilling beyond the plate end. For the remaining anchored beams, the bolts passed 
through the CFRP and adhesive layers, resulting in the plate being more directly 
anchored by the bolts, with the endplate acting to redistribute stress away from the holes 
and prevent shear and/or tension failure of the composite material at the plate end. Table 
4.10 shows that two bolt lengths, 50 mm and 80 mm, and two steel endplate lengths, 40 
mm and 60 mm were studied. The penetrations of the two bolt lengths into the concrete 
beam itself amounted to 38 mm for the shorter bolts and 68 mm for the longer.
4.5. Batch *C' beams 130
Table 4.10 Batch ‘C’ beam test parameters.
Beam Plate size (mm) Plate end system
Cl (unplated) - -
C2 80x1.3x860 -
C3 80x1.3x820 50 nun bolts through concrete; endplate 80 x 6 x 60 mm
C4 80x1.3x860 50 mm bolts through plate; endplate 80 x 6 x 60 mm
C5 80 x 1.3x860 80 mm bolts through plate; endplate 80 x 6 x 60 mm
C6 80 x 1.3x860 80 mm bolts through plate; endplate 80 x 6 x 40 mm
The initial bolt type, size, length and arrangement, and also the dimensions of the steel 
endplate were chosen based largely on engineering judgement; no preliminary testing 
was carried out to try to establish the most appropriate configuration. However, the 
following considerations were taken into account.
When steel clamps had been used in previous testing, slip of the plate at the clamp had 
occurred when a torque of 40 N.m was applied to the clamping bolts. This seemed to 
indicate that a fairly substantial endplate would be required to prevent shear failure at an 
adhesive interface within the anchorage, and to redistribute tensile stress in the external 
plate away from the holes, thereby preventing failure within the composite material 
itself. It was clear that to prevent plate separation, the bolts must penetrate through the 
concrete cover into the bulk of the section. The longitudinal tensile stress in the external 
plate would place a shear force across the diameter of the bolts, which the bolts must be 
sufficiently strong to resist. The previous tests with GFRP angles as the plate end 
anchorage system had demonstrated that the combination of shear and peel forces 
present in the vicinity of the plate ends which tends to separate the external plate from 
the beam were sufficiently large to cause the angles to become debonded from the beam, 
tearing the concrete cover way in the process. This again suggested that fairly substantial 
bolts would be required to resist such forces.
All beams were tested monotonically to failure using the loading arrangement shown in 
Figure 3.12 on page 72. The results are presented below.
4.5.3 Test results
The results of the batch ‘C’ experimental work are summarised in Table 4.11 to Table 
4.13. Table 4.11 presents the effects which the addition of an external plate had on the 
beam strength at serviceability, yield and ultimate loads. Table 4.12 summarises the 
ductility values and modes of failure of the batch ‘C’ beams. Table 4.13 summarises the 
effects which external plating was observed to have on the stiffness of the 1.0 m length 
*C* beams.
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Table 4.11 Batch ‘C  beams; strengthening effects of plating.
Beam Serviceability Increase over Yield load Increase over Maximum load Increase over
load (kN) unplated (%) (kN) unplated (%) carried (kN) unplated (%)
Cl (unplated) 11.3 - 17.5 - 21.00 -
C2 24.8 119.5 Not reached - 29.50 40.5
C3 24.8 119.5 Not reached - 42.55 102.6
C4 24.8 119.5 44.0 151.4 49.40 135.2
C5 24.8 119.5 45.0 157.1 55.00 161.9
C6 24.8 119.5 50.0 185.7 67.00 219.0
Table 4.12 Batch ‘C* beams; ductility and modes of failure.
Beam Ductility Proportion of unplated 
ductility (%)
Mode of failure
Cl (unplated) 537 - Steel yield, concrete crushing
C2 1.28 23.8 Plate plus concrete cover separation
C3 2.39 44.5 Shear at plate end, with bolts pulling free.
C4 2.86 53.3 Shear at plate end, with bolts pulling free.
C5 3.01 56.1 Steel yield, concrete crushing
C6 3.47 64.6 Shear; plate broken at edge of cover plate.
Table 4.13 Batch ‘C’ beams; stiffening effects of plating.
Beam Post-cracking
stiffness
(kN/mm)
Increase over 
unplated (%)
Cl (unplated) 2.5 -
C2 9.23 269.0
C3 8.45 238.0
C4 8.26 231.0
C5 8.53 241.0
C6 9.35 274.0
Discussion of the particular effects of the bolted anchorage systems studied is given in 
the following section.
4.5.4 Discussion of test results
4.5.4.1 Effects of plating
The effects on the overall response of adding an external plate of pultruded CFRP to the 
basic unplated beam were assessed by comparing the load/deflection behaviours of 
beams C l and C2, as shown in Figure 4.33. The responses obtained for beams C3, C4 
and C5 are also shown. This Figure does not show the complete trace obtained for the 
unplated beam C l, which reached an ultimate deflection of 17.3 mm.
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Figure 4.33 Effect of CFRP plating on load/deflection responses of beams Cl to C5.
The addition of the CFRP plate was found to increase the serviceability load by 120% to 
24.8 kN, as shown in Table 4.11. This was a greater increase than was attained for the 
batch ‘B’ CFRP plated beams since the increased area stiffness of the pultruded CFRP 
caused a greater increase in the second moment of area of the cracked transformed 
section Ic (90% as opposed to 75%), and thus an increase in the moment required to 
cause a given bending stress. The serviceability load was found to be governed by the 
stress in the steel for the unplated beam C l, but by the concrete and the steel together 
when plated, 0.75fy and 0.5fcu theoretically being reached simultaneously. On 
serviceability considerations, this configuration is thus most efficient.
For the batch ‘B’ beams, the yield load of the beams strengthened with a prepreg CFRP 
plate 80 mm wide was found to be 33.0 kN, with yielding occurring in all cases before 
beam collapse. The pultruded CFRP material used to strengthen the batch ‘C’ beams had 
a higher tensile stiffness than the prepreg, which would cause the plate to carry a larger 
proportion o f the tensile component in the section and thus the yield load of the internal 
steel to be increased over that o f the batch ‘B ’ cases. In addition, both the yield and 
ultimate loads of the unplated batch CC’ beam C l were above those of the unplated batch 
‘B ’ beam B I, despite the supposed similarity in the concrete and reinforcing steel 
properties. The yield load of the plated batch ‘C’ beams would therefore be expected to 
be in excess of the 33.0 kN obtained for batch ‘B \
However, it was found that the point at which yielding of the internal steel initiated was 
much less well defined on the load/deflection responses for these beams than those of the 
previous 1.0 m length beam tests. The plated responses shown in Figure 4.33 appear to 
show a slight reduction in overall stiffness around 25.0 kN. The plate and concrete strain 
rates have also been found to be a reliable indicator of the yield point, the rate o f tensile
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and compressive strain at the beam centre increasing at this point. The strain responses 
obtained at the centre of the external plate for beams C2, C3, C4 and C5 seemed to 
confirm that yielding was delayed until a substantially higher load was reached than 
suggested by the load/deflection responses. Unanchored beam C2 and beam C3, 
anchored with bolts directly into the concrete, exhibited linear plate strain responses after 
cracking up to collapse, suggesting that the yield load was above 42.55 kN, the collapse 
load of beam C3, failure therefore occurring before yield in these cases. For beams C4 
and C5, increases in both the tensile and compressive strain rates were observed around
45.0 kN, suggesting that this was the applied load at which steel yield initiated, although 
this was hard to confirm from the overall deflection behaviours. For both beams, there 
was insufficient response after this load before collapse to define a post-yielding 
stiffness, although in both cases, a very high proportion of the stiffness appeared to be 
retained after yielding. This is because the external plate, with such high area stiffness, 
was already carrying a large proportion of the tensile force in the section, and was thus 
relatively little affected by the occurrence of yield.
The maximum load carried by the plated beam C2 was 29.5 kN, an increase of 40% over 
the unplated control beam. This increase was much lower than that obtained for the batch 
‘B’ beam B6 plated with CFRP prepreg. Failure of beam C2 occurred through typical 
plate and concrete cover separation. As a result of the considerable increase in post­
cracking stiffness in comparison to the unplated beam C l (over 200%), and the 
occurrence of premature failure, the deflection of beam C2 at collapse was very low at 
only 3.5 mm, giving a ductility index of only 1.28, 24% of the unplated ductility. The 
premature nature of the failure of beam C2 was demonstrated by the fact that the 
maximum strain in the external plate only reached about 1900 jiS, only 25% of the 
material failure strain, whilst the maximum compressive strain registered by the concrete 
was 0.0013.
4.5.4.2 Effect of bolted anchorages
The effects which anchoring the plate ends with bolts had on the strengthened beam 
response was studied by comparing the behaviour of the unanchored beam C2 with those 
of beam C3, for which the soffit plate was shortened and the bolts placed beyond the 
plate ends, and beam C4, for which the bolts passed through the external CFRP plate 
before penetrating the concrete, as shown in Figure 4.32 on page 130. Both beams were 
anchored with the same length bolts and the same size of steel endplate. A comparison of 
the overall responses obtained is shown in Figure 4.34, with the results summarised in 
Table 4.11 to Table 4.13 on page 132.
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Figure 4.34 Effect of bolted anchorages on load/deflection response.
The load/deflection behaviours were very similar for all three beams as would be 
expected since all were strengthened with the same size of external plate. The 
serviceability loads, the calculation of which is independent of anchorage detail, were 
the same for all three beams. However, the maximum loads carried by the two bolted 
cases were well in excess of that supported by beam C2. Beam C3 had an ultimate load 
of 42.55 kN, an increase of 44% over the plated, unanchored beam C2. Beam C4, bolted 
through the CFRP plate, had an ultimate load of 49.4 kN, an increase of 67% over C2 
and a 16% increase over beam C3, anchored directly into the concrete. The anchorage 
methods used in the batch CB’ tests, namely under the supports (B7), GFRP angles (B8), 
and steel clamps (B9), resulted in increases in ultimate load over the associated 
unanchored beam B6 of 56%, 28% and 25% respectively. It can therefore be said that 
bolting of the plate ends appears to be a more effective method of anchorage than either 
GFRP angles or steel clamps in terms of increasing the ultimate load carried above that 
of a beam strengthened with a comparable but unanchored plate.
The beam ductilities were also increased through the use of bolts at the plate ends as a 
result of increased deflections at collapse. Beam C3, despite not reaching steel yield, was 
found to have a ductility value of 2.39, 44.5% of the unplated value and an increase of 
87% over that of the unanchored beam C2, whilst beam C4 had a ductility of 2.86, an 
increase of 123% over that of beam C2 and 53% of the unplated ductility. Although the 
anchorage methods used for the batch ‘B’ beams produced actual ductility values higher 
than for batch ‘C’, the increases in ductility in comparison to an identical unanchored 
specimen, and also as a proportion of the unplated ductility, were higher when bolted 
arrangements were used. Plating under the supports, beam B7, increased the ductility 
over the unanchored beam B6 by 107%; GFRP angles by 47% and steel clamps also by
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47%, with steel yield occurring in all cases. Bolting therefore appears to be effective at 
increasing ductility in comparison to other anchorage methods. Increases in ductility 
through the use of bolted anchorages at the ends of external steel plates were noted by 
Jones et al., 1988, and Hussain et a l,  1995.
Both bolted beams appeared to fail in similar ways, apparently shearing through the 
unplated section beyond the endplate at one end of the beam with the bolts pulling free. 
In both cases, the internal steel cage was deformed by the shearing action and the 
concrete disintegrated in an explosive manner at failure. At the beam ends which had 
remained intact at failure, shear cracks could be seen emanating from the rear edge of the 
endplate. However, in neither case was there any evidence of adhesive interfacial failure 
or horizontal shearing failure within the anchorage itself, demonstrating the effectiveness 
of both bolted systems. In addition, the holes drilled through the CFRP plate for beam C4 
appeared to have no detrimental effect on the plate anchorage, showing that the endplates 
were effective at distributing the tensile stress in the soffit plate away from the holes. It is 
unclear why, if both bolted beams failed in the same way, the ultimate loads obtained 
were not closer together, although it is possible that one of the longitudinal steel 
reinforcing bars was out of place and had been damaged during drilling for beam C3, 
which would have affected the ultimate strength of the beam.
The ultimate loads of beams C3 and C4, which both failed primarily in shear, can be 
compared to the theoretical ultimate shear capacity of the unplated section of 35.1 kN, 
again demonstrating the increase in shear strength as a result of external plating; the 
failure load of beam C 4 ,49.4 kN, represents a 40% increase in shear capacity.
A comparison of the tensile and compressive strain responses at the centre of the beams 
revealed almost identical behaviour for beams C2, C3 and C4 in terms of rate of strain 
under a given load. This is to be expected since the deflection behaviours were so 
similar. The lengths of the traces in tension and compression indicated the efficiency of 
the anchorage systems. Unanchored, the maximum strain recorded at the centre of the 
plate was 1900 pS; beam C3 reached 2800 pS whilst beam C4, bolted through the CFRP 
plate itself, reached almost 3500 pS» 46% of the ultimate strain of the material, with an 
increased rate of strain at steel yield. In terms of compressive strain, beam C4 attained 
the highest value of 0.003. The failure modes of all three beams could therefore be 
described as premature in the sense that neither the plate or the concrete reached ultimate 
strain conditions.
The gauges on the external CFRP plate close to the edge of the endplates for beams C3 
and C4 showed much higher strains than those close to the plate ends for the unanchored 
beam C2, as shown in Figure 4.35 for beam C4. This is to be expected to some extent 
since the gauges were positioned further along the shear spans because of the location of
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the endplates. However, it demonstrates the high level of strain, and thus force, which 
must be sustained by the anchorages; a strain of 2000 pS represents a stress across the 
plate section of 270 N/mm2, or a total tensile force of 28.0 kN, distributed into the 
concrete and the bolted anchorage. As a result of these higher strains towards the ends of 
the external plate, the strain distributions along the plate length for beam C3 and C4 were 
found to be more uniform than when unanchored, as was observed for the other forms of 
anchorage studied in the batch ‘B’ tests. In both bolted examples, the strain distributions 
along the plate were slightly unsymmetrical, with strains higher towards one end than the 
other, as shown in Figure 4.35 for beam C4. In both cases, this was the beam end at 
which failure eventually occurred, and reflects the unsymmetrical distribution of 
cracking about the beam centreline.
Beam C2, end 1 
Beam C2, end 2 
Beam C4, end 1 
Beam C4, end 2
Longitudinal plate strain (microstrain)
Figure 4.35 Effect of bolted anchorages on longitudinal strains registered at gauges 
furthest along shear spans.
4.5.4.3 Effect of bolt length
The test on beam C4 appeared to demonstrate that drilling bolt holes through the external 
CFRP plate had no apparent detrimental effect on the ultimate behaviour of the beam for 
the magnitude of loads experienced, and in fact gave a higher ultimate load than beam 
C3. Consequently, such a system, which was easier to prepare than avoiding the FRP 
plate, was adopted for the remainder of the batch ‘C* beams. However, although vertical 
shear manifesting as diagonal cracking through the section had caused the brittle 
collapse of beams C3 and C4, in both cases the bolts used had come free from the 
concrete, indicating that they were not anchored in sound material towards the base of 
the section as the applied load increased to high levels. It was therefore decided to 
increase the length of the bolts so that the penetration into the concrete amounted to 
approximately two-thirds of the RC section thickness. The effect of increasing the bolt 
length was studied by comparing the results of beam C4 with beam C5, the only
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difference between the beams being the bolt lengths. A comparison of the overall 
responses obtained from the two beams is shown in Figure 4.36 with beam C2 given for 
reference, and the results are summarised in Table 4.11 to Table 4.13 on page 132.
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Figure 4.36 Effect of bolt length on load/deflection response.
As shown in Figure 4.36, the overall responses obtained for beams C4 and C5 were very 
similar. However, the use of longer bolts for beam C5 allowed a higher maximum load to 
be carried, 55.0 kN, an increase of 162% over the unplated beam C l, 86% over the 
plated but unanchored beam C2, and 11% over beam C4, anchored with shorter bolts. 
The increase in bolt length also altered the mode of failure. Whilst beam C4 failed in 
shear, beam C5, anchored with the longer bolts, failed in a relatively soft manner in 
compression, with extensive crushing in the constant moment region. Both anchorages 
were still intact and soundly anchored into the beam. This shows the effect of the longer 
bolts in helping to hold the concrete together in the plate end regions, preventing large 
shear cracks from opening which could cause collapse in a non-flexural mode. The 
shorter bolts used for beam C4 were not able to perform the same function, being 
anchored in extensively cracked concrete towards the base of the beam, hence the pulling 
out of these bolts at collapse. For beam C5, large diagonal shear cracks could be seen in 
both shear spans acting up towards the load points from the base of the section, although 
no cracking was observed emanating from the rear edge of the endplate, the area in 
which collapse occurred for beam C4. In one of the shear spans, the external plate, with a 
thin layer of concrete still attached, had come away slightly from the bulk of the beam 
for almost the length of the shear span. This separation, which occurred in a very brittle 
manner after crushing had initiated, was either a result of horizontal shear failure at the 
base of the beam in the bottom layers of concrete, or due to peeling away of the plate 
starting from the base of a large shear crack as a result of slight vertical movement across 
the crack. In the other shear span, the plate was still attached, but shear cracks at the base
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of the beam could be seen to be extending towards the bolted endplate within the 
concrete just above the bondline.
As a result of the increased ultimate load and deflection for beam C5, the ductility value 
was also higher than the previously tested batch ‘C ’ beams at 3.01. This represented 56% 
of the unplated ductility, and an increase of 135% over the plated, unanchored beam C2. 
The bolt length had little apparent effect on the stiffness before or immediately after 
yielding, as would be expected. However, as shown in Figure 4.36, beam C5 retained its 
stiffness to higher loads than beam C4, indicating that the longer bolts were more 
efficient at maintaining beam integrity.
The strain response at the centre of the external plate for beam C4 and C5 were almost 
identical, both showing an increase in strain rate at yield. The higher sustained load of 
beam C5 was reflected in the higher maximum plate strain obtained of 4100 pS, 55% of 
the failure strain of the CFRP material. The characteristically higher plate end strains and 
more uniform distribution of strain along the length of the plate, as demonstrated 
previously were also shown by beam C5. As with the tensile strain response, the 
compressive responses of beams C4 and C5 were very similar, with beam C5 reaching, 
and passing, the design ultimate strain of the concrete of 0.0035, confirming the 
occurrence of compressive flexural failure.
4.S.4.4 Effect of endplate length
Since a compressive failure had been obtained for beam C5, anchored with the longer, 80 
mm bolts, it was decided to use these for the remaining batch ‘C* beam, C6. In all 
previously tested batch ‘C’ cases, the steel endplates of 60 mm length had prevented 
failure within the anchorage itself. It could therefore be argued that these were longer 
than necessary and were thus over-designed for their intended purpose. Consequently, 
the effect of a shorter length of endplate, 40 mm, was investigated for beam C6, and the 
results compared with beam C5, the only difference between the beams being the length 
of the endplates used. The overall responses obtained are shown in Figure 4.37; all other 
plated batch ‘C  beams are also shown for comparison. The results are summarised in 
Table 4.11 to Table 4.13 on page 132.
The results obtained from testing beam C6 cast a great deal of doubt as to whether this 
beam was manufactured using the same concrete mix as that used for the other beams of 
batch ‘C \  Consideration of the load/deflection responses of all plated batch ‘C* beams, 
as shown Figure 4.37, indicates that the general behaviours of beams C2, C3, C4 and C5 
were all very similar. However, beam C6, strengthened in the same way, was found to be 
much stiffer than the other beams. From the plate strain response, yielding appeared to 
occur at around 50.0 kN for beam C6, an increase of over 10% in comparison to that of 
beams C5, which also reached yield. The maximum load carried was also well in excess
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of that of beam C5 at 67.0 kN, an increase of over 20%. Whereas beam C5 failed in 
compression, beam C6 failed at this higher load in shear; indeed, consideration of the 
compressive strain response of beam C6, which was much stiffer than that of beam C5, 
showed that compression failure was not even imminent when shear failure occurred, the 
maximum compressive strain reached being 0.0027.
Beam C2 (un anchored)
Beam C3 (bolted, concrete)
Beam C4 (bolted, CFRP)
Beam C5 (80 mm bolts, 60 mm 
endplate)
Beam C6 (80 mm bolts, 40 mm 
endplate)
0 1 2 3 4 5 6 7 8 9  
Central deflection (mm)
Figure 4.37 Effect of endplate length on load/deflection response.
These differences in overall behaviour could not be a result of a slight variation in one of 
the test parameters. It is known that there was some confusion when the beams were 
manufactured by Grecon Ltd., with the reinforcing cages, which were prepared at the 
University and delivered attached together, becoming separated at the casting yard. It is 
therefore possible that beam C6 was not cast with the other five beams as one batch and 
that the concrete used for beam C6 had a strength and stiffness in excess of that used for 
the other ‘C’ beams. Visual evidence was provided by the fact that beam C6 was slightly 
darker grey in appearance than the other ‘C beams.
Assuming that beam C6 was cast using a different concrete mix, of which no material 
properties are known, and which produced these large differences in overall behaviour, 
there seemed to be little relevance in comparing the results with any other beam. 
However, the point of testing beam C6 was to see whether a shorter endplate of length 40 
mm as opposed to 60 mm was detrimental to the ultimate load and mode of failure of the 
beam. Beam C6 failed in shear in one shear span, with one large shear crack emanating 
from the front edge of the endplate (rather than the rear edge, as observed for beams C3 
and C4) up to the load point. Shear links crossed could be seen to be broken, and there 
was vertical displacement between the separated sections of beam, deforming the 
longitudinal steel. The vertical deformation at the large shear crack had caused the 
external CFRP plate to break across its width at the edge of the endplate. At both ends of
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the plate the bolted anchorages remained intact, with no evidence of slip of the external 
CFRP plate within the anchorage. This proved that even the shorter endplate was 
effective at distributing stress away from the holes drilled in the soffit plate, even at the 
higher loads experienced by beam C6 up to failure. This anchorage arrangement was 
therefore deemed to be sufficient.
4.5.5 Test conclusions
The results of the batch ‘C’ tests seemed to indicate that anchoring the plate ends with 
bolts can provide an effective solution to the problem of plate and concrete cover 
separation. Drilling through the CFRP plate itself appeared to have no detrimental effect 
on the strengthened beam performance as long as an endplate was provided to distribute 
stress away from the holes. The use of the shorter endplate appeared satisfactory such 
that the ultimate load and mode of failure of the strengthened beam was not governed by 
failure of the anchorage.
In terms of the increase of ultimate load and ductility achieved by the addition of 
anchorages to the external CFRP plate, bolted endplates appear to be as effective as 
using the clamping forces of the support reactions as anchorage, and superior to the use 
of GFRP angles or steel clamps at the plate ends, especially if longer bolts are used. 
Similarly, in terms of the achievement of compressive flexural failure when CFRP was 
used as the plating medium, the use of bolted anchorages was again as effective as using 
the support reactions as anchorage, as long as sufficient bolt length was provided to 
anchor the bolts into sound concrete, and superior to the use of GFRP angles or steel 
clamps at the plate ends. The relative efficiency of the anchorage systems studied can be 
assessed by considering the maximum compressive strain attained in each case; an 
efficiency of 0% is defined by the maximum compressive strain reached by the plated 
but unanchored beam, and 100% efficiency by the attainment of compressive flexural 
failure. These results are summarised in Table 4.14.
This Table shows that both steel clamps and GFRP angles were slightly more effective 
when GFRP was used as the plating medium than when CFRP was used. This probably 
reflects the smaller increases in flexural stiffness over the unplated specimen which were 
attained through the use of GFRP, allowing compressive flexural failure to occur at 
lower applied loads. When the shorter length bolts were used for beam C4, with the bolts 
passing through the plate, the anchorages were found to give comparable performance to 
the steel clamped beam B9, in terms of increase in compressive strain over the 
unanchored case. The efficiency obtained when the bolts were anchored only in the 
concrete, beam C3, was lower, although there was some doubt as to the cause of failure 
in this case. When longer bolts were used, a flexural failure was attained, an occurrence 
matched only for the CFRP plated beams by the use of the support reactions to clamp the
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plate ends. Although the use of bolts requires more preparation time and effort, it 
provides a more versatile and practical solution to the anchorage problem than other 
systems, and, as such, was adopted for the prestressing investigation, the details of which 
are presented in Chapter 5.
Table 4.14 Relative efficiency of anchorage systems in terms of compressive strain.
Beam Plate material Anchorage system Maximum
compressive strain (pS)
Efficiency of 
anchorage
A2c GFRP Unanchored 2289 -
A2g GFRP Steel clamps 3490 99%
A2h GFRP GFRP angles 100 x 50 x 40 mm 3500 100%
B2 GFRP Unanchored 2008 -
B5 GFRP Steel clamps 3313 87%
B6 CFRP Unanchored 1736 -
B7 CFRP Support reactions 3500 100%
B8 CFRP GFRP angles 100 x 70 x 40 mm 3234 85%
B9 CFRP Steel clamps 3115 78%
C2 CFRP Unanchored 1306 -
C3 CFRP 50 mm bolts through concrete; 
endplate 80 x 6 x 60 mm
2355 48%
C4 CFRP 50 mm bolts through plate and 
concrete; endplate 80 x 6 x 60 mm
2979 76%
C5 CFRP 80 mm bolts through plate; 
endplate 80 x 6 x 60 mm
3500 100%
4.6 2.3 m length beam investigation
4.6.1 Introduction
All 2.3 m length beams used in this study were manufactured by Grecon Ltd., including 
preparation of the steel reinforcing cages. In all, eleven 2.3 m length beams were tested, 
four of which were used in the prestressing investigation, detailed in Chapter 5, and a 
further four to study behaviour under sustained load, Chapter 7. The remaining three 
beams, denoted as L l, L2 and L3 and tested directly to failure, are considered in this 
section. It was intended that these three beams, two of which were plated, would 
demonstrate the effects of external FRP strengthening on rather more realistic scale 
beams, confirming some of the observations regarding general behaviour obtained from 
the 1.0 m length beam tests.
4.6.2 Test details
The dimensions and reinforcing details of the 2.3 m length beams has been given in 
Figure 3.4 on page 54. The determined material properties of the concrete and steel are 
also given in Chapter 3; the compressive strength development curve for the mix used to
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cast the beams indicated a strength at the time of test of around 45 N/mm2, the age of the 
beams being such that the strength was assumed to remain constant over the duration of 
the test programme. Details of the 2.3 m test beams are given in Table 4.15
Table 4.15 2.3 m length beams; test details.
Beam Plate size (mm) Plate end system
Ll (unplated) -
L2 90x1.3 x 2020 -
L3 90 x 1.3 x 2020 80 mm bolts through plate; endplate 90 x 6 x 40 mm
Of the three beams considered in this section, one was tested unplated, beam L l, to act as 
a control against which the plated beams, L2 and L3, could be compared. The 
preparation and bonding procedure used to strengthen beams L2 and L3 was the same as 
that employed for the 1.0 m length beams, detailed in Chapter 3. Pultruded carbon fibre/ 
vinylester supplied with a peel ply was used to strengthen both beams, for which the 
material properties are given in Section 3.3.3 on page 55. A 2.0 mm thickness of epoxy 
adhesive was used in both cases. The dimensions of the external CFRP plates used for 
beams L2 and L3 were a width of 90 mm and a length of 2020 mm, the points of 
termination of the plate thereby occurring 40 mm short of each support centreline. A 90 
mm wide plate was used since this was the maximum width of carbon fibre/vinylester 
which could be consistently pultruded by the manufacturers, Techbuild Composites Ltd. 
This resulted in a b /t ratio of 69. For beam L2, the plate ends were left unanchored 
during testing, whereas for beam L3, bolted endplates similar to those studied with the 
batch ‘C  1.0 m length beams were installed at the plate ends, as shown in Figure 4.38.
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Figure 4.38 Bolted anchorage arrangement for 2.3 m length beam L3.
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The procedure for preparing these anchorages was the same as that outlined earlier. The 
80 mm long, 3/8” diameter bolts used for beams C5 and C6 were also used for beam L3, 
two bolts again being used at either end of the plate. The steel endplates used were 90 
mm wide, thereby covering the full width of the external CFRP plate, 6 mm thick and 40 
mm long. The locations of the bolts across the width of the section were chosen so as to 
avoid the longitudinal internal steel reinforcement. This bolted configuration, using two 
bolts and an endplate at each end of the CFRP plate, had provided adequate anchorage 
for beam C6 and was used for beam L3 to test its adequacy for the larger-scale beams.
The beams were instrumented with ER strain gauges and demec pips as detailed in 
Figure 3.13 on page 73. For beam L3, the gauges furthest along the shear spans were 
positioned 10 mm from the edge of the steel endplates. All beams were tested 
monotonically to failure using the loading arrangement described in Figure 3.13, with 
the deflection and strains recorded automatically. The section strains about the beam 
centreline and the crack positions were monitored every 10 kN. The results are presented 
below.
4.6.3 Test results
The results obtained for beams L I, L2 and L3 are summarised in Table 4.16 to Table
4.18. Table 4.16 presents the effects which the addition of an external CFRP plate had on 
the beam strength at serviceability, yield and ultimate loads. Table 4.17 summarises the 
ductility values and modes of failure obtained for the 2.3 m length beams. Table 4.18 
summarises the effects which external plating was observed to have on the stiffness of 
the 2.3 m length beams.
Table 4.16 2.3 m length beams; strengthening effects of plating.
Beam Serviceability Increase over Yield load Increase over Maximum load Increase over
load (kN) unplated (%) (kN) unplated (%) carried (kN) unplated (%)
LI (unplated) 40.4 - 74.0 - 77.2 -
L2 45.6 12.7 not reached - 108.7 40.8
L3 45.6 12.7 110.0 49.0 119.4 54.7
Table 4.17 2.3 m length beams; ductility and modes of failure.
Beam Ductility Proportion of unplated 
ductility (%)
Mode of failure
Ll (unplated) 3.87 - Steel yield, concrete crushing
L2 3.14 81.1 Plate and concrete cover separation
L3 4.32 112.0 Steel yield, concrete crushing
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Table 4.18 2 3 m length beams; stiffening effects o f plating.
Beam Post-cracking Increase over
stiffness unplated (%)
(kN/mm)
Ll (unplated) 6.18 -
L2 7.10 14.9
L3 7.18 16.2
Discussion of the effects of CFRP plating and the addition of plate end anchorages for 
the 2.3 m length beams is given in the following section.
4.6.4 Discussion of test results
A comparison of the overall load/deflection behaviours obtained from the three 2.3 m 
beam tests is shown in Figure 4.39. The results are summarised in the tables given above.
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Figure 4.39 Load/deflection responses for 2.3 m length beams.
The initial, pre-cracking stiffness of all three 2.3 m length beams were identical, with the 
change of gradient of the responses which accompanies tensile cracking occurring at 
around 14 kN when unplated and around 16 kN when strengthened. These observations 
are supported by the fact that the addition of the pultruded CFRP plate can be calculated 
to increase the second moment of area of the uncracked transformed section by only 4%, 
and the consequent cracking load, using the standard bending equation and assuming the 
concrete has a cracking stress of f^ /10, by just over 5%. Although these increases are not 
significant, they demonstrate that external plating has overall structural benefits even at 
the first cracking stage. They are smaller increases than those calculated in the same way 
for the 1.0 m length beams strengthened with CFRP, demonstrating that the plate has a 
lesser effect on the behaviour of the larger-scale section, especially before cracking of
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the concrete has occurred.
For both the unplated and the strengthened beams, the limit of serviceability was 
governed by the compressive stress in the concrete reaching 0.5fra; this reflects the 
apparent high yield strength of the steel used for the longitudinal reinforcement, 
determined by testing samples of the material in tension. When unplated, the 2.3 m 
length beam had a x/d ratio calculated from the cracked transformed section of 0.31. The 
addition of the external plate increased this value to 0.35, and the consequent second 
moment of area of the section, 1^ by 24%. This caused the moment required to produce a 
given bending stress, in this case 0.5fCT in compression, to be increased, and hence the 
serviceability load to also be increased, by 13%.
The small-scale of the 1.0 m length beams, and the form of the machine in which they 
were tested made the examination of crack development rather difficult for these cases. 
Although similar problems pertained with the Avery machine used to test the 2.3 m 
length beams with regards access to the central region of the member under test, the 
pattern of crack development could more easily be observed with these larger-scale 
beams. A comparison of the crack patterns obtained from the unplated beam L l and the 
strengthened beams L2 and L3 revealed that the propagation of cracks away from the 
tension face of the beam was delayed through the addition of an external plate, indicating 
the restraining effect of the bonded plate on visual cracking; the first flexural cracks 
which appeared beneath the load points and in the constant moment region were noted at 
an applied load of 20 kN for beam L l but not until 30 kN for both strengthened beams 
L2 and L3. These flexural cracks propagated vertically upwards as loading increased, 
reaching about 50 mm from the top of the section at collapse for the unplated case L l 
beneath the area which experienced crushing, and about 80 mm from the top of the 
section for the strengthened cases.
It was observed that the development of cracking proceeded in generally the same way 
for all three beams, apparently irrespective to the addition of an externally bonded plate. 
Cracks were formed at locations progressively further along the shear spans as the 
applied load increased; these cracks propagated diagonally towards the load points, 
becoming shallower in angle closer to the supports. For the unplated member, the 
furthest cracks, which were initiated at 65 - 70 kN, were approximately 600 mm along 
the shear spans at failure. Closer to the constant moment region, cracks were initiated as 
a result of flexure, propagating almost vertically upwards. However, as the applied load 
increased and the shear force became more dominant, these cracks curved over to 
progress towards the load points. For the plated beams L2 and L3, the flexural cracking 
in the constant moment region appeared less well developed than the unplated case, even 
at ultimate conditions, in terms of the number of cracks and crack widths. In addition,
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diagonal shear cracking w a s  more highly developed throughout the shear spans for the 
strengthened beams, progressing to cover the entire plated length, with cracks emanating 
from the end of the plate as the failure load was approached in both cases. T he  diagonal 
cracks in the shear spans propagated to within 50 m m  of the top of the section for b e a m  
L2, and to within 30 m m  for b e a m  L3, which reached a higher ultimate load.
Although the progression of cracking w a s  similar for all three beams, under the action of 
a given load the crack development in the m e m b e r  was less extensive for the 
strengthened beams than for the basic unplated member, of particular significance under 
service loadings. Such an observation has also been noted by other research groups 
concerned with both steel and F R P  plating.
W h e n  unplated, yielding of the internal steel reinforcement initiated at around 74.0 kN. 
This was followed by a dramatic loss of stiffness, with litde additional load being carried 
before crushing of the concrete in the constant m o m e n t  region w a s  observed to occur, 
causing the b e a m  to collapse. For the two plated beams, L 2  and L3, it can be seen from 
Figure 4.39 on page 145 that the overall responses to load application were very similar. 
It appears that for the plated but unanchored b e a m  L2, yielding of the internal steel did 
not occur before the b e a m  collapsed, which took place at a total load of 108.0 kN. For 
the anchored b e a m  L3, yielding appeared to initiate at an applied total load of 110.0 kN, 
giving an increase in comparison to the unplated b e a m  L I  of 4 9% ,  This reflects the 
proportion of tensile force transferred from the internal steel reinforcement to the 
external C F R P  plate.
T h e  collapse load of the unplated b e a m  L I  w as  77.2 kN. T he  m a x i m u m  load carried by 
the plated but unanchored b e a m  L 2  w as 108.7 kN, whereas that of b e a m  L3, equipped 
with bolted anchorages at the plate ends was 119.4 kN, increases of 4 1 %  and 5 5 %  
respectively over the unplated b e a m  LI. W h e n  unanchored, plated b e a m  L 2  failed by 
sudden plate separation along one of the shear spans with the concrete cover still 
attached to the plate, in the same w a y  as s h o w n  in Figure 4.3 on page 80, as a result of 
cracking observed to emanate diagonally upwards from the end of the plate. W h e n  the 
plate was bolted to the concrete at its ends, failure appeared to occur by crushing of the 
concrete in compression, which initiated close to one of the load points at loads little 
above that which appeared to initiate yielding of the internal steel reinforcement. This 
zone of crushing then extended to cover the constant m o m e n t  region as the load w a s  
increased further. It appeared that the reduction in m e m b e r  stiffness induced by the 
yielding of the steel caused the compressive bending stress to increase to the point where 
crushing w as  initiated. T h e  plate w as  then observed to separate suddenly from the b e a m  
in one of the shear spans with a thin layer of concrete still attached, apparently as a result 
of vertical displacement of approximately 5 m m  across a large shear crack. This
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behaviour, termed shear step failure by Meier, is illustrated in Figure 4.40. Separation of 
the plate continued right up to the support. Both plate end anchorages remained intact, 
confirming the suitability of this anchorage arrangement for the larger-scale beams.
Figure 4.40 Peeling m o d e  of failure due to vertical displacement at shear crack.
T h e  increase in post-cracking stiffness caused by the addition of the external C F R P  plate, 
which amounted to around 15%, can be seen in Figure 4.39 on page 145. Unanchored 
b e a m  L 2  did not reach yield before collapse occurred, and hence no post-yielding 
behaviour w as  displayed. For the anchored b e a m  L3, the post-yielding stiffness was not 
substantially above that of the unplated b e a m  Ll. This was because crushing of the 
concrete initiated shortly after yielding of the steel, reducing the overall m e m b e r  
stiffness further, preventing the occurrence of a post-yielding region in which the 
external plate and concrete support the tensile and compressive forces of the m o m e n t  
couple respectively.
T h e  ultimate deflection of the unplated b e a m  L l  was little over 20 m m  w h e n  
compressive collapse occurred, giving a relatively low ductility value of 3.87. T h e  brittle 
plate separation of b e a m  L 2  occurred at a lower deflection, giving a ductility value lower 
than the unplated b e a m  Ll. However, although the ultimate deflection of b e a m  L 2  w a s  
reduced, so too w as  the deflection at the serviceability load in comparison to the unplated 
beam, reflecting the increased flexural stiffness of the strengthened m e m b e r  in the post­
cracking region. A s  a result, the ductility attained by b e a m  L 2  w a s  still over 8 0 %  of the 
unplated value. W h e n  bolted anchorages were included at the plate ends preventing plate 
separation and allowing a m u c h  less brittle failure m o d e  to occur, with large rotations as 
crushing progressed, the ultimate deflection of b e a m  L 3  was increased to over 20 m m ,  
comparable to that of the unplated beam. Again, the deflection at the serviceability load 
w as reduced by the addition of the external plate, such that the ductility index of the 
plated, anchored b e a m  L 3  w as  actually higher than that of the unplated b e a m  at 4.32. 
This effect occurs because w h e n  crushing begins for the strengthened case, the plate still 
supports the tensile component; in the unplated case this component cannot be supported 
and the b e a m  collapses. This effect w as  also s h o w n  by the 1.0 m  length beams, but
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because the beams were so over-stiffened by the presence of the relatively thick plate, 
the magnitude of the deflections which occurred were m u c h  smaller compared to the 
unplated beam, and therefore the ductility never reached the unplated value. The 2.3 m  
beams are thought to be more realistic.
The longitudinal strain responses obtained at the various gauge positions along the 
external plate for b e a m  L2, as s ho wn  in Figure 4.41, seemed to confirm that yielding of 
the internal steel had not occurred before b e a m  collapse, with no marked change in strain 
rate being shown as the applied load increased. The gauges close to the plate ends 
registered little strain throughout the load range, decreasing as failure was approached. 
T he gauges further along the shear span at one end of the b e a m  also showed a reduction 
of strain as the failure load was approached; this was the b e a m  end at which plate 
separation occurred and indicates a slight relaxation of the plate as separation becomes 
imminent.
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Figure 4.41 Load/strain responses obtained at gauge positions along external plate for 
b e a m  L2.
The m a x i m u m  strain registered at the centre of the plate for b e a m  L 2  w as  3900 pS, just 
over 5 0 %  of the ultimate strain of the C F R P ,  whilst the m a x i m u m  compressive strain 
reached at the b e a m  centre was 0.002. These values confirm the occurrence of premature 
failure. The variation of strain along the length of the unanchored plate showed the 
typical form also demonstrated by the 1.0 m  length beams, with a central peak, 
particularly pronounced at higher loads and a non-linear reduction towards zero strain in 
the shear spans.
The strain responses obtained at the centre of the external C F R P  plates of beams L 2  and 
L3 were found to be very similar up to the point of failure of b e a m  L2, reflecting the 
similarity in the deflection behaviours. The strain responses at various positions along
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the plate for b e a m  L3 are s ho wn  in Figure 4.42. T he reduction in m e m b e r  stiffness which 
accompanied yielding and crushing could clearly be seen by a dramatic increase in the 
rate of plate strain above an applied load of about 110.0 kN. Under the load point at 
which crushing initiated, the plate strain reached, and passed, the uniaxial tensile failure 
value recorded in coupon tests on the material of 7540 pS. At this point, and also around 
the centre of the beam, it could be seen that the outer Fibres of the plate had started to 
peel a wa y  from the plate.
End
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Figure 4.42 Load/strain responses obtained at gauge positions along external plate for 
b e a m  L3.
Although the strains registered at the plate centre for beams L 2  and L3 were very similar, 
those towards the plate ends of b e a m  L3 were higher under a given load, increasing right 
up to failure, as s ho wn  in Figure 4.42, where those of the unanchored b e a m  L 2  
decreased. This shows that a greater proportion of the plate length was acting 
compositely with the b e a m  and w as  therefore effective at supporting the tensile force in 
the external plate, especially at high loads, and maintaining the integrity of the section. 
This shows that anchoring the plate ends affects the behaviour towards the ends of the 
plates as well as the ultimate load.
A s  with the tensile responses at the plate centres of beams L 2  and L3, the compressive 
strain behaviours at the b e a m  centres were very similar, again reflecting the similarity in 
deflection responses and demonstrating the effectiveness of the bolted anchorages at 
delaying the occurrence of failure until a flexural m o d e  was achieved. However, for 
anchored b e a m  L3, after an applied load of about 117.0 k N  had been reached, the strain, 
which reached a m a x i m u m  of 0.0021 began to decrease, as sho wn  in Figure 4.43. The 
occurrence of crushing appeared to cause delamination of the upper layers of the 
concrete, and at the centre of the b e a m  horizontal cracks appeared around 25 m m  below
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the top surface, causing the concrete above to eventually spall away, relieving the stress 
in the concrete above, and thus causing the strain reading at this location to fall.
Ijongltudlnal compressive strain
Figure 4.43 Compressive strain response for centre of anchored b e a m  L3.
A  comparison of the section strains measured at the centres of the three 2.3 m  length 
beams revealed that plating reduced the tensile strains beneath the neutral axis, and 
hence restrained crack opening for a given load over the unplated case as a result of the 
reduced b e a m  rotation. Examination of the beams showed that the flexural cracks around 
the constant m o m e n t  region of the b e a m  were m u c h  narrower in appearance w h e n  an 
external plate was used. For the two plated examples, of which b e a m  L 2  is sho wn  below 
in Figure 4.44, strain compatibility w as fairly well maintained between the concrete at 
the base of the b e a m  and the external plate, with both sets of data being very similar. For 
both plated beams, the position of the neutral axis was found to be lower than that shown 
by the unplated b e a m  LI, in agreement with the theory, demonstrating that external 
plating allows more of the concrete to act in compression, and causes the tensile crack 
heights under a given load to be reduced.
Microstrain
Figure 4.44 Section strains at various applied loads for unanchored b e a m  L2.
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Limits on the thickness and width of the pultruded F R P  plating material which can be 
used are imposed by the capacity of the pultrusion equipment For the G F R P  material 
used for the batch ‘A ’ and s o m e  of the batch ‘B ’ 1.0 m  length beams, the m i n i m u m  
thickness which could be consistently pultruded was 1.2 m m ,  and the m a x i m u m  width 
around 80 m m .  For prepreg materials, such as the carbon fibre/vinylester used for the 
remaining batch ‘B ’ beams as well as the durability testing, smaller thicknesses could be 
manufactured, but to allow a direct comparison between the responses obtained from a 
G F R P  and C F R P  external plate, it w as  necessary to use a plate of the same cross- 
sectional area and aspect ratio; consequently plates 80 x  1.2 m m  were supplied. 
Pultruded material is most likely to be used in practice because it can be produced 
relatively quickly and cheaply in long, continuous lengths by an automated process. 
Techbuild Composites Ltd. were able to supply a pultruded C F R P  material which w as  
subsequently used for the batch ‘C  tests, all the 2.3 m  length beams, and all the creep 
and prestressing work. T h e  m i n i m u m  thickness which could be consistently pultruded 
was, on average, around 1.3 m m ,  with a m a x i m u m  width of 90 m m .  This then 
represented the m a x i m u m  plate area which could be used for external strengthening of 
the 2.3 m  length beams.
T h e  m i n i m u m  thickness of pultruded plate which could therefore be used for the 1.0 m  
length beams was 1.2 m m .  T h e  results obtained from the batch ‘A ’ tests suggest that the 
use of wide plates are the most suitable, allowing the tensile stress in the plate to be 
transferred into the concrete over as wide an area as possible, thereby reducing the 
possibility of shear failure within the bottom layers of concrete. For the G F R P  plated 
bea ms  this was 80 m m ,  and dimensions of 80 x 1.2 m m  were subsequently adopted w h e n  
C F R P  w as  used as the plating medium. A  plate thickness of around 1.2 m m  is likely to 
be similar to that used in practice, and hence it can be said that for the 1.0 m  length 
beams, the plate dimensions were not scaled d o w n  in the s am e  w a y  as the reinforcing 
steel and the size of the coarse aggregate, to match the reduced size of the beams. In 
terms of the area ratio Ap/bd, a value of 0.012 w a s  used for the 1.0 m  length beams of 
batch ‘C ’ strengthened with a pultruded C F R P  plate, whereas for the 2.3 m  length beams  
strengthened with the s am e  material of dimensions 9 0  x 1.3 m m ,  this ratio had a value of 
0.0044, one-third of that of the 1.0 m  beams. T h e  external plate could therefore be 
expected to have a substantially greater effect on the overall behaviour of the 
strengthened m e m b e r  for the 1.0 m  length b ea ms  than for the 2.3 m. This w as  s h o w n  by 
the fact that the addition of the external C F R P  plate increased the second m o m e n t  of area 
I,, of the cracked transformed section b y  9 0 %  for the 1.0 m  length batch ‘C  beams, and 
only 2 4 %  for the 2.3 m  beams. T h e  reduced increase in I,, contributed to the m or e  modest 
increases in serviceability load over the unplated cases obtained for the 2.3 m  length
4.6.5 Test conclusions
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bea ms  of 13%, compared to the 1 2 0 %  increases which resulted from the use of the 1.0 m  
length specimens. It should be noted that to improve crack control under live loading, 
B A  30/94 suggests an increase in I,, of at least 1 2 %  w h e n  resisting live loads.
T h e  increases in yield load, b e a m  strength and stiffness after cracking caused by the 
addition of the external plate were similarly m u c h  m or e  modest w h e n  the larger-scale 2.3 
m  length beams were considered. For example, plating caused the post-cracking stiffness 
of the 2.3 m  beams to be increased b y  around 15%, compared to the gains of over 1 0 0 %  
achieved by C F R P  plating the 1.0 m  length beams. In the 1.0 m  cases, a high proportion 
of this stiffness w as retained after yielding; although it is difficult to determine from the
2.3 m  results, the retained stiffness would be less in this case, reflecting the lower 
proportion of the tensile component carried b y  the plate. T he overall strain response 
patterns and distributions obtained for the 2.3 m  length beams were also s h o w n  by the
1.0 m  beams, demonstrating that the smaller-scale specimens adequately represent 
general behaviour of strengthened members.
T h e  ductility of the unplated 2.3 m  b e a m  L I  to collapse was found to be considerably 
lower than the unplated 1.0 m  length beams. A s  a result, the ductility values of the 
strengthened 2.3 m  beams were similar to the unplated case, with b e a m  L 2  producing 
8 0 %  of the unplated ductility before failing prematurely, and b e a m  L3, which failed in 
compression, actually achieving a higher ductility than the unstrengthened specimen, 
with over 20.0 m m  of deflection at collapse. This represents a span/deflection ratio of 
around 100. These high ductilities in comparison to the unplated control were also 
repeated in the prestressing investigation, detailed in Chapter 5, and represent 
encouraging results for the practical implementation of F R P  plating, for which one of the 
concerns is the lack of a yield plateau for the material, and hence a lack of structurally 
desirable ductility and thus warning of collapse. Since the ductility values of the unplated
1.0 m  length beams were high, the proportions of the unplated ductility attained b y  the 
b ea ms  w h e n  strengthened were som ew h at  lower than those of the 2.3 m  beams. This also 
reflects the predominance of premature failure and the fact that the stiffening effect of 
the external plate w as substantially higher for the 1.0 m  length beams. However, the 
span/deflection ratios of beams B 7  and C5, which both failed in compression, were 
found to be 75 and 106 respectively, suggesting that the 1.0 m  length beams adequately 
represent the overall behaviour of the larger-scale specimens. B S  8110,1985 states that a 
span/deflection ratio of 250 is considered to be that beyond which the deflection will be 
noticed by the users of the structure. Values of 100 or less for F R P  strengthened 
m e m b e r s  m a y  therefore be considered as adequate warning of impending failure.
Failure of the anchored 2.3 m  b e a m  L 3  was almost balanced in the normal sense that 
yielding of the internal steel and initiation of concrete cracking occurred almost
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simultaneously. However, brittle collapse of the b e a m  was prevented by the external 
plate, which continues to support the tensile component of force in the section. It seems 
apparent that sufficient external plate should be provided to ensure that crushing failure 
occurs before rupture of the plate in tension and after yielding of the internal steel, since 
this would allow sufficient ductility to be attained and would prevent catastrophic 
collapse associated with tensile failure of the F R P  plate. T he  effect of the relative plate 
and steel areas on overall behaviour is considered in the analytical w o r k  described in 
Chapter 8.
T h e  use of an unanchored C F R P  plate with a b/t ratio of 69 to strengthen 2.3 m  b e a m  L 2  
resulted in failure by plate and concrete cover separation in exactly the s a m e  w a y  as the 
plated but unanchored 1.0 m  length beams, demonstrating that this m o d e  of failure is not 
limited to the smaller-scale specimens. For the configurations tested, anchorage of s o m e  
form therefore appears to be just as essential for the larger m e m b e r s  if flexural failure is 
to be achieved. Whether this is the case for longer span m em be r s  or different loading 
configurations producing higher shear span/effective depth ratios would require further 
investigation. T h e  bolted anchorages used for b e a m  L 3  were found to be adequate and 
effective at preserving attachment of the plate to the b e a m  and allowing a compressive 
flexural failure to be achieved. N o  slip of the external plate within the anchorage, or 
failure of the composite at, or beyond, the bolt holes was observed, demonstrating that 
the arrangement used was sufficient to distribute stress in the F R P  plate a w a y  from the 
holed section. T h e  two bolts used at each end of the plate remained firmly anchored up to 
failure. T h e  longitudinal plate strains registered by the gauges close to the front edge of 
the endplates indicate the amount of tensile force transferred into the anchorage region. 
These were lower for the 2.3 m  length b e a m  L 3  than for the 1.0 m  case C6, anchored in 
the s am e  way, showing that the 1.0 m  case w as  a m o r e  severe test on the anchorage than 
the larger beam.
For the 1.0 m  length beams, bolts penetrating to one-third of the section thickness had 
pulled free at failure, whereas longer bolts, reaching to two-thirds of the section 
thickness had remained intact. Drilling to such a depth in relation to the section thickness 
is clearly an unrealistic proposition for larger-scale specimens, and in fact the same size 
and length of bolts were also used for the 2.3 m  beams, in this case penetrating to less 
than one-third of the section thickness, and around 30 m m  passed the main 
reinforcement. In this investigation, the behaviour of the bolted anchorages up to failure 
was  being studied, more arduous conditions than at service levels. T h e  bolts provided at 
the plate end were therefore required to be substantial enough to provide anchorage and 
remain firmly in place up to failure. It appears from the 1.0 m  and 2.3 m  length 
investigations that the actual depth of bolt penetration relative to the b e a m  thickness is 
not as important as the fact that the bolts must pass through the concrete cover into
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material which is likely to remain relatively uncracked, even at loads approaching 
flexural failure. For the deeper 2.3 m  beams, cracking towards the plate end regions was 
found to be less extensive than for the 1.0 m  length beams, which required penetration to 
a greater depth relative to the section thickness. T o  provide a totally non-corrosive 
system, the endplates and the bolts used could be manufactured from F R P  materials. 
Although such a system would require investigation, it is envisaged that such materials 
could be employed as successfully as steel.
It has been s h o w n  that for both the 1.0 m  and 2.3 m  length beams, the addition of 
external F R P  reinforcement increases the load required to cause a limiting state of stress 
in the steel or concrete under serviceability conditions. However, this is of limited 
significance if the deformation at this enhanced load level is excessive. T h e  deflections 
of the three 2.3 m  length beams at their respective serviceability loads are s hown in Table 
4.19. It can be seen that, despite the higher load capacities at the serviceability limit state, 
the deflections under these enhanced loads are actually reduced in comparison to the 
unplated behaviour, reflecting the increased flexural rigidity of the strengthened system. 
A n  alternative approach is to consider the applied load required to cause the 
serviceability deflection of the unplated b e a m  w h e n  external reinforcement is included. 
For b e a m  L2, a deflection of 5.24 m m  is attained at an applied load of 51.15 kN, an 
increase over the serviceability load of b e a m  L l  of 2 7% ,  whilst for b e a m  L3, the 
required load is 51.8 kN, an increase of 28%.
Table 4.19 Comparison of serviceability deflections for 2.3 m  length beams.
Beam Serviceability Deflection at Proportion of
Ioad(kN) serviceability unplated deflection
load (mm) (%)
Ll (unplated) 40.4 5.24 -
L2 45.6 4.51 86.0
1 3 45.6 4.76 91.0
It should be noted that in structural design to B S  8110,1985, a serviceability limit state 
of deflection is imposed at, in general, span/250. T h e  m a x i m u m  allowable serviceability 
load deflections for the beams considered in this investigation were 3.6 m m  for the 1.0 m  
length beams, and 8.4 m m  for the 2.3 m  beams. For all beams tested, limiting states of 
stress in the concrete and steel occurred well before these deflection limits were reached, 
and thus governed the serviceability loads. In practical design, it is usual to comply with 
deflection requirements by limiting the ratio of the span to the effective depth (Beeby, 
1971b; Neville et a l 1977; Rangan, 1982). For simply supported m e m b e r s  of 
rectangular cross-section, the basic span/effective depth ratio should not exceed 20. In 
this investigation, the 1.0 m  length beams had a value of 11 and the 2.3 m  length a value
4.6. 2.3 m length beam investigation 155
of 10, thereby complying with the deflection requirement. Crack width limits of 0.3 m m  
are generally complied with in structural design to B S  8110, 1985 by limiting the 
m a x i m u m  distance between bars in tension. In Part 4  of B S  5400, 1990, limiting crack 
widths depend upon the environment in which the structure exists, with a m a x i m u m  
allowable value of 0.25 m m .
F r o m  a structural point of view, the relationship between the ultimate load and the design 
serviceability load is important. T o  demonstrate the factors of safety against collapse, the 
ratios of m a x i m u m  load carried to serviceability load can be calculated for all beams 
tested; the results are s h o w n  in Table 4.20.
Table 4.20 Factors of safety against collapse for all beams tested.
Beam SL(kN) UL (kN) Factor of safety 
(UL/SL)
Increase in FoS
(%)
Plate end system Mode of failure
Ala (unpialed) 11.4 20.5 1.80 - - -
Alb 15.9 47.2 2.97 65.0 Unanchored Premature
Ale 16.0 44.0 2.75 53.0 Unanchored Premature
A2a (unplated) 11.4 20.0 1.75 - - -
A2b 15.4 36.7 2.38 36.0 Unanchored Premature
A2c 15.5 37.3 2.41 38.0 Unanchored Premature
A2d 15.5 31.5 2.03 16.0 Unanchored Premature
A2e 15.5 39.6 2.55 46.0 Unanchored Premature
A2f 15.5 40.1 2.59 48.0 Unanchored Premature
A2g 15.5 41.0 2.65 51.0 Steel clamps Premature
A2h 15.5 49.0 3.16 81.0 GFRP angles Compression
BI (unplated) 11.3 17.0 1.50 - - -
B2 16.0 34.0 2.13 42.0 Unanchored Premature
B3 13.0 24.6 1.89 26.0 Unanchored Premature
B4 16.0 35.0 2.19 46.0 Unanchored Premature
B5 16.0 47.0 2.94 96.0 Steel clamps Premature
B6 22.4 40.8 1.82 21.0 Unanchored Premature
B7 22.4 63.5 2.83 89.0 Support reactions Compression
B8 22.4 52.1 2.33 55.0 GFRP angles Premature
B9 22.4 51.2 2.29 53.0 Steel clamps Premature
B10 20.3 55.5 2.73 82.0 Support reactions Compression
Cl (unplated) 113 21.00 1.86 - - -
C2 24.8 29.50 1.19 -36.0 Unanchored Premature
C3 24.8 42.55 1.72 -8.0 Bolted Premature
C4 24.8 49.40 1.99 7.0 Bolted Premature
C5 24.8 55.00 2.22 19.0 Bolted Compression
C6 24.8 67.00 2.70 45.0 Bolted Premature
Ll (unplated) 40.4 77.2 1.91 - - -
L2 45.6 108.7 2.38 25.0 Unanchored Premature
L3 45.6 119.4 2.62 37.0 Bolted Compression
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It can be seen that, with the exception of the batch ‘C ’ beams, the addition of the external 
F R P  plate caused the factor of safety against collapse to increase substantially, 
irrespective of the plate material or configuration, or the plate end detail. This is a result 
of higher failure loads being achieved through strengthening, even though the majority 
of beams were unable to attain their full flexural capacity. However, the greatest factors 
of safety were obtained w h e n  the plate ends were anchored to the beam, in particular 
w h e n  the form of anchorage used allowed compressive flexural failure to be achieved. 
T h e  magnitude of the factor of safety against collapse is perhaps of greater significance 
for the F R P  strengthened beams than the unplated because of the reduced ductility to 
failure demonstrated b y  these members. Plate end anchorages have thus been s h o w n  to 
be beneficial from both a ductility and factor of safety point of view at the ultimate limit 
state. T h e  batch ‘B ’ results presented in Table 4.20 demonstrate that, w h e n  unanchored, 
the use of G F R P  provides a greater factor of safety against collapse than w h e n  C F R P  is 
used as the plating medium. This is also reflected in the fact that w h e n  steel clamps were 
used to anchor the plate ends, the factor of safety obtained with G F R P  (beam B5) was 
well in excess of that obtained with C F R P  (beam B9), despite the fact that both beams 
failed prematurely.
S w a m y  et a l, 1987 demonstrated that w h e n  R C  beams were strengthened with an 
external steel plate, the stiffening effect induced by plating w as  m u c h  m o r e  influential at 
conttpUmg^ cracking than controlling deflection, with reductions in reinforcing bar 
strains at the centre of the m e m b e r  at given load levels being m or e  significant than the 
reductions in deflection. T o  investigate this effect for the 2.3 m  b eams externally 
strengthened with pultruded C F R P ,  the reductions, in comparison to the unplated 
member, in the longitudinal strain in the concrete at the level of the internal 
reinforcement were compared with the reductions in the central deflection of the 
strengthened, anchored b e a m  L3. It w as  not possible to directly obtain the reinforcing 
bar strains, since the internal steel w as not instrumented prior to casting the beams. 
However, the d e m e c  readings at the level of the internal steel give an indication of the 
average strain in the bars and thus the effect of the external plate on cracking, since crack 
width is related to reinforcement strain. T h e  results are s h o w n  in Table 4.21, where it can 
be seen that in general, the reductions in tensile strain in the concrete at the level of the 
internal steel were almost identical to the reductions in deflection at the centre of the 
b e a m  under a given load. That this result varies from that obtained from steel plating 
reflects the increased modulus of elasticity, plate cross-sectional area and hence area 
stiffness obtained through the use of steel, which therefore appears to affect the cracking 
characteristics to a greater degree than the deformations.
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Table 4.21 Comparison of reductions in deflection and tensile strain due to plating for 
2.3 m  b e a m  L3.
Load (kN) Reduction in central 
deflection due to 
plating(%)
Reduction in tensile 
strain at level of internal 
steel due to plating (%)
10 0 0
20 22.3 16.0
30 26.1 28.4
40 27.1 26.7
50 25.9 28.5
60 24.9 26.9
70 26.6 32.1
4.7 Conclusions
Although the magnitude of the effects observed varied with the structural parameters 
examined, the experimental testing of 1.0 m  length beams revealed the following general 
characteristics;
• T he  addition of an external F R P  plate was found to have a limited structural effect on 
the first cracking load. However, substantial increases in post-cracking stiffness, in the 
serviceability load, the load at which yielding of the internal steel occurred, and the 
m e m b e r  stiffness after yielding were observed. T h e  m a x i m u m  load m a y  also be 
increased significantly, although the ductility to collapse, in comparison to an unplated 
member, was generally reduced, especially if the plate ends remain unanchored.
• T he  ultimate m o d e  of failure was found to depend on the configuration of the 
strengthening system, in particular whether anchorage at the plate ends was provided. 
W h e n  the plate ends were unanchored, failure almost invariably occurred b y  plate 
separation, with the concrete cover still attached, in a brittle manner. This m o d e  of 
failure appeared to be insensitive to the amount of shear reinforcement provided in the 
member.
• Under a given load, the tensile strains beneath the neutral axis were considerably 
higher for the unplated beams than for an identical b e a m  externally strengthened, 
demonstrating the effect of the plate on m e m b e r  stiffening and the restraint of crack 
opening; flexural cracks were observed to be less extensive and to remain of hairline 
width throughout the constant m o m e n t  region w h e n  plated. T he  position of the neutral 
axis w as also lower for a given load for the strengthened beams, implying a reduction in 
the m e a n  crack height and that m o r e  of the concrete w as  acting in compression.
• T h e  assumption that plane sections remain plane appears to be justified for the 1.0 m  
length beams, irrespective of the plating material and configuration. T h e  epoxy adhesive 
used also appears to ensure that composite action between the b e a m  and the external 
plate w as  maintained at the centre of the beam. T h e  adhesive w a s  satisfactory in 
preventing mod es  of failure associated with the bondline, and generally maintaining the
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9 T he  distribution of longitudinal strain throughout the length of the plate appeared to 
follow the bending m o m e n t  diagram over m u c h  of the loading range, although at high 
loads, w h e n  diagonal shear cracking in the shear spans became predominant, the strains 
in the plate at these locations w as  found to exceed those of a linear variation. A  central 
peak of strain was also apparent after yielding, showing h o w  this occurrence results in a 
higher proportion of the tensile component being carried by the external plate.
• T h e  longitudinal bending strain responses for the centre of the plate in tension and the 
concrete in compression reflected that of the deflection behaviour, with changes in 
gradient at first cracking and yielding.
• Although simple estimates of unplated response at various load levels were found to 
agree reasonably well with the experimental results, the predictions of the flexural 
response of strengthened m e m b e r s  cannot be performed as simply as those for basic R C  
members, requiring a m or e  detailed analysis of the stress and strain states in the 
component materials of the member. This issue is discussed in detail in Chapter 8.
T h e  results obtained from the separate batches of 1.0 m  length bea ms  revealed the 
following characteristics concerning the specific parameters examined;
• Adhesive thickness had little apparent effect on structural behaviour, either overall or 
on the stress distributions within the beam, although with high strength concrete, failure 
w as observed to occur at the adhesive/plate interface w h e n  a 1.0 m m  adhesive thickness 
w as used.
• T h e  strengthening of higher strength concrete resulted in greater relative increases of 
serviceability, yield and ultimate loads, as well as post-cracking stiffness compared to 
the unplated case. Since failure occurred at a higher load and deflection, b e a m  ductility 
w as  also increased. A s  a result of reduced deflection under a given load, the strains in the 
plate and concrete were less, although since higher ultimate loads were reached, the 
m a x i m u m  strains recorded were also increased.
• M o v i n g  the points of termination of the external plate a w a y  from the supports caused 
a reduction in the yield and ultimate load values, ductility and post-cracking stiffness in 
comparison to the full-length plate. Failure occurred as a result of shear through the 
unplated section.
• External plating apparently increases the shear capacity of the section, since the shear 
failures observed for the strengthened beams occurred at loads in excess of the 
theoretical shear strength of the basic unplated member. This effect appeared to increase 
the closer to the support the plate w a s  terminated.
• T h e  use of simple side plates increased the ultimate load slightly and caused a slight 
change in the failure mode, with the failure surface shifting downwards to the base of the 
b e a m  from the level of the internal steel. Little effect on ductility was observed, although 
the post-cracking stiffness was increased slightly due to the restraining effect of the side 
plates on cracks. Instrumentation of the side plates revealed that they were ineffectual at 
preventing plate separation.
integrity of the strengthened system.
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• The attainment of compressive flexural failure for a particular plated configuration 
marks the greatest degree of strengthening which can be achieved by external plating.
• Reducing the cross-sectional area of external G F R P  reduced the serviceability, yield 
and ultimate loads, and caused failure to occur by separation of the plate with the failure 
surface within the bottom layers of concrete due to the tensile force being transferred 
into a relatively small area. T h e  m e m b e r  stiffness was reduced, both before and after 
yielding, although the ductility w as  increased. T h e  plate and concrete strains were higher 
under a given load. T h e  crack restraint effect of the plate w as  reduced, as was the neutral 
axis depth and thus volume of concrete in compression.
• For the two values examined, the plate aspect ratio had little apparent effect on overall 
behaviour, with plate separation occurring in both cases.
• T h e  use of C F R P  as opposed to G F R P  caused an increase in the serviceability, yield 
and ultimate loads, but a reduction in ductility, with failure occurring again by plate and 
concrete cover separation. T h e  m e m b e r  stiffness both before and after yielding was 
increased, with a greater proportion of stiffness retained after yielding. Although the 
m a x i m u m  plate strains were reduced, these represented a greater proportion of the failure 
strain of the material. Enhanced crack restraint properties were displayed and the 
position of the neutral axis was lowered.
• Reducing the area of external C F R P  caused a reduction in serviceability, yield and 
ultimate loads, but an increase in ductility. M e m b e r  stiffness was reduced before and 
after yielding, but apparently not by the amount of the plate area reduction. T h e  plate and 
concrete bending strains were increased and compression failure was attained. However, 
this occurred at a reduced load, so that the tensile strains in the external plate did not 
reach their ultimate value.
T h e  effects which anchoring the plate ends to the b e a m  were observed to have on overall 
behaviour were as follows;
• T he  inclusion of anchorages had little effect on the overall response of the 
strengthened m e m b e r  in terms of stiffness, serviceability and yield loads. However, all 
forms of anchorage delayed the occurrence of failure and increased the m a x i m u m  load 
carried and the ductility in comparison to the corresponding unanchored specimen, 
allowing higher m a x i m u m  plate and concrete strains to be attained. In all cases, higher 
longitudinal strains were registered towards the plate ends than w h e n  unanchored, 
producing a m o r e  uniform, and thus m o r e  efficient, distribution of strain along the length 
of the external plate.
• W h e n  G F R P  w as used as the plating medium, G F R P  angles were found to be m or e  
effective than steel clamps at increasing the ultimate load carried, allowing failure to 
occur in compression. T h e  use of steel clamps prevented plate separation, with failure 
occurring due to horizontal shearing at the base of the beam, with apparent slip of the 
plate at one of the anchorages.
® Using the support reactions as anchorage proved to be the most successful method of 
clamping the external C F R P  plate in terms of increase in ultimate load and ductility, and 
the attainment of flexural failure. T h e  use of G F R P  angles and steel clamps also
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increased the ultimate loads and ductility values in comparison to unanchored 
specimens, failing at similar loads, the G F R P  angles becoming debonded at collapse. 
T h e  support reaction clamped case allowed the highest strains to be reached and the most 
uniform profile of longitudinal strain along the plate to be attained. T h e  use of anchored 
C F R P  appeared to increase the neutral axis depth in comparison to an unanchored 
specimen.
• T he use of bolted anchorages had little effect on the overall response, but delayed the 
occurrence of failure. T he  yield load w as found to increase slightly and the ultimate load 
to increase considerably, greater than the amount produced by the use of clamps or 
G F R P  angles in comparison to a comparable unanchored specimen.
• T he  ductility w as  also increased considerably over the unanchored case by amounts 
greater than with clamps or G F R P  angles, and comparable to using the support reactions 
as anchorage.
• Bolting through the plate appeared to have no detrimental effect on the ultimate load 
or failure m o d e  if an endplate is provided to redistribute stress a w a y  from the holes. 
Shorter bolts, penetrating 38 m m  into the concrete were found to pull free at failure.
• A s  observed with the other forms of anchorage, the longitudinal strains in the plate 
towards its end were higher, giving a m o r e  uniform strain profile along the plate length.
• T h e  use of longer bolts caused a higher m a x i m u m  load to be attained, and altered the 
failure m o d e  to compressive from shear, with the anchorages still intact. B e a m  ductility 
was  increased further, and higher plate and concrete strains were reached at collapse.
• T he  shorter length of endplate investigated appeared to be sufficient to prevent failure 
within the anchorage itself.
• In terms of attainment of compressive failure w h e n  C F R P  w as used as the plating 
medium, shorter length bolts were similarly as effective as clamping, and slightly 
inferior to the use of G F R P  angles w h e n  the bolts passed through the C F R P  plate. 
Longer bolts allowed a compressive flexural failure to be achieved, similar to using the 
support reactions as anchorage.
• Bolts appear to give a m or e  versatile and practical anchorage solution than other 
methods and were therefore adopted for the prestressing investigation.
T h e  results of the 2.3 m  length tests revealed the following characteristics;
• External plating with pultruded C F R P  had little effect on the first crack load but 
increased the yield load (for the anchored case) and the m a x i m u m  loads carried, and 
caused an increase in the overall m e m b e r  stiffness. W h e n  unanchored, the ductility of the 
strengthened b e a m  w a s  below that of the unplated member; however, the inclusion of 
anchorages actually increased the ductility of the plated b e a m  to a value above that of the 
unplated.
• T h e  addition of anchorage had little effect on the overall response, but allowed 
yielding of the strengthened b e a m  to occur, and a considerably higher ultimate load to be 
reached. Unanchored, failure occurred by premature plate separation in the same w a y  as
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observed for the 1.0 m  length beams. T h e  addition of anchorages allowed a compressive 
flexural failure to be achieved.
• Inclusion of anchorages allowed the external plate to approach its material failure 
strain as crushing of the concrete in compression was initiated. T h e  strains towards the 
plate ends were considerably higher than w h e n  the plate ends remained unanchored, 
giving a m or e  uniform strain profile and allowing the plate to w o r k  m or e  efficiently.
• T h e  development of visual flexural and shear cracking was delayed b y  the addition of 
the external plate and, for a given load, w as less extensive. However, at ultimate 
conditions, there appeared to be little difference in the general crack patterns obtained for 
the unplated and strengthened members, although the flexural cracking in the constant 
m o m e n t  region appeared less well developed and the diagonal shear cracking in the 
shear spans more highly developed for the strengthened cases.
• Plating reduced the tensile strains beneath the neutral axis, and hence restrained crack 
opening for a given load. B e a m  behaviour and composite action appeared to be fairly 
well maintained up to failure. T he  position of the neutral axis was lower for a given load 
w h e n  the beams were strengthened, reducing the height of tensile cracks and allowing 
m o r e  of the concrete to act in compression.
• T he  addition of the external plate increased the second m o m e n t  of area of the cracked 
transformed section of the 1.0 m  length beams by a m u c h  greater amount than for the 2.3 
m  length beams; consequently, the increases in serviceability, yield and ultimate loads, 
and post-cracking stiffness were m u c h  m or e  modest, and realistic, for the 2.3 m  beams, 
although the ductility values obtained represented m u c h  higher proportions of the 
unplated value than were found for the 1.0 m  length beams.
• T h e  1.0 m  length bea ms  appeared to adequately model the general characteristics of 
larger-scale, externally strengthened members, in particular the occurrence of the plate 
separation m o d e  of failure. S o m e  form of anchorage appears as necessary for larger 
m e m b e r s  as for the smaller-scale specimens if this form of collapse is to be avoided.
• A s  well as increasing the serviceability load, the deflection under this load was 
reduced in comparison to the unplated member.
• External strengthening with C F R P  appeared to be as effective at reducing cracking 
behaviour as structural deformations.
For all beams considered in this section of the investigation, external strengthening was 
found to increase the factor of safety against collapse above that associated with the 
unplated member.
Photographs of several of the failed beams are s h o w n  on pages 164 and 165. T he  
p r o gr a mm e  of b e a m  testing described in this section has demonstrated that several 
primary m od es  of failure are possible w h e n  a reinforced concrete b e a m  is externally 
strengthened with F R P  materials, occurring either individually or in combination, 
depending on the plating configuration utilised. All forms of failure observed were brittle 
unless otherwise stated, and were as follows;
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• Compression failure of the concrete; a relatively ductile form of failure observed 
w h e n  the plate ends were securely anchored to the beam.
• Plate and concrete cover separation; observed w h e n  wide, unanchored plates were 
utilised, regardless of plating material (Plate 4.1 on page 164, and Plate 4.2(b)). Also 
observed w h e n  G F R P  angles were used as plate end anchorage (Plate 4.2(e)). W h e n  
fewer shear links were used in the member, this form of failure was  accompanied by 
extensive shear cracking in the shear spans.
• Plate separation alone, due to horizontal shearing within the bottom layers of 
concrete; observed w h e n  a narrow, unanchored plate was used.
• Plate separation alone, with the failure surface occurring at the concrete/adhesive 
interface; observed in one case only, w h e n  a 1.0 m m  adhesive thickness was used in 
conjunction with high strength concrete.
• Shear failure, with large diagonal cracks passing right through the b e a m  section, 
initiating at the plate end and dividing the b e a m  in two (Plate 4.2(a)); observed w h e n  
fewer shear links were used in the m e m b e r  and w h e n  shorter anchor bolts were used.
• Shear failure, with large diagonal cracks passing right through the plated b e a m  
section; observed w h e n  fewer shear links were used and the plate ends were clamped, in 
combination with slip at one of the clamps with the failure surface at the adhesive/plate 
interface (Plate 4.2(d)). W h e n  longer anchor bolts were used at the plate ends, this type 
of failure caused the plate to break across its width at the edge of the endplate.
• Horizontal shearing failure at the base of the b e a m  within the bottom layers of 
concrete; observed w h e n  a greater n um be r  of shear links were included in the section and 
the plate ends were clamped, in combination with slip at one of the clamps with the 
failure surface at the adhesive/plate interface.
® Sudden peeling a w a y  of the F R P  plate from the beam, initiating at the base of a large 
shear crack across which vertical displacement had occurred; observed as a secondary 
form of failure after crushing had initiated for the anchored 2.3 m  length b e a m  L3. T h e  
bottom layers of concrete remained bonded to the plate as it separated from the beam.
In general, these failures took place after yielding of the internal steel except for the 
unanchoied 2.3 m  length case and w h e n  shear failure took place for the 1.0 m  length 
b ea ms  anchored with shorter bolts. T h e  remainder of the failures m a y  therefore be 
regarded as under-reinforced in the normal sense, although after yielding, the plate 
continues to support the tensile component of force in the section, preventing the large 
increases in ductility associated with steel yield in traditional R C  design.
N o  tensile failures of the F R P  laminates used were observed in the p ro gr a mm e  of testing, 
although such an occurrence was not striven for. However, for the 2.3 m  length b e a m  L3, 
for which the plate ends were anchored with bolts, rupture and separation of s o m e  of the 
C F R P  fibres along the plate edges w as  observed before compression failure occurred. 
Cohesive failure within the adhesive bondline w a s  also not apparent in the tests carried
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out, the concrete generally acting as the w ea k  component within the bonded assembly. 
Meier, 1995, in the programme of b e a m  testing carried out at the E M P A ,  also noted two 
additional modes of failure, namely slow peeling away of the C F R P  laminate from the 
base of the b e a m  during loading as a result of an uneven bonding surface, and 
interlaminar shear failure within the external C F R P  material.
The observations presented in this Chapter are based on limited numbers of tests on 
relatively small-scale specimens. However, these tests have illustrated the feasibility and 
structural characteristics of external F R P  strengthening, and demonstrated the 
significance of basic structural parameters on overall performance. Whilst further 
detailed study on general behaviour of full-scale members would be desirable, it is felt 
that the results presented herein represent an important contribution to the understanding 
of the characteristics of beams externally strengthened with F R P  materials. The effects 
of initially prestressing the F R P  plate, of environmental exposure and behaviour under 
sustained load will next be considered.
Plate 4.1 Plate and concrete cover separation m o d e  of failure for 2.3 m  length beam.
4.7. Conclusions 164
(a)
(b)
(c)
(d)
(e)
Plate 4.2 Examples of tested 1.0 m  length beams.
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Chapter 5
Prestressing investigation
5.1 Introduction
A  possible extension to the technique of flexural strengthening using externally bonded 
F R P  plates is that of pre-tensioning the plate prior to bonding to the concrete member. 
B y  releasing this pre-tension into the m e m b e r  after the adhesive has cured, it m a y  be 
possible to attain s om e  of the benefits associated with prestressed concrete technology 
and utilise the plate material m or e  efficiently. In this Chapter, the basic principles of 
prestressing concrete are considered and a review of previous w o r k  carried out utilising 
pre-tensioned F R P  plate systems is given. Experimental w or k  carried out in this 
investigation is then presented, and conclusions drawn.
5.1.1 Basic principles
Prestressing concrete is a means by which internal stresses resulting from externally 
applied loadings are counteracted to a desired degree. T h e  basis of prestressing is that an 
eccentric force is applied to a section at s o m e  distance beneath the centroidal axis. This 
is equivalent to applying a concentric force and a moment, and causes compressive 
stresses towards the base of the section and compressive or tensile stresses at the top of 
the section, depending on the level of applied force and eccentricity, to be induced; the 
kern is defined as the zone within which the cable force must lie if tensile stresses in the 
concrete due to prestress alone are to be avoided. For a rectangular section, this zone is 
the middle third. Prestressed concrete is thus m or e  accurately defined as pre-compressed 
concrete, since a compressive stress is introduced before the m e m b e r  begins its working 
life in areas where tensile stresses will develop under working load.
T w o  methods of prestressing are in general use in concrete design. In pre-tensioning, 
concrete is placed around already stressed tendons. W h e n  the concrete has hardened 
sufficiently, the ends of the tendons are slowly released and the force in the tendons is 
transferred to the concrete by  bond stress. In post-tensioning, the concrete m e m b e r  is 
cast incorporating ducts for the tendons. W h e n  the concrete has hardened, the tendons
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are tensioned by jacking against one or both ends of the member, and are then anchored 
b y  means of anchorages which bear against the m e m b e r  or are e mb ed d ed  in it.
Prestressed concrete has several important advantages over reinforced concrete. Firstly, 
the entire section is effective in resisting the applied moment, whereas only the portion 
of the section above the neutral axis is fully effective in reinforced concrete. This leads to 
increased flexural rigidity and hence greatly reduced deflections under service 
conditions. Secondly, the use of curved tendons in post-tensioning enables part of the 
shear force to be carried by the tendons. Also, the pre-compression of the concrete tends 
to reduce the diagonal tension associated with shear cracking. In general, the same 
applied load can be carried by a lighter section in prestressed concrete, which gives more 
clearance where it is required and enables longer spans to be used. T h e  absence, or near 
absence of cracks under service loading is another advantage.
External prestressing is achieved b y  tendons placed outside the load-bearing structure 
over the greater part of their length, and not emb ed d ed  within the concrete section as in 
the conventional technique. A  state-of-the-art review of methods and applications is 
given by the ACI, 1990. This method is being increasingly considered in the construction 
of n e w  concrete structures, especially bridges (Virlogeux, 1990). In n e w  construction, 
only the anchorage heads and those parts of the cables close to the anchorages are built 
into the structure, whilst deviators are used to provide the required tendon profile. T he  
main advantage in n e w  construction is that the concreting and prestressing operations 
can be carried out separately. In addition, it allows the dimensions of structural m em be r s  
to be reduced, grouting problems to be eliminated and tendon inspection and even 
replacement to be carried out during the lifetime of the structure. External tendons m a y  
also be used for post-tensioning existing structures in rehabilitation applications (Klaiber 
et a l 1987). Limitations, however, include the need for special design of anchorages 
where tendons are attached because of very high local stresses. In addition, tendons and 
anchorages require special corrosion protection and are often in accessible locations 
vulnerable to damage from vandalism, impact and fire. If all m e m b e r s  are not post- 
tensioned with equal eccentricity or force, the actual distribution of stresses within the 
structure will be considerably different from that assumed by simple analysis. 
Maintenance of the lateral stability of girders during post-tensioning is a further problem.
5.1.2 Losses of prestress
T h e  force in the prestressing m e d i u m  after release, termed the effective prestress, varies 
from that which must initially be applied because of various losses. In general, allowance 
should be m a d e  for losses of prestress in a pre-tensioned m e m b e r  resulting from:
• Relaxation and slip of the prestressing medium.
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• Elastic deformation of the concrete. In a pre-tensioned b e a m  there is an immediate 
loss of prestress at transfer resulting from the elastic shortening of the beam, which m a y  
amount to 5 - 10%.
• Shrinkage and creep of the concrete. In the long-term, these typically produce a loss 
of 10 - 2 0 %  (Kong and Evans, 1987).
T h e  magnitude of prestress loss cannot be given as a precise figure, but is typically in the 
order of 2 0 %  of the applied force at transfer for a normal prestressed concrete member. 
W h e n  a system incorporating an adhesive bondline is being utilised to transfer prestress 
into a member, as in this study, shear deformation of the adhesive layer m a y  also 
contribute to the loss of prestress unless this is restrained in s o m e  way, such as through 
the provision of rigid anchorage fixings for the prestressing medium.
5.2 Review of previous work
T h e  bonding of an initially stressed F R P  plate to the underside of a concrete b e a m  is 
effectively a form of pre-tensioning, the force in the plate being transferred to the 
concrete through adhesive bond stresses throughout its length. Release of the pre-tension 
in the plate into the b e a m  causes shear deformation of the adhesive layer, which in turn 
induces horizontal shear stresses within the bottom layers of concrete, peaking at the 
plate ends. If this peak shear stress on release exceeds the shear strength of the concrete, 
typically around 8 N / m m 2 (Ladner and Weder, 1981; Ranisch and Rostasy, 1986; Kaiser, 
1989), the concrete will fail horizontally in shear above the bondline.
Triantafillou and Deskovic, 1991 report an analytical model developed to describe the 
m a x i m u m  achievable level of pre-tension which can be applied to a F R P  plate so that the 
external strengthening system does not fail near the anchorage zones as the pre-tension is 
released. It is assumed that failure can occur either by horizontal cracking of the concrete 
above the F R P  plate at the two end zones due to high shear stresses, or b y  yielding of the 
adhesive. T h e  analytical model developed is used in a parametric study which suggests 
that the method’s efficiency is improved by increasing the thickness of the adhesive 
layer, increasing the area fraction of the composite material, or b y  increasing the length 
over which the plate is bonded, all of these effects theoretically increasing the level of 
stress which can be applied to the plate prior to bonding before failure occurs on release.
Triantafillou et ah, 1992 extended their investigation to provide limited verification of 
their analytical w o r k  through the use of tests on plain concrete specimens 600 m m  in 
length. Plates of unidirectional C F R P  were pre-tensioned to the required level, bonded to 
the concrete specimens then gradually released from one end after the adhesive had 
cured until cracking occurred in the concrete adjacent to the bondline. Reasonable 
agreement w as  noted between the theoretical m a x i m u m  prestress which causes failure 
and that found in practice, the average error being 12%. Equations were also developed
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for calculating the ultimate m o m e n t  capacity for an F R P  prestressed section based on 
strain compatibility and equilibrium. These suggested that increases in the range 14 - 
4 0 %  could be achieved in comparison to a non-prestressed F R P  strengthened member. 
Tests were carried out on four R C  beams 1200 m m  in length strengthened with pre- 
tensioned C F R P  plates anchored by the support reactions. T h e  applied pre-tension varied 
from 75 - 9 8 %  of the m a x i m u m  achievable value calculated by their analytical model. 
All beams failed by localised peeling of the C F R P  followed by concrete crushing. It w as  
concluded that F R P  prestressed concrete m e m b e r s  exhibit excellent strength, stiffness 
and ductility characteristics, provided the external reinforcement is adequately anchored.
Karam, 1992 has also presented an analytical model for predicting the m a x i m u m  pre­
tensioning stress which can be applied to a F R P  plate so that the system does not fail near 
the anchorage zones as the pre-tension is released. Equations were derived which could 
be used to find the m i n i m u m  required F R P  area and pre-tensioning force needed to 
achieve a given prestress level at the centre of the b e a m  without failure upon pre-tension 
release. T h e  anchorage zones were given special consideration since their behaviour 
controls the achievable prestress levels. It was suggested that an efficient prestress 
transmission region would be created by allowing the F R P  area to increase 
hyperbolically b y  either successive sheet laminations to increase the thickness or by 
flaring the ends of the sheet, increasing its width. N o  experimental verification work was 
carried out in this study.
Investigation into the use of pre-tensioned C F R P  sheets has been carried out in 
Switzerland by the E M P A  (Deuring, 1993). T h e  necessity of anchorages to avoid failure 
at the plate ends on release of the pre-tension and on subsequent load application w a s  
recognised in this study, and a system by which a perpendicular force is applied at the 
plate ends using a prestressed composite strap wrapped around the section and anchored 
in the compression zone w as  suggested. It is claimed that in order to achieve a 
‘technically and economically rational prestress ’ in the strengthened member, a pre­
tension amounting to 5 0 %  of the ultimate strain of the C F R P  plate is necessary (Meier, 
1995). In tests on T-beams strengthened with C F R P  laminates 1.0 m  thick applied with 
and without pre-tensioning, Meier et a l, 1992 report that the only difference between the 
two methods w as  that the pre-tensioned laminates caused the ultimate deflection of the 
b eams to be decreased by 100%, the ultimate loads being very similar.
A n  alternative approach to achieving a prestressed plate has been suggested by 
Saadatmanesh and Ehsani, 1991. In this method, prestressing is accomplished by 
cambering the concrete b e a m  by mea ns  of hydraulic jacks prior to bonding of the 
unstressed plate. T he  jacks are then removed w h e n  the adhesive has cured. T he  
composite plate prevents a complete elastic return of the b e a m  and results in initial
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compressive stresses in the tension face of the beam. It is claimed that this method 
should eliminate the need for anchorages since high localised stresses at the plate ends 
are prevented, although this argument is not substantiated. In an ensuing test programme 
of beams strengthened with non-prestressed G F R P  plates, one b e a m  w as  cambered prior 
to bonding to induce an external prestress; the only conclusion noted about this test was 
that the b e a m  displayed reduced crack development.
M o s t  recently, Wight et al., 1995 report an investigation in which four R C  beams 5000 
m m  in length were tested, one of which w as unplated, one strengthened with a non- 
prestressed C F R P  prepreg sheet 0.2 m m  thick and the remaining two strengthened with 
C F R P  pre-tensioned to 250 N / m m 2 before bonding. For the strengthened cases, the plate 
ends were attached to the b e a m  with a mechanical anchorage system. T h e  pre-tensioned 
sheets were found to be slightly m or e  effective at increasing the flexural strength and 
stiffness of the m e m b e r  than a sheet which was unstressed at the time of bonding. 
Stressing the plate prior to application appeared to be most effective at delaying the onset 
of cracking and reducing crack widths.
It is clear from a review of the w o r k  reported in the literature that whilst this extension of 
the F R P  plate bonding technique is potentially beneficial given the advantages inherent 
in prestressing practice, it very m u c h  remains in its infancy. M o s t  of the w or k  carried out 
to date has merely demonstrated that failure of the system will occur on release of the 
prestress unless adequate anchorage systems are provided at the plate ends. It has been 
demonstrated through the p ro gr a mm e  of b e a m  testing described in Chapter 4  that, for the 
configurations tested, failure of a non-prestressed system will occur by separation of the 
plate from the b e a m  w h e n  tested in flexure unless s om e  form of anchorages are provided. 
It therefore follows that anchorages are an even greater necessity w h e n  the plate supports 
an initial prestress. T h e  provision of anchorages at the plate ends reduces the shear 
deformation which occurs within the adhesive layer upon pre-tension release, thereby 
reducing the shear stresses transferred to the base of the concrete section and minimising 
the possibility of premature failure. In this investigation, therefore, plate end anchorages 
were used in all cases so that behaviour on application of external load could be studied, 
as well as the initial response to pre-tension release.
T h e  tests carried out in this section of the project provide a limited, basic study into the 
behavioural effects and performance of reinforced concrete beams w h e n  subjected to a 
release of pre-tension and subsequently tested to failure.
5 3  Experimental work
Both 1.0 m  and 2.3 m  length beams were used in the prestressing investigation, the 
dimensions and reinforcing configurations of which have been given in Chapter 3. The
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material properties of the components of the strengthening system have also been given 
in Chapter 3. T h e  smaller-scale 1.0 m  length specimens were first considered; this 
allowed the prestressing technique to be established and refined, and provided a valuable 
indication of the effects of pre-tensioning the F R P  plate prior to bonding which could be 
expected in tests on the larger beams. In addition, by comparing the patterns of results 
obtained from both m e m b e r  sizes, the effects of scale could be assessed. T h e  pultruded 
carbon fibre/vinylester composite used for the batch ‘C  1.0 m  length beams and all 2.3 
m  length beams described in Chapter 4, and for which the properties have been given in 
Section 3.3.3 on page 55, w as  used throughout the prestressing investigation.
5.3.1 Prestressing technique employed
T h e  technique used to pre-tension the C F R P  plates for both the 1.0 m  and 2.3 m  length 
beams w as  as follows. A  plate longer than the length of the b e a m  in question was used. 
Aluminium tabs were epoxy-bonded at each end and on both faces of the C F R P  plate. 
These tabs were used to provide stress distribution in the end regions and were 2 m m  
thick, 130 m m  long for both b e a m  sizes, and full plate width (80 m m  for the 1.0 m  length 
beams, 90 m m  for the 2.3 m). Each end of the C F R P  plate w as  then sandwiched between 
two steel plates 9 m m  thick of the dimensions s ho wn  in Figure 5.1. These plates were 
pre-drilled and provided a jig into which the tabbed ends of the C F R P  plate could be held 
with pins during drilling. After drilling, 12 No. 6 m m  diameter bolts were located at each 
end and lightened to provide frictional as well as shear resistance to the prestressing 
force to be applied.
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Figure 5.1 Prestressed beams; plate end assembly.
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T he  C F R P  with steel plates bolted on at each end was then loaded into a prestressing 
frame composed of steel box sections 180 m m  x  180 m m ,  as s h o w n  in Plate 5.1 on page 
194. Macalloy bar of 20 m m  diameter passing through the frame at each end with steel 
yokes attached provided the connection between the C F R P  plate and the frame, as s h o w n  
in Figure 5.1; a 12 m m  diameter high tensile steel bolt was used to anchor the plate end 
in each yoke and transfer the applied load in shear to the CFRP. A t  one end, the Macalloy. 
bar was anchored to the frame, whilst at the other end, load w as  applied to the plate 
through a hydraulic r am  bearing onto a 100 k N  load cell. A  mechanical locking device 
was used so that, w h e n  the required load had been applied, the plate could be held fixed 
at the resulting extension, eliminating the risk of hydraulic leakage in the ram causing 
load reduction during adhesive cure.
T h e  sequence of procedures followed in preparing the prestressed bea ms  is s h o w n  in 
Figure 5.2. After gritblasting and cleaning of the concrete bond surface, as described in 
Chapter 3, each b e a m  w as  positioned with the bond surface facing upwards beneath the 
C F R P  plate. T h e  peel ply protecting the face of the plate to be bonded w as  then removed. 
T h e  adhesive w as correctly proportioned, mixed and applied to both the concrete and the 
composites surfaces; that applied to the concrete was profiled so that excess would be 
extruded from the centre outwards, thereby dispelling air. Ballotini of 2.0 m m  diameter 
were added to control the thickness of the adhesive layer. T h e  plate w as  then rotated 
through 180° so that the bond surfaces were facing each other. After stressing of the plate 
to the required level, the concrete b e a m  w as  lifted with jacks up to the level of the taut 
plate (a). U m b e r  packing w as used to hold the b e a m  at the correct height during adhesive 
cure, whilst dead weight equivalent to a pressure of around 7.5 k N / m 2 w as applied to the 
upper face of the plate so that excess adhesive would be extruded (b); in practice, a 
v a c u u m  bag technique m a y  be used to support the external plate during bonding. After 
the adhesive had cured, steel clamps were installed at each end of the b e a m  to ensure 
adequate anchorage of the plate ends upon release of the pre-tension. T h e  load applied to 
the C F R P  plate was then reduced to zero, the pre-tension being transferred to the b e a m  
by the cured adhesive bond layer, and the plate was cut through to isolate the beam.
Steel endplates 6 m m  thick and 4 0  m m  long, covering the full width of the C F R P  plate 
were used in all cases. These were pre-drilled and bonded in the correct positions (c), as 
s h o w n  in Figure 4.32 on page 130 for the 1.0 m  length beams, and Figure 4.38 on page 
143 for the 2.3 m  specimens. After this adhesive had cured and using the steel endplates 
as a jig, holes were drilled through the C F R P  plate and adhesive into the concrete beam. 
Steel bolts were then bonded into the holes as described in Section 4.5.2 on page 128 and 
allowed to cure (d). In all cases, the bolts used were of 3/8” diameter and 80 m m  long, 
thereby penetrating around 68 m m  into the concrete member. T he  end clamps were then 
removed and the C F R P  plate cut through at each end so that, during testing, it would not
5.3. Experimental work 172
be anchored by the clamping force of the support reactions (e). T he  role of anchorage 
w as  thus transferred wholly to the bolted steel endplates. Each b e a m  w as  then tested 
statically to failure in the manner used for all previous beams.
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Figure 5.2 Sequence of prestressing operations.
T E
T h e  notation and test parameters of the 1.0 m  length beams used in the prestressing 
investigation are given in Table 5.1, whilst those of the 2.3 m  length cases are s h o w n  in 
Table 5.2. In both cases, an unplated control b e a m  was initially tested, then a plated but 
non-prestressed beam, and finally the two prestressed cases, prepared with two different 
levels of plate pre-tension. This approach allowed direct comparison between non- 
prestressed and prestressed plated b e a m  performance, and also between different levels 
of applied pre-tension, to indicate relative structural performance.
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Table 5.1 1.0 m prestressing investigation; test beam parameters.
Beam Plate material Plate size Plate end State of plate at
(mm) system time of bonding
El (unplated) - - - -
E2 Pultruded CFRP 80x1.3x860 Bolted endplates Non-prestressed
E3 Pultruded CFRP 80x1.3x860 Bolted endplates Prestressed, level 1
E4 Pultruded CFRP 80x1.3x860 Bolted endplates Prestressed, level 2
Table 5 3 2.3 m  prestressing investigation; test b e a m  parameters.
Beam Plate material Plate size Plate end State of plate at
(mm) system time of bonding
PI (unplated) - - -
P2 Pultruded CFRP 90 x 1.3 x 2020 Bolted endplates Non-prestressed
P3 Pultruded CFRP 90 x 1.3 x 2020 Bolted endplates Prestressed, level 1
P4 Pultruded CFRP 90 x 1.3 x 2020 Bolted endplates Prestressed, level 2
53.2 Monitoring during application and release of pre-tension
T h e  response of the plate and concrete b e a m  during each stage of the application and 
release of the pre-tension w as  closely monitored by the use of E R  strain gauges on the 
C F R P  plate and d em ec  pips about the central section of the beam, in the configurations 
s ho wn  in Figure 3.12 on page 72 for the 1.0 m  length beams, and Figure 3.13 on page 73 
for the 2.3 m  length cases. Each b e a m  was also examined carefully after release of the 
pre-tension for signs of concrete or adhesive cracking, and debonding or splitting of the 
C F R P  plate.
T h e  value of longitudinal strain which w as  initially applied to each plate prior to bonding 
for both 1.0 m  and 2.3 m  length b eams is s h o w n  in Table 5.3. T he values in parenthesis 
represent the proportion of the ultimate strain of the C F R P  (7540 JJ.S) which was applied. 
Also s h o w n  are the values of remaining longitudinal strain at the centre of each of the 
plates after release of the pre-tension into the concrete beam, and the strain reduction 
values presented as a proportion of the original applied value. T h e  force associated with 
the remaining strain in the plate is the effective prestress.
Table 5.3 Prestressed beams; strain reductions on pre-tension release.
Beam Initial applied plate 
pre-tension (ftS)
Strain at centre of plate 
after release (jxS)
Strain lost during 
transfer (%)
1.0 m, E3 1638 (21.7%) 1316 (17.5%) 19.7
1.0 m, E4 2544 (33.75%) 1988 (26.4%) 21.9
2.3 m,P3 2685 (35.6%) 2603 (34,5%) 3.1
2.3 m, P4 3537 (46.3%) 3147 (41.7%) 11.0
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It was found that reducing the externally applied load in the C F R P  plate to zero after the 
adhesive bondline had cured and the end clamps had been installed (stage (c) in Figure 
5.2) caused an almost instantaneous reduction in longitudinal strain at the centre of the 
plate, as s ho wn  in Figure 5.3 for the second prestressed 2.3 m  b e a m  P4, which represents 
a typical example. This reduction in strain m a y  be a result of several factors, as discussed 
in Section 5.1.2 on page 167, but is most likely to be a result of elastic shortening of the 
beam; because of the short time-scale involved, the contribution of creep and shrinkage 
effects within the concrete would be insignificant. It can be seen that the strain 
reductions upon release were m u c h  greater for the 1.0 m  length beams than for the larger, 
2.3 m  beams, even though the levels of initial pre-tension were lower in the 1.0 m  cases. 
This is because the axial force induced by release acts upon a smaller cross-sectional 
area for the 1.0 m  beams, so the axial, compressive stress on the section is greater and 
hence the axial shortening higher for a given concrete modulus of elasticity. In addition, 
because of the high eccentricity of the plate force, release of the pre-tension causes the 
b e a m  to b ec om e  slightly cambered, causing the extension and hence strain of the plate to 
be reduced further. This effect is also more pronounced for the smaller-scale 1.0 m  
length specimens.
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Figure 5.3 Prestressed 2.3 m  b e a m  P4; variation of strain with time at centre of plate 
on release of pre-tension.
It was found that cutting through the C F R P  plate at each end after the bolted anchorages 
had been installed (stage (e) in Figure 5.2) affected the values of longitudinal strain 
recorded close to each endplate. Again, these strain reductions were almost 
instantaneous, as sho wn  in Figure 5.4 for the end gauges of the second prestressed 2.3 m  
b e a m  P4.
5.3. Experimental work 175
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Figure 5.4 Prestressed 2.3 m  b e a m  P4; variation of strain with time at plate ends on 
removal of clamps.
The reductions of longitudinal strain at the plate ends which accompanied cutting 
through were found to vary in each case, as s ho wn  in Table 5.4. It can be seen that the 
higher the level of initial pre-tension in the plate, and hence the higher the level of 
effective prestress after release, the greater was the amount of strain lost towards the 
plate ends w h e n  the plate was cut through. It can also be seen that the losses were m u c h  
higher for the two 2.3 m  length beams, especially at the higher level of applied stress, 
where almost 3 0 %  of the original strain at one of the plate ends was lost after cutting 
through. The variation between the results for the two b e a m  sizes must reflect the 
relative efficiency of the anchorage system in each case; the same dimensions of 
endplate and bolt size were used for all prestressed cases, and clearly this was more 
effective at preventing the loss of strain across the endplate for the 1.0 m  cases.
Table 5.4 Reductions of strain at plate ends after cutting.
Beam Effective Reduction of strain Reduction of strain
plate prestress after cutting, end 1 after cutting, end 2
(%) (ftS) (ftS)
1.0 m, E3 17.5 83 (6.3%) 93 (7.1%)
1.0 m, E4 26.4 155 (7.8%) 188 (9.5%)
2.3 m.P3 34.5 520 (20%) 424(16.3%)
2.3 m, P4 41.7 908 (29%) 789 (25%)
The final distributions of longitudinal strain throughout each plate length before testing 
to failure are shown in Figure 5.5 for the two 1.0 m  length beams, and Figure 5.6 for the
two 2.3 m  cases.
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Prestressed. 26.4%
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Figure 5.5 Prestressed 1.0 m  beams; strain distribution in plate before testing.
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Figure 5.6 Prestressed 2.3 m  beams; strain distribution in plate before testing.
The changes in d e m e c  readings taken after the pre-tension in the plate was released are 
shown in Figure 5.7 for the 1.0 m  beams, and Figure 5.8 for the 2.3 m  beams. It can be 
seen that in all cases, the top of the b e a m  section was placed in tension, while the 
majority of the section from the base upwards was placed in compression. This clearly 
demonstrates the effect of the pre-tensioned plate in applying an axial compressive force 
over the whole depth of the section, and a m o m e n t  which tends to place the top of the 
section in tension, and cause additional compression at the base of the beam. For both 
b e a m  sizes, the higher the level of applied pre-tension, the lower was the position of the 
neutral axis after release. This is because the higher the level of prestress, the higher are 
the tensile and compressive stresses induced at the extremes of the section upon release. 
It is beneficial to produce high compressive strains towards the base of the section, since
Prestressed, 34.5% 
Prestressed, 41.7%
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this will increase the value of external load required to produce visible flexural cracking. 
After release of the pre-tension into the 1.0 m  length beams, tensile cracks could be seen 
emanating downwards from the top surface of the concrete to a m a x i m u m  depth of 
around 30 m m .  This reflects the cambering effect mentioned above and demonstrates 
that applying a large enough prestressing force to the underside of a m e m b e r  at such a 
high eccentricity outside the kern region can exert a large enough tensile stress at the top 
of the section to cause the tensile strength of the concrete to be exceeded. The 
observation of cracking agrees with the dem ec  readings at the top of the sections for the
1.0 m  cases, shown in Figure 5.7; strains of over 200 pS are equivalent to bending 
stresses higher than the measured tensile strength of the concrete (around 3 N / m m 2).
Prestressed, 17.5% 
Prestressed, 26.4%
Figure 5.7 Prestressed 1.0 m  beams; section strains after release of pre-tension.
Prestressed, 34.5% 
Prestressed, 41.7%
Figure 5.8 Prestressed 2.3 m  beams; section strains after release of pre-tension.
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N o  such tensile cracking could be seen at the top surface of the concrete for 2 .3 m  b e a m  
P3, for which the effective prestress was 34.5% of the ultimate plate strain; Figure 5.8 
shows that the longitudinal strain at the top of the section reached a value of around 50 
p S  after release, equivalent to a bending stress of s om e  2 N / m m 2, less than the tensile 
strength of the concrete. However, for b e a m  P4, for which the level of applied pre­
tension was higher, tensile cracks could again be seen propagating from the top surface 
of the concrete downwards to a depth of about 30 m m ,  in agreement with the tensile 
strain value of around 300 p S  at the top of the section, Figure 5.8.
5.3.3 Observations from testing 1.0 m length beams to failure
The loading configuration adopted for the 1.0 m  length beams was the same as that used 
previously, as sho wn  in Figure 3.12 on page 72. The load/deflection responses obtained 
from the tests to failure in four point bending of the 1.0 m  length beams are shown in 
Figure 5.9. The strengthening effects demonstrated by each plated b e a m  are summarised 
in Table 5.5 and Table 5.6, whilst the variations in overall m e m b e r  stiffness are given in 
Table 5.7.
■ Unplated
Plated, non-prestressed 
' Plated, prestressed 17.5%
■ Plated, prestressed 26.4%
Central deflection (mm)
Figure 5.9 1.0 m  prestressing investigation; load/deflection responses.
Table 5.5 1.0 m prestressing investigation; strengthening effects of plating.
Beam First cracking Increase over Serviceability Increase over Yield load Increase over
load (kN) unplated (%) load (kN) unplated (%) (kN) unplated (%)
El (unplated) 5.0 - 11.4 - 22.0 -
E2 6.0 20.0 24.9 118.4 33.0 50.0
E3 14.0 180.0 28.1 146.0 36.0 64.0
E4 20.0 300.0 28.1 146.0 40.0 82.0
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Table 5.6 1.0 m prestressing investigation; ultimate loads and ductilities.
Beam Maximum load Increase over Ductility Proportion of
carried (kN) unplated (%) unplated ductility (%)
El (unplated) 29.80 - 8.86 -
E2 68.75 131.0 3.67 41.4
E3 74.00 148.0 3.72 41.9
E4 75.50 153.0 3.82 43.1
Table 5,7 1.0 m  prestressing investigation; stiffening effects of plating.
Beam Post-cracking Increase over Post-yielding Post-cracking
stiffness unplated (%) stiffness stiffness
(kN/mm) (kN/mm) retained (%)
El (unplated) 4.50 - - -
E2 8.29 84.2 6.60 79.6
E3 9.26 105.8 7.00 75.3
E4 9.50 111.0 7.00 75.3
It is apparent from the load/deflection responses s h o w n  in Figure 5.9 and from the values 
given in Table 5.5 that pre-tensioning the plate prior to bonding to the b e a m  increased the 
external load required to cause the stiffness of the m e m b e r  to be reduced as a result of 
cracking of the concrete. Whilst strengthening with a non-prestressed plate, b e a m  E2, 
produced a 2 0 %  increase in cracking load over the basic unplated section, bonding a pre- 
tensioned plate caused this increase to rise to 1 8 0 %  and then to 3 0 0 %  for the highest 
level of pre-tension, increases of 1 3 0 %  and 2 3 0 %  respectively over the non-prestressed 
beam.
T h e  serviceability load for the non-prestressed case E 2  was 24.9 kN, governed b y  the 
applied load which would cause the stress in the internal steel to reach 0.7 5fy U p o n  
release of the pre-tension into the beam, the internal steel at the base of the section is 
placed in compression with the surrounding concrete. This increases the amount of 
tensile stress which must then be applied to each steel bar before yielding occurs and a 
higher load can therefore be carried by the steel before it reaches 0.7 5fr For these 
material properties, the strength of the concrete then becomes the factor which governs 
serviceability, the applied load causing the stress in the extreme compressive fibre to 
reach 0 . 5 ^  before that in the steel reaches 0.75fr This load is consequently the same for 
both beams E 3  and E 4  at 28.1 kN, an increase of 1 3 %  over the non-prestressed case E2.
For the same reason as above, the load at which yielding of the internal steel occurred 
w as also higher for both of the C F R P  prestressed beams than that of the non-prestressed 
case. T h e  load at which yielding of the internal steel produced a reduction in m e m b e r  
stiffness was found to be 22.0 k N  for the unplated case El, as s h o w n  in Table 5.5.
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Strengthening with a non-prestressed plate, b e a m  E2, caused this value to increase to
33.0 kN, an increase of s o m e  50%. W h e n  a plate of the same dimensions w as  pre- 
tensioned prior to bonding to the beam, the yield load w as  found to increase further; an 
effective prestress of 17.5% of the ultimate strain of the CFRP, b e a m  E3, resulted in a 
yield load of 36.0 kN, whilst b e a m  E4, with an effective prestress of 26.4%, produced a 
value of 40.0 kN. These load levels represent increases of 9 %  and 2 1 %  respectively over 
the non-prestressed b e a m  E2.
Prestressing w as  also found to increase the m a x i m u m  load carried by the beam, as s ho wn  
in Table 5.6. T h e  non-prestressed b e a m  E 2  had an ultimate strength of 68.75 kN, an 
increase of 131.0% over the unplated control b e a m  El. A n  effective prestress of 17.5% 
of the ultimate strain of the CF R P ,  b e a m  E3, caused this value to rise to 74.0 kN, an 
increase of 8%, whereas for an effective prestress of 26.4%, b e a m  E4, the m a x i m u m  load 
carried w as found to rise to 75.5 kN, an increase of 1 0 %  over the non-prestressed case.
T h e  primary m o d e  of failure for the non-prestressed b e a m  E 2  was flexural compression. 
Prestressed b e a m  E 3  failed abruptly in shear in one of the shear spans, the failure surface 
passing diagonally through the section towards the load point. B e a m  E4, prestressed to 
the highest level, failed in a brittle manner by what appeared to be a combination of 
vertical shear and crushing close to one of the load points, with diagonal shear cracks 
propagating right up through the section to the load point, where crushing could be seen. 
S o m e  m o v e m e n t  appeared to have occurred at one of the plate end anchorages, with the 
bolt heads bending in towards the shear span and the C F R P  plate m ov in g  slightly on the 
interface with the lower bondline connecting the C F R P  plate to the concrete. T h e  other 
anchorage however, remained intact. This shows that the design of the end anchorage 
w a s  good, with its capacity just about reached at this applied level of prestress. T he  
results of the b e a m  E 4  test suggest that there would be no further improvement in 
ultimate capacity if the prestress level were to be increased further, since the capacity of 
the plated section in shear and compression, as well as the strength of the plate end 
anchorages seems to have been reached.
T h e  ductility of the unplated beam, defined as before as the ratio of deflection at collapse 
to that at the serviceability load, w a s  found to be 8.86. T h e  non-prestressed b e a m  E 2  had 
a ductility amounting to 4 1. 4%  of the unplated value as a result of reduced deflection at 
collapse. Despite the fact that the ultimate deflections of the two C F R P  prestressed 
b eams were lower than that of the non-prestressed b e a m  E2, the ductility values were 
found to be slightly higher. This is a result of reduced deflections at the serviceability 
load for the two prestressed beams E 3  and E4, and reflects their increased flexural 
stiffness. All three ductilities were well below that of the unplated control beam.
Consideration of the load/deflection responses s h o w n  in Figure 5.9 on page 179 shows
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that all plated 1.0 m  beams had a substantially higher post-cracking stiffness than the 
unplated control beam, as represented by the values given in Table 5.7. T h e  post­
cracking stiffness of b e a m  E4, with an effective prestress of 2 6.4% of the ultimate plate 
strain, w a s  the highest recorded value, s o m e  2.5% above that of the other prestressed 
b e a m  E 3  and 14.5% above that of the non-prestressed b e a m  E2. Increases in flexural 
stiffness as a result of pre-tensioning the plate prior to bonding were expected since, for a 
given external load, the tensile force carried by the plate is greater the higher the level of 
prestress applied. T h e  higher the level of force in the plate at a given b e a m  deflection, the 
greater is the vertical component of force which tends to resist further deflection, and 
hence the higher the overall m e m b e r  stiffness. Thus, a stiffer b e a m  should be a 
consequence of applying a prestress.
T h e  alteration of the failure m o d e  from a relatively soft, compressive failure to a brittle, 
vertical shear failure as a result of applying an initial pre-tension to the plate for the 1.0 
m  beams was a consequence of the increased flexural rigidity of these beams. T h e  
reduced b e a m  rotations for a given load resulted in the compressive bending strains 
being reduced, allowing higher loads to be carried. Consequently, the shear and not the 
flexural capacity of the section became the factor governing failure. This illustrates that 
the shear capacity of the m e m b e r  must be adequate for the enhanced load-carrying 
capacity induced by prestressing.
A  comparison of the longitudinal strain responses at the centre of the C F R P  plate for 
each of the strengthened beams is s h o w n  in Figure 5.10. These responses clearly s h o w  
the increased cracking loads associated with prestressing. A t  any given load, the 
difference in central plate strain between the non-prestressed and C F R P  prestressed cases 
is less than the initial pre-tension strain at zero applied load because of the enhanced 
cracking load of the prestressed beams. Both prestressed cases reached higher ultimate 
plate strains than the non-prestressed case, as would be expected because of the initial 
applied strain in the plate at the time of bonding. Th e  plate material is therefore being 
used m or e  efficiently. It can be seen from Figure 5.10 that b e a m  E3, with an effective 
prestress of 17.5%, had a slightly lower rate of strain after concrete cracking than the 
non-prestressed case E2; in turn, b e a m  E4, prestressed to a higher level, had the lowest 
strain rate. A s  a result, the responses for the two C F R P  prestressed cases appear almost 
to converge, with b e a m  E4, which initially had over 5 0 %  m or e  strain at the plate centre 
than b e a m  E3, reaching about the s am e  m a x i m u m  plate strain at collapse as the b e a m  
with lower applied pre-tension. Therefore, even though the initial pre-tension was higher 
for b e a m  E4, the plate w as  still no nearer to failing in tension than that of b e a m  E 3  w h e n  
collapse occurred. This behaviour reflects the relative post-cracking stiffnesses of the 
beams; for a given load increment, a b e a m  with a higher post-cracking stiffness such as 
b e a m  E 4  will rotate less and hence the change in tensile bending stress will also be less.
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' Non-prestressed 
Prestressed, 17.5 % 
Prestressed, 26.4%
Longitudinal strain at centre of plate (microstrain)
Figure 5.10 Comparison of strain responses at plate centre of strengthened 1.0 m  beams.
A  comparison of the longitudinal compressive strains recorded on the top surface of the 
concrete at the b e a m  centre for each of the strengthened 1 . 0 m  beams is sho wn  in Figure 
5.11. This shows that both prestressed cases had compressive strain rates which were 
m u c h  lower than the non-prestressed case, b e a m  E2. A s  with the tensile plate strains, this 
is a result of the higher overall m e m b e r  stiffness, causing less rotation and therefore 
lower compressive bending strains for a given applied load level. Despite the slight 
differences in post-cracking stiffness (Table 5.7), the responses of the two C F R P  
prestressed cases were almost identical, both cases almost reaching the assumed ultimate 
compressive strain for concrete of 0.0035 at the point of collapse.
Longitudinal compressive strain
Non-prestressed 
Prestressed, 17.5% 
Prestressed, 26.4%
Figure 5 .11 Comparison of compressive strain responses at centre of strengthened 1.0 m  
beams.
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The load/deflection responses of the 2.3 m  length beams tested in this prestressing 
investigation are sho wn  in Figure 5.12. The strengthening effects demonstrated by each 
plated 2.3 m  b e a m  are summarised in Table 5.8 and Table 5.9, whilst the variations in 
overall m e m b e r  stiffness are given in Table 5.10.
5.3.4 Observations from  testing 2.3 m beams to fa ilure
Unplated
Plated, non-prestressed 
Plated, prestressed 34.5% 
Plated, prestressed, 41.7%
0 5 10 15 20 25 30
Central deflection (mm)
Figure 5.12 2.3 m  prestressing investigation; load/deflection responses.
Table 5.8 2 3 m  prestressing investigation; strengthening effects of plating.
Beam First cracking Increase over Serviceability Increase over Yield load Increase over
load (kN) unplated (%) load (kN) unplated (%) (kN) unplated (%)
PI (unplated) 13.0 - 47.2 - 76.5 -
P2 15.0 15.4 53.3 13.0 100.0 30.7
P3 22.5 73.1 53.3 13.0 115.0 50.3
P4 34.0 162.0 53.3 13.0 124.0 62.1
Table 5.9 2.3 m  prestressing investigation; ultimate loads and ductilities.
Beam Maximum load 
carried (kN)
Increase over 
unplated (%)
Ductility Proportion of
unplated ductility (%)
PI (unplated) 79.9 - 5.15 -
P2 125.6 57.2 4.38 85.1
P3 129.3 61.8 4.10 79.6
P4 147.8 85.0 5.49 106.6
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Table 5.10 2.3 m prestressing investigation; stiffening effects of plating.
Beam Post-cracking Increase over Post-yielding Post-cracking
stiffness unplated (%) stiffness stiffness
(kN/mm) (kN/mm) retained (%)
Pl (unplated) 7.0 - - -
P2 8.60 22.8 2.34 27.2
P3 9.23 31.9 2.34 27.0
P4 9.30 32.9 2.32 26.5
T h e  considerable increases in cracking load caused by prestressing the beam, as 
observed in the 1.0 m  tests, were also s h o w n  by the larger-scale 2.3 m  length beams 
(Table 5.8). T h e  two levels of pre-tension used produced increases of 5 0 %  and 1 2 6 %  
respectively over the non-prestressed b e a m  P2. These increases, although considerable, 
were lower than those attained for the 1.0 m  cases, even though the applied pre-tensions 
were higher for the 2.3 m  beams. This reflects the fact that the external plate has a 
smaller effect on the behaviour of the larger-scale section, especially before cracking of 
the concrete has occurred. T h e  improved cracking behaviour of the C F R P  prestressed 
beams was also apparent through examination of the mem be r s  during testing; for the 
non-prestressed case, b e a m  P2, visible flexural cracks propagating upwards from the 
base of the section were apparent from an applied load of 20 k N  onwards, whereas w h e n  
prestressed, no cracking could be seen until above 30 kN. In general, initiation and 
development of both flexural and shear cracking appeared m u c h  m or e  restricted for the 
C F R P  prestressed cases than for the non-prestressed b e a m  at comparable loads, 
demonstrating the enhanced restraining effect of the pre-tensioned plate.
For all 2.3 m  length beams tested in this investigation, the serviceability load was 
governed by the strength of the concrete. Consequently, the increases over the unplated 
case were small, and pre-tensioning the plate prior to bonding produced little benefit 
over the non-prestressed b e a m  for the given concrete strength.
T h e  yield load w as found to be 76.5 k N  for the unplated 2.3 m  length b e a m  Pl, as sho wn  
in Table 5.8. Strengthening with a non-piestressed plate, b e a m  P2, caused this value to 
increase to 100.0 kN, an increase of s o m e  30%. Prestressing of the b e a m  was again 
found to increase the yield load; an effective prestress of 34.5% of the ultimate plate 
strain resulted in a yield load of 115.0 kN, whilst 41.7% effective prestress produced a 
value of 124.0 kN, increases of 1 5 %  and 2 4 %  respectively over the non-prestressed case, 
and comparable to the gains observed for the 1.0 m  beams.
In agreement with the 1.0 m  beams, C F R P  prestressing was also found to produce a 
moderate increase in the m a x i m u m  load carried by the 2.3 m  length beams, as s h o w n  in 
Table 5.9. T h e  non-prestressed b e a m  P 2  was found to carry 125.6 k N  before collapse, an
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increase of 5 7 %  over the unplated control beam. A n  effective prestress of 34.5% of the 
ultimate plate strain, b e a m  P3, caused this value to rise slightly to 129.3 kN, an increase 
of 3%. However, w h e n  prestressed with 41.7% of the ultimate plate strain, b e a m  P4, the 
m a x i m u m  load carried was found to be almost 148.0 kN, an increase of 1 8 %  over the 
non-prestressed case. T he differences in failure loads for the 2.3 m  b ea ms  corresponded 
to different m o d e s  of collapse.
T h e  non-prestressed b e a m  P 2  failed as a result of vertical displacement of approximately 
5 m m  at the base of a large shear crack acting up towards the load point in one of the 
shear spans (shear step failure; see Figure 4.40 on page 148). This vertical displacement 
caused the C F R P  plate to peel a w a y  from the concrete b e a m  along the remainder of the 
shear span towards the endplate anchorage, with the failure surface being just within the 
bottom layers of concrete. There appeared to be no m o v e m e n t  at either of the 
anchorages. It was also found that the first prestressed b e a m  P 3  failed in the same w a y  
by peeling a w a y  at the base of a large shear crack. However, in this case, the majority of 
the failure surface was at the adhesive/CFRP plate interface, not within the concrete, 
reflecting the higher level of tension carried by the plate in the prestressed case.
Prestressed b e a m  P 4  did not fail as a result of vertical shear displacement. In this case, 
failure appears to have been purely a consequence of horizontal shear failure at the 
adhesive/CFRP plate interface, or just within the bottom layers of the concrete. There 
appeared to be horizontal m o v e m e n t  at one of the anchorages of about 10 m m ,  occurring 
at the interface of the C F R P  plate with the bondline connecting the plate to the concrete; 
the steel endplate remained bonded to the CFRP. T h e  anchor bolts at this end appeared to 
have deformed in shear at the point where they entered the concrete. T h e  fact that no 
large diagonal shear cracks formed in the shear spans of b e a m  P 4  reflects the increased 
stiffness of the m e m b e r  produced by the higher level of applied pre-tension, which 
provides an enhanced confinement effect on crack widths, changing the m o d e  of failure 
and allowing a m u c h  higher load to be carried before collapse.
T h e  1.0 m  b e a m  investigation suggested that pre-tensioning the C F R P  plate prior to 
bonding could produce slight increases in ductility in subsequent load testing compared 
to a non-prestressed beam, the value being dependent on the m o d e  of failure. T h e  
ductility index of the unplated 2.3 m  b e a m  PI was found to be 5.15. T h e  non-prestressed 
b e a m  P2, had a ductility amounting to 8 5 %  of the unplated value as a result of reduced 
deflection at collapse. This ductility w a s  reduced further for the first prestressed case, 
b e a m  P3; even though the deflection at the serviceability load w a s  also reduced, the 
b e a m  ductility was found to be 4.10, a reduction of 6 %  over the non-prestressed beam. 
However, the second C F R P  prestressed 2.3 m  b e a m  P 4  w as  found to have a ductility 
which w as  greater, by this definition, than the unplated control beam, 2 5 %  higher than
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the non-prestressed case P 2  and 3 4 %  higher than b e a m  P3 prestressed to a lower level. 
This is a combination of a low deflection at the serviceability load and relatively high 
deflection at collapse. T he  effects of prestressing in terms of the ductility of the response 
are therefore unclear for the larger-scale beams; a m or e  definite conclusion would have 
been possible if the failure m o d e s  of the two C F R P  prestressed beams had been 
comparable. However, the importance from a ductility point of view of avoiding brittle 
failure m o d e s  and maintaining composite action to as high a load level as possible is 
clear from the results obtained.
Consideration of the load/deflection responses s h o w n  in Figure 5.12 on page 184 shows 
that all plated beams had a considerably higher post-cracking stiffness than the unplated 
control beam, as represented by the values given in Table 5.10 on page 185. Pre­
tensioning the plate prior to bonding to the b e a m  was found to increase the stiffness 
slightly after cracking. Prestressed b e a m  P 3  produced an increase of m e m b e r  stiffness of 
around 7 %  over the non-prestressed case, whereas prestressing to a higher level resulted 
in an increase of 8%. This is in agreement with the behaviour demonstrated in the 1.0 m  
b e a m  investigation.
A  comparison of the longitudinal strain responses at the centre of the C F R P  plate for 
each of the strengthened 2.3 m  bea ms  is s h o w n  in Figure 5.13. It can be seen that under 
any given load, the external plate w as  m o r e  highly stressed for the pre-tensioned beams, 
as would be expected. After cracking, the non-prestressed b e a m  P 2  and b e a m  P3, with an 
effective prestress of 34.5% of the ultimate plate strain, had almost identical strain rates. 
This is somewhat surprising since the prestressed b e a m  had a slightly higher post­
cracking stiffness than the non-prestressed case, and thus logically should have had a 
slightly lower strain rate. It can be seen that the strain rate for b e a m  P4, prestressed to the 
higher level, follows this argument, being lower than those of the other two beams after 
cracking. In consequence, increasing the level of initial pre-tension in the external plate 
does not necessarily imply that the plate will be stressed to a higher degree as the 
external load increases to failure; for the cases considered here, at about 112 kN, the 
central plate strains of the two C F R P  prestressed beams ate identical, despite the 
additional effort required to prestress the second b e a m  to the higher level.
T h e  strain rates of the strengthened b e a m s  after yielding were also very different. B e a m  
P3, with an effective prestress of 34.5%, had a m u c h  higher rate of strain after yielding 
than either the non-prestressed case P 2  or b e a m  P4, both of which had a greater load- 
carrying capacity after yielding than w a s  demonstrated by b e a m  P3. This reflects the 
greater loss of m e m b e r  stiffness, and thus the higher rate of b e a m  rotation, observed as 
failure w as approached for b e a m  P 3  (Figure 5.12 on page 184).
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Figure 5.13 Comparison of strain responses at plate centre of strengthened 2.3 m beams
Figure 5.13 also shows that the maximum plate strains for both CFRP prestressed beams 
reached and passed 7540 pS, the maximum strain value recorded at failure for the 
pultruded CFRP in coupon tests, as described in Section 3.3.3 on page 55. This suggests 
that the material can support higher tensile strains when restrained by bonding on one 
face and loaded in bending than when placed in direct tension, since plate rupture did not 
occur in either of the prestressed beam tests. Attainment of such a high material strain 
had not been achieved in the 1 . 0  m length beam tests.
A comparison of the longitudinal compressive strains recorded on the top surface of the 
concrete at the beam centre for each strengthened 2.3 m beam is shown in Figure 5.14. 
This shows that, as would be expected, the strain rate is lowest for beam P4, prestressed 
to the highest level, reflecting its higher overall flexural rigidity. However the 
observation that the non-prestressed response, beam P2, lies between the two CFRP  
prestressed cases appears to be an anomaly, since the overall beam stiffness was 
somewhat lower, as shown in Figure 5 .12 on page 184. None of the three beams reached 
compressive failure of the concrete, taken to occur at 0.0035.
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Figure 5.14 Comparison of compressive strain responses at centre of strengthened 2.3 m 
beams.
A comparison of the section strains measured using a demec gauge at various stages 
throughout loading is shown in Figure 5.15 for CFRP prestressed beams P4 and the non- 
prestressed case, beam P2. The actual plate strains are added at the base of the section.
CFRP Prestressed beam P4
• 10 kN
■ 20 kN
• 30 kN
- 40 kN
- 60 kN
- 80 kN 
100 kN
Figure 5.15 Comparison of section strains throughout loading for CFRP prestressed 
(beam P4) and non-prestressed (beam P2) cases.
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It was noted during preparation of the C F R P  prestressed beams that releasing the pre­
tension in the plate into the concrete b e a m  caused the base of the section to go into 
compression and the top to go into tension, as s h o w n  in Figure 5.8 on page 178. W h e n  
external load w as then applied, it can be seen from the upper graph of Figure 5.15 that 
the top of the section immediately reverted to compression, since the low tensile strength 
of the concrete meant that little force could be supported in tension and there w as  
consequently little to overcome before the stress became compressive. T h e  cracks 
observed to develop from the top of the section on release were thus immediately closed. 
It can be seen that the base of the section, initially put into compression, remained as 
such until an applied load of about 30 k N  was reached, w h e n  the tensile bending stress 
caused by flexing of the b e a m  finally overcame the compression induced by pre-tension 
release. This agrees with the observation m a d e  during testing that no flexural cracking 
w as  visible until after 30 kN. This m ea ns  that up to 30 kN, the entire concrete section 
w as  acting in compression, a m u c h  m or e  efficient use of the material.
Comparing the section strains for the two cases presented in Figure 5.15 shows that 
under a given load, the neutral axis w as  lower in the C F R P  prestressed case s h o w n  in the 
upper figure, resulting in a m or e  advantageous use of the concrete in compression and 
reduced crack heights. T h e  tensile strains at the base of the section were also lower at a 
given load for the prestressed beam, in agreement with the test observation of less 
extensive crack development in this case. This illustrates the stiffening and crack 
restraint properties of the pre-tensioned plate.
5.3.5 Conclusions
Monitoring of the C F R P  plate and concrete b e a m  during preparation of each of the 
prestressed specimens suggested the following conclusions:
• U p o n  release of the plate pre-tension into the beam, a proportion of the initially 
applied strain is lost, most likely as a result of elastic shortening and slight cambering of 
the bonded composite system. In defence of this, it was found that the loss of strain upon 
release w a s  greater for the 1.0 m  length beams, indicating that the compressive axial 
stress was higher for the smaller cross-section.
• It was found that the bolted endplate anchorages were adequate for preventing failure 
of the bonded system towards the plate ends upon pre-tension release; no failures in 
these locations were observed. However, w h e n  the anchorage role w as  transferred from 
the steel clamps used during installation of the bolts to the bolted endplates themselves, 
there was a measure of strain loss in the C F R P  plate adjacent to the bolted anchorages, 
both for the 1.0 m  and 2.3 m  length beams. This indicates that s o m e  relaxation had 
occurred in the C F R P  at the anchorage and that the fixing was not ‘perfect’ in preventing 
slight movement. This relaxation w as  found to increase as the level of prestress increased 
and was higher for the 2.3 m  beams.
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• Release of pre-tension into the concrete w as found to place the top of the section in 
tension whilst the majority was placed in compression. The higher the level of pre­
tension applied, the lower was the neutral axis position after release. T he  levels of pre­
tension applied to the 1.0 m  length beams caused the tensile stress at the top of the 
section induced by prestress transfer to exceed the tensile strength of the concrete and 
produce cracks emanating d o w n  from the top surface; this could also be seen for the 2.3 
m  length b e a m  prestressed to the highest level. Although such cracks will close on 
imposition of external load, their occurrence m a y  be undesirable in practical 
applications. This would restrict the amount of prestress which could be applied through 
an externally bonded plate for a given set of geometric and material parameters.
T h e  testing to failure of the prestressed 1.0 m  and 2.3 m  length beams indicated the 
following behavioural patterns:
9 Pre-tensioning the plate prior to bonding to the b e a m  considerably increased the 
external load at which cracking of the concrete reduced overall m e m b e r  stiffness in 
subsequent load tests. A  gain in cracking load of 1 0 0 %  over a non-prestressed example 
w as  observed for the 2.3 m  b e a m  prestressed to the highest level. T h e  increases attained 
were higher for the smaller-scale 1.0 m  b ea ms  than for the larger beams.
• A s  a result of the base of the b e a m  section being placed in compression by release of 
the plate pre-tension, cracking in general w as  found to be m u c h  less extensive and less 
well developed under the action of a given external load than for an identical non- 
prestressed specimen. This observation of crack control is of significant importance to 
serviceability-based design criteria.
• Prestressing will increase the serviceability load of a given m e m b e r  as long as the 
stress carried by the internal steel is the governing factor; there is little benefit to be 
gained w h e n  the concrete strength criterion governs the serviceability load.
• Prestressing produced significant increases in the load which caused yielding of the 
internal steel over a non-prestressed specimen. A  gain of almost 2 5 %  w as  attained in this 
study of 2.3 m  length beams for the highest level of prestress applied. Such increases 
were demonstrated by both 1.0 m  and 2.3 m  beams.
• Although dependent on the m echanism of failure, beams prepared with a pre- 
tensioned plate appear to give rise to moderate increases in the m a x i m u m  load carried by 
the member. Gains m a y  be large if composite action can be maintained past steel yield to 
loads approaching flexural failure.
• Applying a pre-tension to the plate prior to bonding also affects the m o d e  of failure. 
T h e  plate has a compressive effect on the base of the b e a m  throughout its length, which 
tends to confine the concrete, resulting in a reduction in the amount of shear cracking 
which could initiate shear or shear step failure. A s  a result, the failure surface is shifted 
downwards, appearing to occur most readily at the adhesive/CFRP interface or within 
the bottom layers of the concrete. T h e  greater the level of prestress, the better is the 
confinement effect on the development of shear cracking; this will cause an increase in 
failure load for cases governed by a shear associated failure mode.
• For the 1.0 m  length beams, the application of a pre-tensioned plate altered the failure
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m o d e  from a relatively soft compressive failure to a brittle vertical shear failure, which 
occurred at increased load levels and before rotation of the b e a m  w as  sufficient to cause 
a compressive flexural failure of the concrete or a tensile failure of the plate. This 
illustrates that, because of the increased flexural rigidity, the shear capacity of beams to 
which pre-tensioned plates are to be applied must be adequate for the enhanced load- 
carrying capacity induced by prestressing.
• T h e  results attained in this study suggest that a b e a m  prepared with a pre-tensioned 
plate produces equivalent, or slightly increased levels of ductility in comparison to a 
non-prestressed specimen. This is a result of lower deflection at the serviceability load 
and comparable deflections at collapse, although this is dependent on the m o d e  of failure 
which occurs.
• It was also found that C F R P  prestressing produced moderate increases in overall 
m e m b e r  stiffness over a non-prestressed example after cracking of the concrete had 
occurred. This is a result of a larger plate force resisting d o w n w a r d  displacement. In this 
investigation, the highest level of prestress applied for the 2.3 m  length b ea ms  resulted in 
an increase of stiffness of 8% over the associated non-prestressed case. T he  results 
attained from the 1.0 m  and 2.3 m  length b e a m  tests demonstrated similar responses.
• Introducing a pre-tension into the plate prior to bonding increased the m a x i m u m  
strains in the C F R P  plate at a given load level, thereby allowing the material to be used 
m o r e  efficiently in situations where it is under-stressed compared to the concrete at high 
applied loads. However, starting with a level of prestress in the plate prior to external 
loading does not imply that the m a x i m u m  strain in the plate will always exceed that of a 
non-prestressed b e a m  by this initial amount. This is a combination of the fact that the 
increased cracking load reduces the initial strain offset, and the increased m e m b e r  
stiffness reduces the amount by which the plate and the concrete strain for a given load 
increment. This effect w as  demonstrated by both 1.0 m  and 2.3 m  length beams. 
Consequently, increasing the level of prestress does not necessarily imply that the plate 
will be stressed to a greater proportion of its ultimate strain as the external load increases. 
Accordingly, it does not follow that increasing the level of prestress will result in a m o r e  
balanced form of failure in cases where the concrete approaches its failure strain before 
that of the plate.
• Under the action of a given load, the position of the neutral axis appears to be lower 
w h e n  the plate is pre-tensioned prior to bonding. Consequently, m or e  of the concrete is 
acting in compression at a given moment, a m or e  efficient use of the material, and the 
tensile crack heights are reduced.
• A  consequence of the observations m a d e  is that, in terms of the bonding of a pre- 
tensioned plate for strengthening purposes, one of the potential benefits is a reduction of 
F R P  material associated costs, because the same strength and stiffness levels at the 
serviceability or ultimate state can be reached with prestressed sheets of reduced area 
fraction.
In addition, and in agreement with the previous testing discussed in Chapter 4, 
comparison of the observations m a d e  from the 1.0 m  and 2.3 m  length investigations 
appear to suggest that testing of the smaller-scale specimens gives a very good indication
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of the likely behaviour of the larger-scale beams, i.e. scale effect does not appear to 
distort the findings. T h e  bolted endplate anchorages, which have been s h o w n  to be 
adequate for non-prestressed 1.0 m  and 2.3 m  length beams, were also found to be 
adequate for beams in which the plate is pre-tensioned prior to bonding; in no cases did 
the prestressed plate pull out from underneath the steel endplate, or the bolts pull free 
from the concrete, even under the extreme plate stresses exerted in the 2.3 m  cases.
T h e  preparation, monitoring and testing of the beams used in this study has been carried 
out under ideal, laboratory conditions, a necessary approach w h e n  basic knowledge and 
performance of a technique and methodology is being established. Application of the. 
technique in practical circumstances would probably require different methods and 
procedures to be followed because of such possible restrictions as working overhead in 
positions of limited access. Further w o r k  in devising viable procedures for practical 
situations is therefore necessary. This issue is currently being reviewed under the 
R O B U S T  project, in which the University of Surrey is involved in testing as one of the 
academic partners.
T h e  aim of the present investigation w as  to demonstrate any potential structural benefits 
or drawbacks of the proposed method; it is felt that this has been achieved. In terms of 
the design of a composite plate prestressed strengthening system, the following 
observations can be drawn. For a given m e m b e r  to be strengthened, the level of prestress 
will be limited by the tensile capacity of the plate; failure of the plate in tension should 
not precede either yielding of the internal steel or flexural compressive failure of the 
concrete to ensure a measure of ductile behaviour. However, it should be recognised that 
as the level of pre-tension is increased, so the flexural rigidity of the strengthened 
m e m b e r  is also increased, thereby reducing the tensile and compressive bending strains 
and causing theoretical flexural failure to occur at higher loads. In this case, it must be 
ensured that the m e m b e r  to be strengthened then has adequate shear capacity for the 
enhanced load level. This requirement is complicated by the fact that increasing the level 
of plate pre-tension provides greater crack containment and confinement properties, 
which increases the diagonal tension strength of the section and m a y  prevent the peeling 
off m o d e  of failure associated with shear ‘steps’, which m a y  govern failure at lower 
prestress levels. Based on the limited test results obtained in the present study, it appears 
that limitations on the achievable level of F R P  pre-tension m a y  also be imposed by the 
capacity of the plate end anchorages to be used, the provision of which appears to be a 
necessity, and by the horizontal shear strength of the adhesive/FRP plate interface or the 
bottom layers of concrete as the applied load level increases. Clearly, a great deal more  
research into these areas is required to enable the development of theoretical predictions 
of F R P  prestressed b e a m  behaviour, and subsequently the formulation of a rational 
design approach.
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The long-term behaviour and durability of the strengthening system is a further issue 
which needs to be addressed. The behaviour of the component materials of the system 
under sustained load and w h e n  subjected to adverse environmental regimes is considered 
in the following two Chapters. However, this limited study has indicated that the pre­
tensioning technique has the potential to provide an efficient solution to flexural 
strengthening problems for R C  members. In addition, it m a y  be possible to use a pre- 
tensioned F R P  plate for restoring a level of concrete compression in prestressed concrete 
members.
Plate 5.1 F R P  prestressing system in use.
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Chapter 6
Environmental durability investigation
6.1 Introduction
It is envisaged that m a n y  applications of F R P  strengthening would be outdoors, and 
hence the durability of the concrete/FRP system under aggressive environments must be 
considered. T he  environmental resistance of any bonded assembly depends on the 
durability of the individual component materials, as well as the bond between them. In 
the use of F R P  materials for external strengthening of concrete, the individual 
components are the concrete, the fibre-reinforced polymer composite and the adhesive, 
which is usually an epoxy. In general, properly designed, compacted and cured concrete 
can be expected to s ho w  good long-term durability and should remain maintenance free 
for m a n y  years under normal service conditions. T he  durability of concrete, either in a 
prestressed or reinforced form is possibly one of the most well studied subjects in civil 
engineering because of its importance to everyday life, and will not be considered 
further in this report. In structural applications, the integrity of the adhesive bond and the 
external F R P  strengthening m e d i u m  under adverse environmental conditions is the issue 
of prime importance and will be described in this Chapter.
Progress in the field of plate bonding relies largely on demonstrating the long-term 
durability of the strengthening system under varying environmental conditions, and 
m a n y  authors involved in plate bonding have emphasised the importance of knowledge 
in this area. A s  a bridge strengthening technique, the m i n i m u m  required life is 30 years. 
T h e  environmental durability problems encountered w h e n  steel plates are utilised as the 
strengthening m e d i u m  are som ew h at  different to those which m a y  arise w h e n  composite 
materials are used, since the possibility of electrochemical corrosion, which could 
adversely affect the bond strength is removed.
T h e  effects of the service environment on the adhesive itself as well as the bond to the 
substrates will initially be considered, followed by consideration of the effects on 
composite materials. Relevant tests which have been carried out by other researchers to 
demonstrate the effects of environmental attack on structural adhesives for civil
195
engineering applications bonded in particular to concrete will then be considered, before 
the testing programme undertaken in this study is described.
6.2 Review of current knowledge
O n e  of the most important requirements of an adhesive joint is the ability to retain a 
significant proportion of its load-bearing capability for long periods under the wide 
variety of environmental conditions which are likely to be encountered during its service 
life. It has been found that the mechanical properties of a bonded component m a y  rapidly 
deteriorate under exposure of the joint to its normal operating environment and, in 
extreme cases, failure can occur at very low load levels and within a small fraction of the 
required service life. T he long-term integrity of bonded joints implies both chemical and 
mechanical durability in the presence of varying temperature, moisture and other 
environmental factors which, for external purposes, m a y  include spray from de-icing 
salts or from the sea. It has been found that, in general, high initial bond strength is not as 
important as bond durability. Adhesives with equivalent bond strength values in short­
term static tests m a y  differ markedly with respect to durability.
T h e  measured residual joint strength after environmental exposure is a function of 
change both in the cohesive properties of the resin, and in the adhesion between the 
adhesive and adherend. Therefore, joint durability demands a two-fold consideration of 
the structural integrity of the cured adhesive, and the environmental stability of the 
interface. Joint design and material data should allow selection of an adhesive type 
which will itself be sufficiently durable to withstand the service environment T h e  more 
complex problem, and the far m or e  difficult to design against, is that of the environment 
attacking the interfacial regions of the joint.
6,2.1 Mechanisms of environmental attack on bonded joints
A  comprehensive review of the kinetics and mechanisms of environmental attack on 
bonded joints is given by C o m y n ,  1983 and Kinloch, 1987. T h e  factors affecting intrinsic 
adhesion and bond strength degradation are different for different combinations of 
adhesive and adherend.
Empirical laboratory investigations such as those of Kerr et a l, 1967 established m a n y  
years ago that water, either in liquid or vapour form, is the most hostile environment for 
structural adhesive joints that is c o m m o n l y  encountered. It is invariably the presence of 
moisture which is responsible for environmental attack upon the adhesive or the 
interfacial regions. A s  such, the humidity of the environment in which an adhesive is to 
be used can be of greater significance than the temperature. Albrecht et a l, 1985 claimed 
that within the range of service environments for road bridges (temperature -34 °C to +49 
°C and relative humidity 3 0 %  to 9 0 % )  changes in relative humidity have a greater effect
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on the durability of adhesive joints than changes in temperature, although this is 
dependent on the adhesive used. T h e  implication from metal bonding experience is that 
moisture m a y  induce failure m o d e s  which are different from those in dry joints. 
However, whether neutral water or a salt solution is the most damaging environment 
depends upon the particular adhesive system being investigated. Problems arise because 
water is universally found, and the polar groups which confer adhesive properties m a k e  
the adhesives inherently hydrophilic.
T h e  occurrence of environmental attack therefore requires a study of the stability of the 
interface in the presence of moisture. Such a study is given in the literature by Kinloch, 
1983. Moisture migration plays an important role in reducing bond strength, and several 
workers have s h o w n  that the kinetics of environmental failure m a y  be largely governed 
by the rate of ingress of moisture into the joint. C o m y n ,  1983 suggested that water m a y  
enter a bonded joint by one or a combination of the following processes:
• Diffusion through the adhesive. Moisture diffusing through the adhesive layer will be 
energetically attracted to high energy adherend surfaces such as metals.
• Transport along the adhesive/adherend interface, i.e. wicking.
• Capillary action through cracks or crazes in the adhesive.
• Diffusion through the adherend if it is permeable.
Moisture uptake depends upon the adhesive’s composition and often behaves according 
to Fick’s law (Brewis etal., 1982).
Although m a n y  proposals have been put forward to explain the deleterious effect of 
water on the durability of bonded joints, the main processes which cause weakening once 
it has entered a joint appear to be one or a combination of the following:
• Corrosion or deterioration of the adherend surface.
• Alteration of the properties of the adhesive in a reversible way, such as by 
plasticisation (Brewis eta l, 1982).
• Alteration of the properties of the adhesive in an irreversible way, either by causing it 
to hydrolyse, to crack or to craze.
• Displacement of the adhesive at the adherend interface (Kerr et al., 1970; Gledhill and 
Kinloch, 1974; Kinloch et a l, 1975).
• T h e  induction of swelling stresses in the joint.
6.2.2 Parameters affecting environmental resistance of bonded joints
T h e  key factors affecting bond durability in general can be studied by reference to the 
literature, for example Wake, 1982; Kinloch 1983 and 1979; C o m y n ,  1981 and 1983. In 
summary, the following observations have been made:
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• Environment: Water has been observed to be the most harmful and most c o m m o n l y  
encountered environment.
• Concentration of water: T he  greater the concentration of water present, the greater 
and m or e  rapid the degree of attack. Furthermore, there often appears to be a m i n i m u m  
concentration of water below which no significant attack over a comparatively long time 
scale occurs (Kinloch, 1987). Although this value is highly dependent on the adhesive 
system being used, a relative humidity above 60 - 8 0 %  appears to be a requirement in 
Northern European climates for attack to be observed.
• Temperature: Increasing temperature has been found to increase the rate of loss of 
strength, since the concentration and activity of water in a joint increases with 
temperature.
• Adhesive type: T he  adhesive’s composition affects the impact of environmental 
attack.
• Adherend type: Metallic adherends present the main problems, with composite joints 
being far less susceptible to environmental attack by water. T h e  weathering of F R P  
adherends is considered below in Section 6.2.4.
• Adherend surface treatment: This is perhaps the single most important factor in 
enhancing bonded joint durability.
• Applied stress: Rate of loss of strength will be higher if a tensile or shear stress is 
present, either externally applied or internally induced by shrinkage during hardening or 
swelling due to water intake. Such stresses render interfacial molecular bonds more 
susceptible to environmental attack. O n e  of the problem associated with adhesive joints 
is that it is the most highly stressed edge regions which are under the greatest 
environmental attack. It has also been s h o w n  that the level of stress in a joint also affects 
the water retention capacity of the adhesive (Albrecht et al., 1985).
• Joint design: Since it is the interfacial regions in which environmental failure initiates, 
a joint design which has relatively high stress concentrations at or near the interface will 
tend to reveal durability effects m or e  readily.
6.2.3 Effect of environment on adhesive and interface
T h e  type of structural adhesive used can affect both the rate and degree of environmental 
attack (Minford, 1983). T h e  bonded joint m a y  be appreciably weakened if the adhesive 
is chemically attacked to any significant extent by the service environment. T he  adhesive 
type also appears to influence the stability of the interfacial regions due to the formation 
of m o r e  stable intrinsic interfacial forces. Furthermore, the physical impact which the 
service environment has on the adhesive is dependent on the adhesive’s composition.
T h e  effect of temperature on the performance of adhesives and the significance of the 
glass transition temperature, T g have been considered in Chapter 3. Embrittlement of the 
adhesive m a y  occur at low temperatures. T h e  influence of water on the adhesive is 
generally reversible, so that any deterioration in mechanical properties is recovered upon
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drying (Slysh, 1966; Althof and Brockmann, 1977; M o r g a n  and O ’Neal, 1978). T h e  
m or e  highly filled the adhesives, the lower will be its long-term water absorption (Tu and 
Kruger, 1996). T h e  absorption of moisture tends to accelerate time-dependent processes 
by lowering the T g, thereby decreasing the performance of the adhesive at high 
temperatures (Brewis et a l, 1982). A s  such, moisture combined with heat has a 
particularly unfavourable influence on the adhesive. T h e  modulus and strength of the 
cured polymer matrix itself are also lowered by water-induced plasticisation (Butt and 
Cotter, 1976; Althof et a l, 1979; Antoon and Koenig, 1980; Althof, 1981; Albrecht et 
al, 1985). However, whether plasticisation of the adhesive layer by the ingressing water 
actually affects the strength of the bonded joint is hard to predict since, for m a n y  joint 
configurations, a decrease in the adhesive modulus m a y  decrease the stress 
concentrations in the joint and lead to an increase in joint strength. Similarly, with 
fracture mechanics tests, often the first observation m a d e  w h e n  the joint is initially 
exposed to moisture is that the toughness of the joint increases somewhat because of 
greater plastic deformation and enhanced crack-tip blunting properties within a 
plasticised matrix (Ripling et a l, 1971; Kinloch and Shaw, 1981; Kinloch, 1982). 
Cohesive strength may, however, eventually be reduced sufficiently to offset the 
increased toughness (Hutchinson, 1986).
T o  limit the effects of water-induced plasticisation, a m a x i m u m  water uptake after 
immersion of 3 %  by weight is normally specified for structural adhesives (Mays and 
Hutchinson, 1988). B A  30/94, 1994 states that adhesives for use in steel plate bonding 
applications m a y  be d e e m e d  to be adequate if this requirement is met after 28 days of 
immersion. T u  and Kruger, 1996 found that after 27 weeks immersion of two structural 
epoxy adhesives, water absorption values between 1.2 - 1.4% were attained.
Whilst for s om e  types of adhesive plasticisation by water m a y  influence the mechanical 
properties of subsequently prepared joints, the most important factor in the long-term 
durability of bonded joints is the stability of interfacial adhesion against moisture. T he 
absorption of water and its transport to the interface with the adherend can lead to 
irreversible changes, such as adhesive displacement by moisture (Gledhill and Kinloch, 
1974) or corrosion. Ultimately, the area of bond supporting the load diminishes until it 
can no longer be sustained, and joint failure occurs.
T h e  locus of failure of bonded joints w h e n  initially prepared is usually by cohesive 
fracture in the adhesive layer, or possibly in the substrate materials if these are 
sufficiently weak. However, a classic s y m p t o m  of environmental attack is that after such 
exposure, the joints exhibit s o m e  degree of apparently interfacial failure between the 
adhesive and the adherend (Brewis et a l, 1982). T h e  extent of such failure increases with 
time of exposure to the hostile environment. Whether the failure path is truly at the
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interface, or whether it is in a boundary layer of the adherend or adhesive remains a 
matter of debate. However, Brockmann, 1983 and 1986, has emphasised that the 
structure of the cured adhesive adjacent to the adherend surface differs from that of the 
bulk, because of the influence of surface morphology and chemistry on the initial wetting 
and absorption of adhesive. The inference is that this w e a k  boundary layer of adhesive 
m a y  be less densely cross-linked and/or have a lower concentration of filler particles 
than that of the bulk, and m a y  therefore be m or e  susceptible to hydrolytic destruction. 
T h e  rate of interfacial transport of water could also be somewhat higher than that through 
the bulk.
6.2.4 Environmental attack on FRP adherends
Joints of F R P  are far less susceptible to environmental attack by water than are higher 
energy surfaces such as metals. However, in most environments, polymer composites 
s h o w  a degree of change with time. T he  most important factors in inducing such change 
are elevated temperature, moisture and natural weathering, including the effects of 
sunlight, particularly the U V  component. Separately, and in combination, these factors 
m a y  all contribute to a decline in properties.
T h e  effects of the service environment on the mechanical, physical and chemical 
properties of polymer composites depend to a large extent on the efficiency with which 
the composite is prepared (Scott and Matthan, 1970), in particular the quality of exposed 
surfaces. However, the contribution of the polymer resin system used is the most 
important factor in relation to durability. T h e  stability of the polymer depends on the 
chemistry and conformation of the molecules, and is strongly dependent on the cross- 
linked structure in thermosetting polymers (Hull, 1990). Since the resins used to 
manufacture composite materials and the adhesives subsequently used to bond them are 
both polymeric, consideration of the effects of the environment are equally applicable to 
both cases.
In civil engineering structures, the composite will not be heated to a temperature near the 
limit of its mechanical performance, this temperature typically being around 200°C for 
normal resin systems (Crowder and Howard, 1990). However, temperature has three 
effects on polymer composites (Hull, 1990). In conditions of constantly fluctuating 
temperature, differences in the thermal expansion coefficients of the resin and 
reinforcing fibres m a y  contribute to progressive debonding and weakening of the 
materials (Crowder and Howard, 1990). Unreinforced polymers have very high 
coefficients of thermal expansion, but the values are considerably reduced by the 
addition of fibres and fillers. Changes in temperature also result in changes in the 
properties of the constituent materials, in particular the matrix, whose ability as a stress 
transferring m e d i u m  m a y  be affected. T h e  effect of temperature on the matrix properties
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is usually reversible unless the T g is approached. Thirdly, the resistance of materials to 
strain under load is strongly dependent on temperature because of the viscoelastic 
properties of the matrix. F l o w  and irreversible microcracking can occur over prolonged 
periods under load. In addition, elevated temperature generally increases the rate of 
chemical reactions causing degradation, a rise of 10°C approximately doubling the 
reaction rate.
A s  for adhesives, moisture is usually a m o r e  significant factor than heat in causing 
deterioration of composites, since it is likely to have both chemical and physical effects 
on all of the components individually and on their interaction. A  s u m m a r y  of the main 
changes which can occur to the fibre, the matrix and the interface due to moisture 
absorption is given by Hull, 1990. T he  effects of moisture depend on the materials and 
design of the composite, as well as the duration and environment to which it is exposed. 
Moisture will be absorbed by the composite if the resin is sufficiently hydrophilic (Loos 
etal, 1981). In addition, the ingress of water through capillary channels and voids will 
affect the rate and extent of degradation since moisture molecules destroy s o m e  of the 
chemical bonds in the resin. For a given resin, the equilibrium amount of water absorbed 
depends on the relative humidity of the environment and the temperature. Loos and 
Springer, 1981 found that the moisture content of carbon fibre/epoxy composites 
immersed in either distilled water or a saturated salt solution were dependent on time 
immersed and temperature, although the m a x i m u m  moisture content, which w as  found 
to be higher for the distilled water cases, appeared insensitive to temperature. T h e  
m a x i m u m  moisture content w as also found to be related to relative humidity.
A s  mentioned above, moisture reduces the T g of polymeric resins and has a plasticising 
effect, which in turn affects the properties of F R P  composites. However, changes in 
matrix moduli have little affect on longitudinal tensile strength and modulus since the 
matrix plays only a minor role in these properties. In addition, the decrease in elastic 
modulus of the resin due to uptake of water is reversible in that the modulus returns to its 
original value w h e n  the moisture diffuses out It has been demonstrated by Shen and 
Springer, 1981, that the ultimate tensile strength of unidirectional carbon fibre/epoxy 
composites is relatively insensitive to temperature in the range -73 to + 10 7  °C, 
regardless of the moisture content of the material, although a reduction in strength was 
observed above 1% moisture content. Temperatures in the range -73 °C to +177 °C were 
also found to have a negligible effect on  the modulus of elasticity, regardless of the 
moisture content of the material from dry to fully saturated.
However, there are m a n y  processes associated with moisture absorption which lead to 
irreversible degradation of the physical and mechanical properties of polymer 
composites. After prolonged exposure, which allows penetration of the environment
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through the thickness of the laminate, water-filled voids or blisters m a y  occur at the 
fibre/resin interface. T he  quality of materials used and the control exercised during the 
manufacturing process, in particular the degree of cure, are most important in preventing 
this effect. T he presence of voids and defects arise from causes such as entrapped air, and 
expansion and contraction stresses induced by curing. If such voids are located in the 
proximity of the fibre/resin interface, the bond is likely to be affected by subsequent 
water absorption. Judd, 1977 demonstrated that voids and defects in unidirectionally 
reinforced carbon composites have a marked effect on the absorption process and that 
percentage weight change due to moisture absorption generally increases with increasing 
temperature.
Water absorption by the resin leads to swelling of the laminate which m a y  initiate or 
cause the growth of microcracks in the resin or at the fibre/resin interface, since 
dimensional changes are partly constrained by the presence of the fibres. T h e  degree of 
constraint depends on the fibre geometry and volume fraction. T h e  arrangement and 
volume fraction of reinforcing fibres also affects the diffusion of moisture through the 
composite, since the interface has different diffusion characteristics than the matrix resin. 
Capillary action and the formation and growth of microcracks at the interface and in the 
adjacent resin can allow rapid diffusion of moisture. T he diffusion processes and hence 
rate of deterioration are increased in the presence of applied tensile stresses.
Composites composed of glass fibres can be particularly vulnerable to environmental 
attack. A  marked reduction in strength of the fibres under atmospheric conditions has 
been observed within short periods of time after they have been subjected to load (Baker 
and Preston, 1946). This static fatigue or stress corrosion results from a chemical 
reaction between water vapour and the surface of the glass that permits a pre-existing 
flaw to grow to critical dimensions and bring about spontaneous crack propagation 
(Ritter, 1969). T h e  rate of this reaction is dependent on the local stress condition as well 
as the temperature, pressure and composition of the surrounding atmosphere (Charles, 
1958).
T h e  glass/resin bond can be considerably weakened by the penetration of water, causing 
a reduction to as low as 3 5 %  of the original strength of the laminate (Holmes and Just, 
1983). In addition, glass fibres are chemically vulnerable to acid and alkaline solutions 
and will deteriorate if in contact with concrete (Diamond, 1985). Alkaline solutions from 
the concrete, and silica, the largest constituent of glass, react chemically, causing a rapid 
and severe loss of strength. Although the matrix provides fibre protection, locally 
developed d a m a g e  even at l ow  stress levels enables potentially harmful substances to 
penetrate through the resin, attack the fibres and influence the bond strength at the fibre/ 
resin interface (Hogg and Hull, 1980). Fujii et al, 1993 demonstrated that microcracking
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of G F R P  specimens in tensile tests occurred w h e n  loaded to only 3 0 %  of the ultimate 
strength. Und er  combined conditions of high stress and long immersion times in acid, the 
tensile strength of G F R P  w a s  considerably reduced. Sen et a l, 1993 found that the 
diffusion of hyroxyl ions from concrete pore solution caused a complete loss of 
effectiveness of glass fibre/epoxy strands within 3 - 9  months of exposure to wet/dry 
cycling in a salt solution. Although in plate bonding applications the F R P  is not in direct 
contact with the concrete, flaws, voids or cracks in the adhesive layer, which have been 
proven to be inherent regardless of the load level (Lloyd and Calder, 1981), will allow 
the ingress of solutions from the concrete to the F R P  surface.
Moisture absorbed by F R P  laminates prior to bonding has been found to be a significant 
problem w h e n  heat-cured adhesives have been employed, since the moisture is evolved 
during bonding, interfering with adhesion and creating air voids in the adhesive layer 
(Myhre et al., 1982; Sage and Tiu, 1982; Parker, 1983).
Both polyester and epoxy resins are degraded by sunlight, so that the orientation of the 
composite to the sun’s rays has a significant effect on the rate of degradation. Initially, 
this shows as a discoloration which develops into surface breakdown and erosion. T h e  
U V  component in sunlight is largely responsible for this degradation and is powerful 
enough to initiate the chemical reactions involved. With epoxy resins, which absorb 
strongly throughout the U V  range, exposure to sunlight produces yellowing and surface 
degradation, although there is little evidence of this seriously affecting the tensile or 
flexural strengths or moduli (Crowder and Howard, 1990). Infra-red and visible radiation 
also play a part in the weathering of the composite. These radiation bands accelerate 
rates of degradation by raising the temperature. Resin degradation, in consequence, 
proceeds m o r e  rapidly in hot climates; two or three times as fast in the tropics as in 
temperate climates (BRE, 1977).
Despite the environmental effects outlined above, both polyester and epoxy resin 
composites can be designed and produced to be capable of prolonged outdoor exposure 
in temperate conditions without excessive loss of strength.
6.2.5 The influence of surface pretreatment
T h e  environmental stability of the adhesive/adherend interface is dictated both b y  the 
type of adhesive and by the nature of the adherend, and is influenced greatly by  the 
adherend surface pretreatment. T o  ensure initially strong joints, it is usually sufficient to 
remove surface contamination which m a y  act as a w e a k  boundary layer. However, to 
produce durable joints it is also necessary to form stable oxides which are receptive to 
the adhesive and to establish strong, water-stable forces acting across the interfaces. 
Whatever the nature of the adherend or the adhesive to be used with it, its pretreatment is 
probably the single most important aspect of the bonding operation, and inadequate
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surface pretreatment is usually the main cause of durability problems and of joints failing 
in service (Hutchinson, 1987). Optimisation of surface pretreatment is the key to 
maximising joint durability under adverse conditions, especially w h e n  cold-cure 
structural adhesives are to be used.
A n  enormous literature is devoted to surface pretreatments for durable bonding, for 
example, Kinloch, 1983, and M a y s  and Hutchinson, 1992. Although there is broad 
agreement as to which pretreatments impart the best durability for different adhesive/ 
adherend systems, there is still m u c h  speculation concerning h o w  these pretreatments 
actually lead to good environmental resistance. A  review of surface pretreatment 
procedures for both concrete and F R P  adherends to ensure high strength joints has been 
considered in Chapter 2; use of these methods is the best means of producing durable 
bonded assemblies. Exposure of bonded joints to hot/humid environments has been used 
as a means of discriminating between methods of surface preparation by m a n y  workers, 
for example, Parker and W a g h o m e ,  1982; Pocius and Wenz, 1985; M c N a m a r a  et ah, 
1992.
6.2.6 Durability testing of structural adhesive joints
Although the effects of ageing and environment on the performance of adhesive joints in 
general has been studied by m a n y  researchers, only a limited n um be r  of studies have 
been reported in the literature concerned with demonstrating adequate environmental 
durability of adhesive systems suitable for civil engineering applications. O f  these, 
comparative studies have been carried out based on the performance of the adhesive 
alone or in steel/steel, concrete/steel and concrete/concrete joint configurations. A s  with 
assessing initial bond strength, the difficulty in exposing bonded joints in which one of 
the adherends is concrete, is that failure of such specimens is generally within the 
concrete, providing little information on the performance of the adhesive itself or the 
adherend/adhesive interface. A  further problem with assessing the effects of 
environmental attack is that few joint configurations allow environmental access within 
a reasonable time-scale of exposure. Accelerated laboratory methods must then be 
utilised.
Lark and Mays, 1985 considered the measurement of tensile, compressive, shear and 
flexural strengths and fracture toughness of adhesives for use in open steel sandwich 
construction. A  test for the heat distortion temperature ( H D T )  w a s  also included. Tests 
were used to compare different adhesive formulations and to determine the time, 
temperature and moisture dependence of the engineering properties of hardened 
adhesives. It was s h o w n  that the flexural modulus decreases under sustained load, with 
increased temperature, especially around the H D T ,  and as the percentage of absorbed 
water increases. T he  bulk adhesive shear strength showed similar behaviour, decreasing
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Althof and Brockmann, 1977, after testing m a n y  different structural adhesives exposed 
under varying conditions of temperature and humidity, rec om m en d ed  the torsion 
pendulum test to estimate the effects of environmental conditions on the adhesive itself, 
and steel thick adherend shear test (TAST) specimens to study environmental effects on 
the properties of the bondline. M a y s  and Hutchinson, 1988, in the context of steel plate 
bonding applications, also suggested the use of T A S T  specimens, either in a stressed or 
unstressed condition, to measure changes in adhesive shear strength, and adhesive d u m b ­
bell specimens subjected to wet or moist conditions to provide information on changes in 
strength or ductility through water-induced plasticisation (Hutchinson, 1986).
T h e  results of a long-term durability p r o gr a mm e  started in the early 1980’s at the 
Wolfson Bridge Research Unit at the University of Dun de e  are reported by Mackie and 
Su, 1993. These tests utilised steel double-lap joints bonded with different two-part cold- 
cure epoxy adhesives which were exposed to a variety of loading and environmental 
conditions, then tested statically and in fatigue after 8 - 9  years. It w as  s h o w n  that it is 
possible for structural adhesives to maintain both static and fatigue performance over 
long periods, even w h e n  exposed to very d a m p  and natural environments. T h e  adhesives 
which showed the best performance, one of which was Sikadur 31 P B A ,  were cured with 
polyamine hardeners, and had high initial strength and stiffness.
T h e  use of double cantilever b e a m  or w e d g e  test specimens utilising steel adherends has 
been advocated by several workers for revealing environmental effects and also for 
checking the adequacy of adherend surface preparation (Marceau and Scardino, 1975; 
M a y s  and Hutchinson, 1988; Karbhari and Shulley, 1995). This form of joint is said to be 
more sensitive to environmental attack than conventional lap joint specimens since it 
involves a relatively high concentration of stress at, or near, the interface, the region in 
which environmental failure usually initiates. Marceau et al., 1977 have summarised the 
development of a wed ge  test for evaluating adhesive-bonded surface durability with 
regards to the aerospace industry. Such specimens can be placed in a variety of 
environments and the effect of these environments on the crack containment capability 
and crack extension m o d e  of the bonded system involved can be observed.
Cusens and Smith, 1980 used water immersion tests over an eight w e e k  period to 
discriminate between the performances of four epoxy adhesives. T h e  adhesives were 
compared on the basis of tests on bonded scarf joints in concrete prisms and small-scale 
open sandwich beams. Water immersion caused a loss of strength for both types of 
specimen, with a marked difference in performance being observed between adhesives. 
Temperature cycling of steel double-lap specimens was also used.
Hugenschmidt, 1975 and 1982 has suggested that the temperature dependency of
as temperature and absorbed water increased.
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structural adhesives m a y  be studied through the use of slant shear tests on bonded mortal' 
prisms. These should be placed under a constant load of 10 N / m m 2 and heated by 0.2 °C/ 
min. until separation of the prism occurs. Temperatures of 95 - 100 °C should be 
attainable for high quality epoxy adhesives. Immersion tests over a two year period on 
specimens 40 x 40 x 160 m m  are r ec om m en d ed  for discriminating water and alkali 
resistance of epoxies used as binders in mortars.
Ranisch and Rostasy, 1986 used an accelerated laboratory test to discriminate between 
the durability of different adhesives in loaded concrete/steel assemblies. T w o  plate 
strengthened concrete specimens 700 m m  in length were loaded with a sustained 
bending m o m e n t  and placed in a climate chamber. Whilst s om e  adhesives showed no 
loss in bond strength in static tests performed after six months, in other cases significant 
amounts of rust were found on the steel plates, leading to a loss of adhesion and 
premature failure.
V a n  Gemert and Vandenbosch, 1986 also report environmental tests on epoxy bonded 
concrete/steel joints, in which plate strengthened concrete beams, the size of which is not 
reported, were loaded to failure at a range of temperatures from -20 °C to + 9 0  °C. It w as  
found that at low temperatures no decrease in the ultimate load was observed. However, 
above +65 °C, the epoxy adhesive bec am e  weaker and more deformable, reducing the 
m a x i m u m  load carried and altering the crack pattern observed. T h e  m o d e  of failure w as 
also altered at higher temperatures from plate separation, with failure through the 
concrete, to interfacial failure at the bondline. Preliminary cyclic thermal loading tests 
were also carried out on unloaded steel plated beams, with temperatures between + 2 0  °C 
to +75 °C, each held for 12 hours. T h e  results suggested that a limited number of thermal 
cycles had negligible effect on the performance of the bond. Finally, the durability of the 
epoxy bond under atmospheric conditions w as investigated by bonding steel cylinders to 
concrete prisms, leaving them outside, then tearing them from the concrete surface at 
various time increments up to five years. These tests also revealed no conclusive 
deterioration of the bond.
T h e  long-term water resistance of bonded concrete/concrete joints has recently been 
investigated b y  T u  and Kruger, 1996 by comparing the bond strength of two structural 
epoxies after 135 days of immersion. T h e  effect of water on the strength of the joints w as  
found to be significant, with bond strength loss ranging from 20 - 50%, the less highly 
filled epoxy losing a larger proportion of its strength due to the greater penetration of 
moisture.
In addition to accelerated laboratory testing, a n um be r  of studies concerned with steel 
plate strengthening have incorporated natural ageing tests to give an indication of actual 
service behaviour.
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Long-term durability studies on beams externally strengthened with mild steel plates 
have been carried out at the T R L  (formerly the T RR L) .  Plated specimens 500 m m  in 
length were exposed at sites representing high rainfall, industrial and coastal 
environments (Calder, 1979 and 1988). Half of the beams were maintained under load 
during exposure. Loading tests were carried out on specimens brought back to the 
laboratory after one, two and ten years. Light but extensive corrosion of the steel at the 
interface with the resin was found on all plates. However, despite this, corrosion was not 
found to significantly affect the overall structural perfonnance. Examination of the plates 
after removal revealed that interconnected cracks and pores in the concrete and resin act 
as routes for moisture to penetrate the steel/resin interface and initiate corrosion (Lloyd 
and Calder, 1981).
H i e  investigation was also extended to larger-scale R C  beams 3500 m m  in length with 
similar findings (Calder, 1989). These were loaded in four point bending to produce 
flexural cracking either before or after plating. All of the beams were maintained under 
load during exposure. T he  beams were loaded to failure after one and eight years of 
exposure at a coastal site. T h e  plates were then removed from the b e a m  and examined. 
Light corrosion was found to have occurred on all plates, caused by moisture penetrating 
the interface between the steel and the resin. However, the structural performance of the 
b eams after exposure was found to be similar to that of beams tested without exposure. 
All plates remained fully bonded during the exposure period under load.
A n  investigation into the state of the external steel reinforcement bonded on the Quinton 
bridges in 1975 after 13 years of exposure has been carried out by the T R L .  This showed 
that the durability of the system has been generally satisfactory, with most of the plates 
still fully bonded to the concrete and only isolated occurrences of minor debonding, 
thought to be unlikely to cause any appreciable loss in structural performance. However, 
one location w as  found to have visible corrosion where water and chloride de-icing salt 
flowed d o w n  the edge of the carriageway and onto the plate.
S w a m y  et a l, 1995 report an extensive test pro gr a mm e  to evaluate the structural 
behaviour of externally epoxy-bonded, steel plated R C  beams exposed to the natural 
environment for 11 to 12 years. Twenty one beams 2500 m m  in length were tested, eight 
of which were kept under sustained load during the exposure period. T h e  beams were 
classified into three categories; those reinforced with a continuous plate, those with a 
single plate jointed and lapped at one or m or e  locations, and those with a double plate 
throughout their length. T he results obtained from testing the exposed beams to failure 
were compared to those derived from similar control beams tested without exposure.
It w as  found that the overall condition and performance of the exposed plated beams was 
very satisfactory, with deflections and crack widths at service load levels similar to those
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of the control b e a m  values. T h e  failure loads of the exposed beams were found to be 
between 1 - 2 9 %  higher than those of the control beams. It w as  found that the extent of 
corrosion and its effects on performance varied with the plating system, and caused s om e  
of the exposed beams to fail by mechanisms other than the anticipated flexural yielding, 
albeit at loads m or e  than 9 0 %  of the theoretical failure load. B e a m s  with a single 
continuous plate showed no adverse effect of exposure on structural performance, whilst 
the beams with a joint and lap plate, and also with two plates throughout their length 
showed s o m e  corrosion between the plates. T he  strengthening system proved to be 
tolerant of corrosion except in very severe cases, and it was concluded by the authors that 
with careful detailing and adequate maintenance, the plate bonding system can be 
durable and reliable.
To date, only a limited number of studies have been conducted regarding the durability 
of composite materials used as reinforcement for concrete structures. O f  the research 
reported, most deals with the durability of composite grids, rods or strands used 
internally in place of traditional steel reinforcement. B a n k  et al., 1995 present a review 
of proposed accelerated test methods for the prediction of long-term performance of F R P  
composite materials under environmental exposure for highway applications.
A t  the E M P A  in Switzerland, tests on three R C  beams of span 2000 m m  strengthened 
with carbon fibre/epoxy laminates are briefly reported by Kaiser, 1989. These beams  
were exposed to 100 temperature cycles in the range -25 °C to + 2 0  °C before being tested 
to failure; it w as  found that exposure to this regime had no negative influence on the 
load-carrying capacity of the beams.
Xie et al., 1995 carried out small-scale tests on plain and reinforced concrete prisms 279 
m m  in length strengthened with epoxy-bonded C F R P  prepreg plates. Specimens were 
immersed in water for two months prior to three point testing, or alternately placed in an 
oven for one w e e k  then a freezer for a further week, this process continuing for two 
months. Water exposure did not s h o w  a significant effect on flexural strength, although 
temperature cycling caused a slight decrease in strength.
M o s t  recently, Chajes et a l, 1995b considered the environmental durability of epoxy­
bonded concrete/FRP fabric systems of bidirectional E-glass, aramid and carbon. Small- 
scale R C  prisms, 330 m m  in length were exposed to either 50 or 100 cycles of freeze/ 
thaw or wet/dry conditions while maintained in a solution of calcium chloride. T he  
specimens were then tested to failure. While the F R P  strengthened beams remained 
stronger than their unreinforced counterparts, exposure to chlorides under both wet/dry 
and freeze/thaw environments led to reduced b e a m  strengths. Both aramid and E-glass 
lost roughly half of their strength advantage after exposure, whereas beams reinforced 
with carbon fabric were noticeably less affected by the environmental conditions. O f  the
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two conditions tested, the wet/dry environment was found to cause slightly greater 
degradation. In addition to reductions in strength, exposure led to changes in failure 
mode, with evidence of deterioration of the epoxy bond strength, shown by lack of 
adherence of concrete to the fabric. It was concluded that carbon fibre reinforcement is 
better suited to applications involving exposure to de-icing chemicals where repeated 
wetting and drying and/or freeze/thawing are expected.
A review of the literature concerned with demonstrating the environmental durability of 
plate bonded strengthening systems emphasises that a great deal of study still remains to 
be done in this field, especially if FRP materials are to be exploited as the strengthening 
medium. Many authors involved in plate bonding in general have emphasised the 
importance of further research in this area.
6.3 Experimental work
6.3.1 Test regimes and procedures
The review of current knowledge on environmental effects presented above highlights 
that water is a particularly aggressive environment for polymeric materials, and that the 
service performance of structural adhesive joints may be seriously impaired by exposure 
to hot/wet environments. Moisture causes a deterioration of mechanical properties of the 
cured polymer systems of adhesives and composite materials by plasticisation, and 
displaces adhesive at the interfacial regions of bonded joints, classically resulting in 
interfacial failure. Moisture absorption may also cause irreversible degradation of the 
physical and mechanical properties of the composite material itself. The higher the 
relative humidity, the greater and more rapid will be the degree of environmental attack. 
The loss of strength is likely to be accelerated by increasing the temperature and 
applying stress to the bonded system.
In view of these observations, it was decided in the experimental study to expose 
samples of both the Sikadur 31 PBA adhesive and CFRP strengthening medium to a 
warm, high humidity environment before testing to record the effects on these individual 
components. This was achieved by storing the specimens in a curing chamber 
maintained at 25 °C and 95% RH. A 1.0 m length beam strengthened with the same 
materials was also exposed to this environment to see whether the overall strengthened 
system would be affected. To simulate more realistic conditions than constant exposure, 
the plated beam, adhesive and CFRP samples were stored in the laboratory, typically at 
20 °C, 50% RH in between exposure periods to produce alternate wetting and drying 
humidity cycles. The regime used was alternately 14 days in the curing chamber and 14 
days in the laboratory, a time scale which it was hoped would allow conditions to begin 
to equilibrate in the adhesive and CFRP samples. After ten such cycles, all specimens
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were tested to failure in the same way as control specimens which had not undergone 
environmental exposure and the results compared. Half of the adhesive specimens were 
tested after a final drying period (denoted as ‘dry’ specimens), while the remainder were 
tested directly after removal from the curing chamber (denoted as ‘wet’ specimens).
If the strengthening system is to be used in outdoor applications, such as for bridge 
rehabilitation, it must be capable of enduring the prevalent warming and cooling effects 
felt over day and night, which are likely to include sub-zero conditions. It was therefore 
considered worthwhile to expose samples of the adhesive, CFRP and also plated 1.0 m 
length beams to such a temperature cycling regime to study any changes in individual 
mechanical properties and overall behaviour which may result. Temperature cycling in 
the range +20 °C to -20 °C was achieved by placing specimens in a freezer which was 
turned on for 12 hours then off for the same period. The air temperature in the freezer 
and the surface temperature on one of the plated beams was monitored; it was found that 
the surface temperature lagged behind the air temperature, but that at the end of each 12 
hour period, the temperature in the air and at the surface had converged to almost the 
same value. The freezer was opened to ambient laboratory conditions during the 
warming periods; this allowed condensation to form on the specimens, exposing them to 
a further form of wetting and drying and a mild form of freeze/thaw. Samples of adhesive 
were tested after 50, 100 and 150 such cycles, plated beams after 50 and 150 cycles and 
CFRP coupons after 150 cycles.
In this limited study, because of time and space considerations, apparatus was not 
developed to allow the specimens to be placed under stress while exposed to the regimes 
outlined above.
The test parameters of the 1.0 m length beams tested in this durability study are shown in 
Table 6.1. The beams used, denoted as batch ‘D \  had the same dimensions and 
reinforcing configuration as the batch ‘B’ and ‘C’ beams tested previously, as shown in 
Figure 3.3 on page 53; after exposure, these were tested to failure in the loading 
configuration shown in Figure 3.12 on page 72. All strengthened beams were plated 
throughout their length with carbon fibre/epoxy prepreg, the properties of which have 
been given in Section 3.3.3 on page 55. It was necessary to anchor the ends of the plate 
to the beam in each case to prevent the premature plate and cover separation observed in 
earlier testing at relatively low loads, since this would conceal any effects which the 
exposure conditions had on the adhesive bond behaviour. The CFRP coupons exposed 
with the beams were also the prepreg material; the dimensions and method of test of 
these specimens, as well as the results used as unexposed control values have also been 
given in Section 3.3.3. The dimensions, method of test and control values used for the 
adhesive specimens are given in Section 3.3.5 on page 62.
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Table 6.1 1.0 m length durability beams; test parameters.
Beam Plate material Plate size  
(mm )
Plate end 
system
Exposure regim e
D1 (unplated) - - - -
D 2 CFRP prepreg 8 0 x 1 .2 x 1 0 0 0 Support reactions -
D 3 CFRP prepreg 8 0 x 1 .2 x 1 0 0 0 Support reactions 10 humidity cycles
D 4 CFRP prepreg 8 0 x 1 . 2 x 1 0 0 0 Support reactions 5 0  temperature cy cles
D 5 C FR P prepreg 8 0 x 1 .2 x 1 0 0 0 Support reactions 150 temperature cy c les
6.3.2 Results
In the following section, the results obtained from testing the adhesive specimens are 
first considered, before those of the CFRP coupons and strengthened beams.
6.3.2.1 Tests on adhesive specimens
The results obtained from the humidity cycling regime are initially presented, before the 
effects of the temperature cycling tests are considered.
The values of adhesive stiffness, strength and strain to failure obtained after 10 humidity 
cycles are given in Table 6.2, the final period of exposure being either in the laboratory 
(‘dry’) or in the curing chamber (‘wet’). The unexposed control values are also given for 
comparison. In each case, at least three specimens were tested; the variances about the 
mean value obtained are also given in the Table. The responses of typical specimens are 
graphically presented in Figure 6.1.
Table 6.2 Adhesive properties after humidity cycling.
Specim en condition M odulus o f  elasticity Tensile strength Strain to failure
(N /m m 2) (N /m m 2) (MS)
U nexposed  control 7 .85  x  103 ±  3.1% 26.78  ± 2 .9 % 5 1 4 0  ± 1 2 .5 %
10 cycles, tested ‘dry’ 7.81 x l 0 3 ±  3.0% 18.96  ± 9 .3 % 3 4 4 2  ± 1 5 .9 %
10 cycles, tested ‘w et’ 6 .9 7  x  103 ±  5.0% 17.79 ± 1 .5 % 5 2 5 2  ± 9 .6 %
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Figure 6.1 Effect of humidity cycling and condition at test on stress/strain response of 
adhesive specimens.
When tested after a final drying period, the initial modulus of elasticity of the adhesive 
appeared to be relatively unaffected by the humidity cycling, whereas when tested 
immediately after removal from the curing chamber, the modulus value was apparently 
reduced; the average value was found to be 11% lower than that of the control 
specimens. That the initial modulus returned to a value almost identical to that of the 
control specimens when tested after a final period of drying suggests that the loss of 
stiffness observed on removal from the curing chamber is a reversible process, recovered 
on drying. This is in agreement with the conclusions of other workers, as noted above.
The tensile strength of the adhesive appeared to be reduced significantly by exposure to 
alternate wetting and drying. As shown in Table 6.2, the average strength obtained from 
testing after a final drying period, 18.96 N/mm2, was 70% of the unexposed control 
value, while that obtained from testing after a final wetting period was 66% of this value. 
All specimens which had undergone humidity cycling also appeared to have a 
significantly lower yield stress, the point in the load history at which behaviour became 
non-linear. In the control cases, the responses were found to be linear up to around 12 N/ 
mm2, 45% of the ultimate strength of the material. However, after humidity cycling, this 
value fell to around 8 N/mm2 when tested after a drying period, and to 6 N/mm2 when 
tested after wetting. These values correspond to 42% and 34% of the subsequent ultimate 
strengths respectively, and indicate plasticisation of the adhesive by the ingressing 
moisture. That the stress/strain behaviour of the specimens tested after a final drying 
period did not more closely reflect those of the control specimens suggests either that a 
proportion of moisture was retained within the specimens after this final 14 day period in 
the laboratory, or that such humidity cycling causes an irrecoverable reduction in the 
range of elastic behaviour.
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The ranges on the values of strain to failure were found to be fairly large compared to 
those on modulus and strength. However, the following trends could be observed. 
Despite the lower yield and ultimate strengths of the humidity cycled specimens, those 
tested after a final drying period did not exhibit increased ductility to failure; rather, the 
specimens appeared more brittle, failing at a lower strain. Those tested after wetting gave 
ductilities comparable to the control specimens.
The results obtained from tests on at least three adhesive specimens after each period of 
temperature cycling between -20 °C and +20 °C are given with the variances about the 
mean values in Table 6.3. The responses obtained from typical specimens at each cycling 
stage are graphically presented in Figure 6.2.
Table 6.3 Adhesive properties after temperature cycling.
N o. o f  temperature M odulus o f  elasticity T ensile strength Strain to failure
cy c les (N /m m 2) (N /m m 2) (MS)
0 (control) 7 .85  x l 0 3 ±  3.1% 26 .78  ±  2.9% 5140 ± 1 2 .5 %
50 8.03 x  103 ±  8.2% 25 .24  ±  7.7% 48%  ±  13.4%
100 8.52 x  103 ±  1.4% 27.83  ± 7 .1 % 4744  ±  11.1%
150 8.13 x  103 ±  1.6% 26 .39  ±  1.2% 4 9 8 7  ± 4 .6 %
' Control specimen 
50 cycles 
■ 100 cycles 
150 cycles
Figure 6.2 Effect of 
specimens.
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These results show that there is little conclusive evidence that the temperature cycling 
regime had any effect on the material properties of the adhesive, detrimental or 
otherwise. Exposure initially appeared to increase the modulus of elasticity and reduce 
the ultimate strain values slightly for the 50 and 100 cycle cases, although this trend was 
reversed for the 150 cycle case, as shown in Table 6.3. There is little evidence that the 
strength of the adhesive was affected, all values at each stage lying within the bands of
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experimental variation. Similarly, the ductility of the material appeared unaffected, with 
no evidence of embrittlement as a result of exposure to low temperatures.
6.3.2.2 Tests on CFRP specimens
The results obtained from testing the CFRP prepreg specimens which were exposed to 
humidity and temperature cycling alongside the strengthened beams and adhesive 
samples are given with the variances about the mean values in Table 6.4. For both 
exposure regimes, three specimens were tested. The stress/strain responses obtained 
from typical specimens are shown in Figure 6.3.
Table 6.4 CFRP prepreg properties after environmental exposure.
Exposure regim e M odulus o f  elasticity T ensile  strength Strain to failure
(N /m m 2) (N /m m 2) (MS)
U nexposed  control 118.5 x  103 *  2.1% 967 .8  ±  3.4% 8330  ±  1.4%
Hum idity cycled 116.1 x  103 ±  2.1% 953.3  ±3.5% 8336 ±  7.7%
Temperature cycled 117.3 x  103 ±  1.9% 9 5 5 .7  ±  3.5% 8301 ±  5.3%
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Figure 6.3 Effect of environmental exposure testing on the stress/strain response of 
CFRP prepreg specimens.
It can be seen that, in agreement with the literature, neither of the exposure regimes 
appeared to have any significant effect on the tensile properties of the composite, the 
results for both cases lying within the experimental ranges of the unexposed control 
specimens. These results are perhaps not surprising given the high proportion of 
unidirectional fibres in the composite, which should remain largely unaffected by the 
environmental conditions.
6.3.2.3 1.0 m length beam tests
The testing regime and notation used for each of the 1.0 m length beams has been given
Unexposed control specimen 
Humidity cycled specimen 
Temperature cycled specimen
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in Table 6.1 on page 211. The results obtained for the beams in terms of comparative 
strengthening and stiffening effects relative to an identical beam tested directly to failure 
are shown in Table 6.5 to Table 6.7. The results obtained from the strengthened beam 
which had been exposed to 10 cycles of wetting and drying are first considered, followed 
by the results of the plated beams tested after 50 and 150 temperature cycles.
Table 6.5 1.0 m length durability beams; strengthening comparison.
Beam Serviceability Increase over Yield load Increase over Maximum load Increase over
load (kN) unplated (%) (kN) unplated (% ) carried (kN) unplated (% )
D1 (unplated) 11.4 - 22.0 - 29.8 -
D2 22.3 95.6 38.0 73.0 71.0 138,0
D3 22.3 95.6 41.0 86.0 83.3 179.0
D4 22.3 95.6 40.0 81.0 67.4 126.0
D5 22.3 95.6 40.0 81.0 67.5 127.0
Table 6.6 1.0 m length durability beams; modes of failure and ductilities.
Beam Mode o f failure Ductility Proportion of 
unplated ductility (%)
D1 (unplated) Steel yield, concrete crushing 8.86 -
D2 Shear through section 4.63 52.3
D3 Shear through section 5.48 61.9
D4 Shear through section 4.24 47.9
D5 Shear through section 4.11 46.4
Table 6.7 L0 m length durability beams; stiffening comparison.
Beam Post-cracking Increase over Post-yielding Post-cracking
stiffness unplated (% ) stiffness stiffness
(kN/mm) (kN/mm) retained (% )
D1 (unplated) 4.50 - - -
D2 8.44 87.6 5.29 63.4
D3 8.64 92.0 5.64 65.3
D4 8.50 88.9 5.24 61.6
D5 8.18 81.8 5.24 64.1
Unfortunately, the warm, high humidity conditions which are thought to be most 
deleterious to the adhesive and to some extent the CFRP, represents the ideal 
environment for continued curing of the concrete. This enhanced curing alters the 
material properties of the concrete, causing the strength and stiffness to increase, 
possibly masking any effects of deterioration of the bond between the CFRP and the 
concrete on subsequent testing, and making comparison with control specimens more 
difficult. It was hoped that exposure to humidity cycling would lead to an obvious
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deterioration in response and possibly mode of failure; however, this was not found to be 
the case. Comparison of the load/deflection responses of the control and exposed beams, 
shown in Figure 6.4, reveals that the humidity cycled beam D3 had a very slightly 
increased stiffness after cracking than the control beam D2. The responses were then 
found to diverge after yielding of the internal steel, the exposed beam D3 having a higher 
post-yielding stiffness and an ultimate load some 17% higher than the control beam D2 
at 83 .3 kN. Both beams failed in the same way, by diagonal shearing through the depth of 
the section up to the load point in one of the shear spans, the internal steel and external 
plate being deformed by dowel action. The increased deflection at which this collapse 
occurred resulted in a significantly higher ductility for the humidity cycled beam D3 as 
shown in Table 6.6; the value obtained after exposure represented 62% of the unplated 
ductility and an increase of 18% over the plated control beam D2.
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Figure 6.4 Humidity cycling investigation; load/deflection responses.
The tensile strain responses obtained at the centre of the CFRP plate for beam D2 and 
exposed beam D3 revealed that the strain rates were identical up to steel yield. After this 
point, however, the rates of strain throughout the length of the plate were found to be 
lower for the humidity cycled beam D3, resulting in lower tensile strains at a given load. 
A reduction in the stress transferring ability of the adhesive as a result of exposure was 
therefore not apparent. The compressive strain response of the concrete in the constant 
moment region was found to follow a similar pattern to the tensile strains, both responses 
being concurrent with the increased stiffness of the member after yielding demonstrated 
by the load/deflection behaviour; reduced deflection at a given load results in lower 
bending stresses at the top and bottom extreme fibres of the section.
The increases in strength and stiffness observed for the exposed beam D3 are 
presumably a result of the enhanced curing of the concrete. Effects related to
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deterioration of the stiffness and strength of the adhesive, as observed in sample testing 
after exposure, detailed above, were not apparent from this test on a strengthened beam.
The load/deflection responses obtained from the tests to failure of the two 1.0 m length 
beams which had been exposed to temperature cycling of between -20 °C to +20 °C are 
shown in Figure 6.5, along with the behaviour of the control beam, strengthened in the 
same way and the unplated beam D1 for comparison. The results are quantified in Table
6.5 to Table 6.7. Examination of the adhesive bondline after exposure to temperature 
cycling revealed no observable cracking or interfacial failure. The epoxy therefore 
appeared to be thermally compatible with the concrete and CFRP under the temperature 
conditions considered.
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Figure 6.5 Temperature cycling investigation; load/deflection responses.
It can be seen that the deflection responses were very similar for the plated control beam 
D2 and beam D4, exposed to 50 temperature cycles. However, after 150 cycles, the 
response of the strengthened beam D5 appears to be slightly less stiff than the other two 
plated cases, resulting in a slightly higher deflection under the action of a given load. The 
yield loads for the two exposed beams were both found to be 40.0 kN, slightly higher 
than the 38.0 kN obtained from the control beam. Both exposed beams also had very 
similar collapse loads; at 67.5 kN this was found to be 5% lower than the control beam 
D2. Failure occurred in the same way for all three cases, the plated control and the two 
beams exposed to temperature cycling all failing due to diagonal shearing in one of the 
shear spans, as was also observed for the humidity cycled beam. Therefore, the 
temperature cycling did not appear to affect the mode of failure of the strengthened 
beams or, by implication, the performance of the adhesive bond. The ductilities to 
collapse of beams D4 and D5 were found to be somewhat less than that of the control 
beam D2. Beam D4, tested after 50 temperature cycles, produced an 8.5% reduction in
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ductility, while beam D5 gave the lowest value, 11% below that of the control as a result 
of a slightly higher deflection at the serviceability load level. However, since the modes 
of failure were the same for the three beams, these reductions, as well as those on overall 
strength, do not appear to be significant.
The post-cracking stiffness of the control beam D2 and beam D4, tested after 50 cycles 
were found to be very similar, as shown in Figure 6.5 and indicated in Table 6.7. 
However, that of beam D5, tested after 150 cycles, was found to be slightly less at 8.18 
kN/mm, although this only amounts to around a 3% reduction in stiffness over the 
control specimen, within the expected range of experimental variation. The post-yielding 
stiffnesses of all three beams, D2, D4 and D5 were very similar, over 60% of the member 
stiffness being retained after yielding.
The strain response at the centre of the external plate for the three strengthened beams, as 
shown in Figure 6.6, followed a similar pattern to the deflection behaviour. In no cases 
did the plate approach its ultimate strain value. The rate of strain before yielding of the 
internal steel for the control beam D2 and also beam D5, tested after 150 temperature 
cycles, were found to be very similar, while that of D4 was slightly higher. As the 
applied load increased beyond the point of steel yield, the control beam D2 appeared to 
have a slightly higher rate of strain than the two exposed cases. There is therefore no 
conclusive evidence to suggest that the adhesive was transferring stress to the external 
CFRP plate any less efficiently after exposure to temperature cycling. This agrees with 
the results obtained from testing both adhesive and CFRP samples after exposure to the 
same regime, as described above, in which it was found that temperature cycling had 
little apparent effect on the tensile properties of the materials.
Plated control beam D2 
50 temperature cycles, beam D4 
150 temperature cycles, beam D5
Longitudinal strain at centre of plate (microstrain)
Figure 6.6 Temperature cycling investigation; strain responses at centre of plate.
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The compressive strain responses at the centre of all three strengthened beams, D2, D4 
and D5 were almost identical as shown in Figure 6.7. All three beams reached, or nearly 
reached, a compressive strain of 0.0035, the assumed failure strain of the material, 
demonstrating that a compressive flexural failure had been imminent at the point of 
collapse in shear.
Plated control beam. D2 
50 temperature cycles, beam D4 
150 temperature cycles, beam D5
-0.004 -0.0035 -0.003 -0.0025 -0.002 -0.0015 -0.001 -0.0005 0
Longitudinal strain at centre of beam
Figure 6.7 Temperature cycling investigation; compressive strain responses at centre 
of beam.
6.3.3 Conclusions
Testing of samples of the Sikadur 31 PBA epoxy adhesive and CFRP prepreg after 
exposure to alternate wetting and drying, and temperature cycling between -20 °C and 
+20 °C alongside 1.0 m length RC beams strengthened with the same materials revealed 
the following observations:
• Following 10 humidity cycles, testing of the adhesive samples directly after a Final 
wetting period resulted in a reduction in the tensile modulus of elasticity of 11%; this 
was not the case when samples were tested after a final drying period, suggesting that the 
loss of stiffness was recoverable on drying.
• The tensile strength of the adhesive appeared to be reduced significantly by exposure 
to alternate wetting and drying; when tested after a final drying period, the strength was 
found to be reduced by 30%, 34% when tested after final wetting. The range of linear 
behaviour of the adhesive material in tension also appeared to be significantly reduced 
by humidity cycling.
• When tested after a period of drying, the adhesive samples appeared more brittle, 
failing at a lower strain than the unexposed control specimens. Testing after wetting 
produced ductilities to failure comparable to those of the control specimens.
• Temperature cycling in the range -20 °C to +20 °C had little apparent effect on the 
tensile properties of the adhesive. No embrittlement was observed.
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• Neither humidity or temperature cycling appeared to have any significant effects on 
the tensile properties of the CFRP material studied. This reflects the high proportion of 
unidirectional fibres in the composite.
• The deterioration of the tensile properties of the adhesive after humidity cycling had 
no apparent effect on the overall behaviour of a beam strengthened using this material 
and exposed to the same conditions, although continued curing of the concrete resulted 
in inconclusive results.
• In agreement with the observed behaviours of the adhesive and CFRP specimens after 
temperature cycling, the strengthened beams tested after 50 and 150 cycles showed little 
deviation from the deflection and strain responses obtained from an unexposed control 
beam. The failure modes were unaffected, although the collapse load and ductilities to 
failure were reduced slightly for both exposed cases; these effects are not thought to be 
significant Member stiffness before and after exposure appeared little affected and there 
was no conclusive evidence to suggest that the adhesive was transferring stress to the 
external CFRP plate any less efficiently after exposure to the temperature cycling 
regime.
It is recognised that the results presented herein are very much of a preliminary nature, 
and that a great deal more research into possible degradation effects of prevalent 
environmental conditions on the FRP strengthening system, whatever its use, is required, 
either through long-term natural exposure or accelerated laboratory testing. In addition, 
the effects of de-icing chemicals and such substances as diesel on the integrity of the 
bonded system should be considered since highway applications of the system are 
envisaged. However, the results seem to suggest that environmental deterioration in the 
mechanical properties of bulk adhesive specimens does not necessarily imply a 
deterioration of the performance of the in situ bond or a reduction in the structural 
performance of the strengthened member. The effects, in terms of overall response, of 
changes in the tensile properties of the adhesive used to bond the external plate to the 
concrete are examined numerically in a brief comparative study presented in Chapter 9.
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Chapter 7
Time-dependent behaviour
7.1 Introduction
From a durability point of view, the maintenance of structural performance under the 
action of a sustained loading is of equal importance to resistance against environmental 
degradation. When considering the action of an externally strengthened member under a 
sustained load, a knowledge of the time-dependent behaviour of each of the component 
materials being stressed is necessary so that the subsequent performance can be correctly 
interpreted and the influence of each material recognised. Consequently, this section 
reviews current knowledge on the time-dependent nature of concrete, adhesives and 
fibre-reinforced polymers in the context of the flexural strengthening of reinforced 
concrete. The influence of the reinforcing steel on the creep of a RC member in flexure 
is considered to be negligible in comparison to the time-dependent behaviour of the 
concrete in compression since the steel is stressed well below its yield value at working 
conditions.
The resin systems used to manufacture both fibrous composites and the adhesives 
subsequently used to bond them are polymeric materials, and as such the same 
considerations in terms of time-dependency apply to both. In any situation where an 
adhesive connection is required to transmit stresses due to sustained load the possibility 
of creep in the adhesive must be considered. Long-term bond integrity implies, amongst 
other things, the avoidance of excessive creep and the possibility of creep-induced 
failures throughout the service life which, for a strengthening technique may be in 
excess of 30 years.
In this particular application, since the adhesive is the component which transfers load to 
the external plate, creep within the bondline may affect the structural performance of the 
strengthened member. The action of creep on an adhesive is to cause a degradation of the 
effective modulus of the material, or a loss of rigidity, as discussed below. This may 
reduce the stress transferring ability of the adhesive and thus the efficiency of the 
strengthening system. Similarly, creep of the external FRP plate itself would result in
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time-dependent increases in member deflection under the action of a constant load. The 
fact that three of the materials involved in the proposed application are viscoelastic, and 
that the behaviour and interaction of these materials may affect the structural 
performance of the overall system is the justification behind the time-dependency study 
presented in this Chapter.
For applications involving bridge rehabilitation or upgrading, the external plate will most 
likely be bonded to the structure without additional propping, so that none of the 
member’s self-weight is supported by the plate, the system only providing strengthening 
for subsequently applied superimposed or live loads. In such circumstances, long periods 
of sustained loading are unlikely. However, if the technique of pre-tensioning the 
external FRP plate prior to bonding is implemented, the plate will remain under 
considerable load at all times, although the stresses in the adhesive will be largely 
compressive. In addition, for building strengthening applications, the level of live load or 
superimposed dead load may be approximately constant for long periods of time, placing 
the plate, and thus the adhesive under conditions of sustained stress.
A review of the current state of knowledge with regards to the time-dependency of 
concrete, structural adhesives and polymer composites is first presented, before 
considering the experimental investigation undertaken in the present study and the 
results obtained.
7 .2  T im e - d e p e n d e n t  c h a r a c t e r i s t i c s  o f  c o n c r e t e
7.2.1 Introduction
The relationship between stress and strain for concrete is a function of time; under 
sustained stress, concrete undergoes a gradual increase of strain, referred to as creep, 
most conveniently taken as an increase in strain above the initial elastic value. Creep 
generally has little affect on the strength of a structure, but will cause an increase in 
deflections under service loads and a redistribution of stress, such as shown in Figure 
7.1; concrete creep under constant bending moment results in a significant increase in the 
extreme fibre compressive strain, an increase in the neutral axis depth, an increase in the 
steel compressive stress and a decrease in the concrete compressive stress. The tensile 
stress in the steel increases slightly because the lever arm is reduced.
Although a great deal of research has been carried out on the subject (for example, Evans 
and Kong, 1966; Neville, 1970; ACI, 1982), the mechanisms behind the creep of 
concrete remain a topic of debate. This reflects the fact that a satisfactory theory must 
explain behaviour under various environmental and stress conditions.
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Figure 7.1 Strain and stress distributions at first loading and after long-term loading in 
a flexural member subjected to concrete creep.
7.2.2 Factors affecting the creep of concrete
There are many factors which contribute to the potential creep of a structural concrete 
element, including the composition of the concrete, the environment to which it is 
exposed and the load history.
The strength of concrete has a considerable influence on creep, an increase of strength at 
the time of load application reducing the potential for creep. Factors which influence 
strength, such as water/cement ratio, type of cement and air entrainment are thus 
significant The aggregate present in concrete restrains creep of the cement paste, and 
hence creep is a function of aggregate content. The efficiency of the restraint provided 
depends on the aggregate type; Rusch et al., 1963 found that the maximum creep 
exhibited by six different aggregates was five times the minimum value.
Creep and shrinkage of concrete occur in most practical cases simultaneously, the effect 
of shrinkage being to increase the magnitude of creep. Creep under conditions of no 
moisture movement is referred to as true or basic creep whilst the additional creep 
caused by drying is called drying creep. The two cases are most conveniently treated 
together. The ambient relative humidity has a significant influence on creep for a given 
concrete since low humidity implies the occurrence of drying creep. It has been shown 
(L’Hermite, 1960) that alternate wetting and drying increases the magnitude of concrete 
creep. Creep is reduced if water loss from the member is restricted. Therefore, the size 
and shape of a member affects the amount of creep which occurs, with large members of 
low surface area having the lowest potential for creep. The rate of creep has also been 
shown to increase with temperature up to about 70 °C (Nasser and Neville, 1965), when 
it may be up to 3.5 times that at 21 °C.
The application of load to the concrete at an early age causes high creep strains because
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of the relative level of strength development. In addition, creep strains increase with the 
duration of loading; even very old concrete undergoes creep, as demonstrated by tests on 
50 year old concrete (Nasser and Neville, 1965). Experimental evidence indicates that 
the creep strain occurring over a given period is proportional to the applied stress, 
although the limit of this proportionality is unclear. Some research indicates a loss of 
linearity at compressive stresses as low as 0.2 x the compressive strength F c, while other 
data suggest a value as high as 0.5f’c. In general, within the working range of stresses the 
proportionality between creep and applied stress in valid, and creep predictions assume 
this to be the case. Above the limit of proportionality, creep increases with an increase of 
stress at an increasing rate, and there exists a stress/strength ratio above which creep 
produces time failure. This ratio is within the range of 0.8 - 0.9 of the short-term static 
strength (Neville, 1981).
7.2.3 Prediction of concrete creep
A typical representation of concrete creep is shown in Figure 7.2. Creep proceeds at a 
decreasing rate with time. If the load is removed, the strain decreases immediately by an 
amount equal to the elastic strain at that age, which is generally lower than the elastic 
strain on loading because of the increased modulus of elasticity. This is followed by a 
creep recovery which is much less than the preceding creep. Creep of concrete is not a 
reversible phenomenon, so that any sustained application of load results in a residual 
deformation.
Figure 7.2 Typical creep curve for concrete under constant axial compressive stress.
It is generally assumed that creep tends to a limiting value after an infinite time under 
load. Long-term experimental measurements (Troxell et al., 1958) have shown that:
• 18 - 35% (average 26%) of the twenty year creep occurs in two weeks.
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• 40 - 70% (average 55%) of the twenty year creep occurs in three months.
• 64 - 83% (average 76%) of the twenty year creep occurs in one year.
Ultimate creep is shown to be in excess of 1.36 times the one year creep; for calculation 
purposes, however, it is often assumed that for concretes loaded at early ages, ultimate 
creep is equal to 4/3 of the one year creep.
Methods of estimating creep values have been suggested by various authors (Evans and 
Kong, 1966 and 1978; Neville, 1970; ACI, 1982). One thing is common to all of these 
methods; the accuracy is not high and an error of ±30% or more is possible. Several 
empirical methods exist, the most widely used being those of the ACI Committee 209 
(ACI, 1982) and the CEB-FIP, 1970. These methods give the creep coefficient of the 
concrete, Ctas a function of the dependent variables, where Ct is the ratio of creep strain 
to initial elastic strain. Allowance is made for time under load, age when loaded, relative 
humidity, minimum thickness of member, slump, fines and air content of the concrete. 
No allowance is made for the type of aggregate in either method. A limiting creep strain 
value is the starting point of the estimation; this is generally taken from tables for 
specimen concrete mixes under sustained load for, say, 30 years. The effects of the
variables given above is then successively taken into account to give a final creep
prediction.
An alternative approach has been suggested by Brooks and Neville, 1978, in which it is 
claimed that for the majority of concretes, regardless of the water/cement ratio or the 
type of aggregate, the creep under unit stress at an age of t days, q  can be related to the 
value at 28 days under load, Cjgby the expression
ct = C28x0.5t°'21 (7.1)
for the basic creep, and
ct = c28 x  ( -  61 9  + 2-15 In ( t ) ) 038 (7.2)
for the total creep, including the effects of moisture movement
Long-term deflections due to concrete creep are often greater than the sum of the 
deflections from other effects such as shrinkage, and are therefore of primary interest. An 
accurate analysis including the effect of variable loading is difficult because of the need 
for data on the creep strain/time characteristics of the concrete and the loading history 
(McHenry, 1943a; Ross, 1958). A more approximate analysis is therefore usually used. 
Creep effects on deflection are taken into account in Clause 3.6, Part 2 of BS 8110,1985, 
where it is recommended that, in calculating curvature due to long-term loading, the 
effective, or long-term modulus of elasticity should be used, calculation of which
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incorporates the creep ratio, Ct defined above.
Eeff = i  (7.3)
Values of Ec to be used are given in Table 2.5-6 of the Code, whilst values of Ct can 
either be calculated in the way described above or taken from Clause 7.3.
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7.3.1 Introduction
The mechanical properties of polymers have characteristics of both elastic solids and 
viscous fluids, and hence they are classified as viscoelastic materials. On application of 
load, the material deforms instantaneously as an elastic solid. However, if the load is 
maintained, the materials continues to deform to some extent in a manner similar to a 
viscous fluid. Therefore, for full characterisation of such a material a knowledge of its 
time-dependent response is necessary. The transition from relatively elastic behaviour to 
relatively viscous behaviour often occurs within a time-scale in the range of concern for 
practical applications.
The viscoelastic behaviour of polymers is well documented; a comprehensive text is 
given by Ferry, 1980. The time-dependency arises because the materials respond to loads 
by a wide variety of molecular motions that attempt to reduce the internal state of stress. 
Since these motions involve overcoming energy barriers, the response is also 
temperature-dependent. Viscoelastic effects can result in creep deformation or stress 
relaxation. Creep may lead to delayed failure, termed creep rupture, under long-teim 
loading. In this case, the applied stress is usually lower than that required to cause 
fracture under monotonic loading conditions. The time-dependent strain of the material 
divided by the constant applied stress is termed the creep compliance. At any time t after 
the commencement of loading, the creep can also be characterised in terms of its creep 
modulus, given by the constant applied stress divided by the total strain at time t.
Since adhesives are polymeric materials, they exhibit viscoelasticity and as such, are 
subject to time-dependent behaviour. Structural bonding applications in the construction 
industry involve the use of thermosetting resin systems, such as epoxies and polyesters. 
These generally have high rigidity as a result of the cross-linking of the molecular 
chains, giving a three-dimensional structure. However, when under load, the movement 
of these molecules can cause significant creep at ambient temperatures under high stress 
levels, and at moderate levels of stress at high temperatures. For example, highly cross- 
linked epoxy resin systems can exhibit creep deformations at room temperature 3 - 4  
times greater than that of concrete (Hugenschmidt, 1982).
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The creep of adhesives in general is affected by a number of parameters, including the 
chemical nature of the resin system, the volume and types of filler used, the dimensions 
of the bond area, and the absorption of plasticisers such as moisture or oil. However, the 
main factors are the level of the applied load, time and temperature. The magnitude of 
the creep response for thermosetting resin systems is also highly dependent on the cure 
history, particularly as the time under load and the temperature increase (Wright, 1976), 
since reduced cross-linking of a polymer results in increased time-dependence, allowing 
continuous deformation.
Creep rate varies with stress level. In general, the higher the stress the greater the creep 
rate. At low applied stress levels, many polymers behave in a linear viscoelastic manner, 
in which the strain response of the material at any time of loading is a linear function of 
the constant applied stress. This implies that the principle of superposition can be used 
for changes in applied stress (Hollaway, 1993a). However, at higher stress levels, the 
viscoelastic behaviour of polymers can become highly non-linear (Lockett, 1974). 
Perhaps of greatest importance to structural adhesive joints in civil engineering is 
behaviour at relatively low stress levels, since bonded joints tend to be designed to 
withstand low stresses for a long period of time rather than the higher stresses which may 
cause rapid creep to failure. For example, in steel plate bonding applications, it is 
recommended that any sustained stress in the adhesive bonded joint be kept below 25% 
of the short-term joint strength to minimise creep effects (Mays, 1993).
Hughes and Rutherford, 1980 found that below a certain stress, referred to as the 
threshold stress, there was no apparent creep. This view is supported by Allen and 
Shanahan, 1975 who proposed an endurance limit, an applied load below which creep 
does not occur, and by Albrecht et al., 1985, who suggested that when the sustained 
stress is below a certain level, dependent on the critical internal energy of the adhesive 
system, the bonded joint will creep to an equilibrium and indefinite creep will not occur, 
although this behaviour may be altered by environmental influences. Above this stress 
level, the joint will creep to failure.
When an adhesive joint is placed under load, the stress is not distributed evenly 
throughout the adhesive but concentrates in certain areas within the bondline. With lap 
shear joints for instance, the maximum stresses occur at the ends of the overlap. It is 
these maximum stresses which are thought by Allen and Shanahan, 1976 to determine 
the overall creep behaviour of the joint. A theoretical factor has been proposed by these 
authors which relates the load required for joints of different geometries to give 
equivalent creep behaviour, which was found to agree reasonably well with experimental 
data. The theory implies that the distribution of stress throughout a joint changes as creep
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proceeds, becoming more even as the strain increases, the stress concentrations at the 
ends of the overlap being reduced, but not eliminated, during creep. Such behaviour 
might be expected since creep effectively reduces the value of adhesive shear modulus, 
which is known to reduce stress concentrations (Volkersen, 1938). Since typical joints 
involve high stresses near the free ends, even relatively low load levels may result in 
significantly non-linear behaviour. As such, the practical approach to both delaying the 
onset of creep and to reducing its rate is by providing large bonded areas.
The ambient temperature also affects the occurrence and rate of creep deformation. As 
the temperature passes the glass transition temperature, Tg of an adhesive, there is a 
marked change in the creep properties exhibited by an adhesive bonded joint (Adams 
and Wake, 1984). It appears that for the majority of adhesives, an increase above normal 
operating temperatures for which the material is designed causes an increase in the creep 
rate, then once the Tg is reached, a further increase occurs. The creep behaviour of an 
adhesive at elevated temperatures can be affected by a number of factors including the 
proportion of fillers, the shape of the specimens, the stress levels encountered and the 
extent of the temperature rise. To limit the effects of creep under sustained load, an 
adhesive possessing a Tg well above the service temperature is required.
The effects of relative humidity, or moisture in general, on the behaviour of polymeric 
materials have been considered in Section 6.2.3 on page 198. The effect of changing the 
relative humidity can differ according to the type of adhesive and adherends used, 
although in general, an increase in relative humidity plasticises the adhesive in the joint, 
reducing its stiffness and strength. It has also been found that water or high humidity has 
the effect of lowering the Tgof the material. If the range through which the Tg drops 
coincides with the temperature of the joint then this will greatly affect the adhesive 
strength and cause an increase in creep. However, if the range through which the Tg 
drops is far from the operating temperature of the joint then the effect of moisture on the 
modulus of elasticity of the adhesive will be of primary importance, since this would also 
affect the creep properties of the adhesive. In general, the more highly cross-linked the 
hardened adhesive structure and the higher the curing temperature, and hence Tg, the 
better the creep resistance (Mays and Hutchinson, 1992).
Creep of polymeric materials can be seen to be a complex phenomenon, dependent on a 
range of influences. Because of the complexity of modelling creep, the most favoured 
approach is to develop an empirical law based on experimental data, such as Findley’s 
power law (Findley and Worley, 1951).
7.3.3 Characteristics of polymer creep
Creep data may be presented in a variety of different ways. A conventional creep curve 
for a single creep test as exhibited by most polymeric materials is shown in Figure 7.3,
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although logarithmic axes may alternatively be used.
Figure 7.3 Idealised creep/strain curve (Crane, 1984).
Allen and Shanahan, 1975 and 1976 studied the tensile creep behaviour of two structural 
adhesives at temperatures in the neighbourhood of the Tg when used to bond single-lap 
steel joints. The general form of the creep curves obtained is shown in Figure 7.4
Figure 7.4 Characteristic creep curve for structural adhesive (Allen and Shanahan, 
1976).
It was found that creep under load was preceded by a delay period, after the application 
of load but before any creep strain was discernible, followed by essentially logarithmic, 
steady state creep. Finally, this steady creep gave way to an accelerated creep 
terminating in creep rupture. The delay period was found to be dependent upon 
temperature, load and relative humidity. It was assumed that two types of load-bearing 
element are present within adhesives; a primary type, with a high shear modulus which
7.3. Tune-dependent characteristics of adhesives 229
carries most of the load, and a secondary type of lower shear modulus, which only bears 
a significant part of the load after failure of the primary type. These are responsible 
respectively for delay time and creep behaviour.
Allen and Shanahan, 1976 suggested that during the delay period, the stress distribution 
in the joint remains virtually constant, being only modified when creep occurs. This is in 
contrast to the work of Hahn, 1961a and 1961b, who believed that creep could only start 
when stress concentrations in the joint had been reduced by relaxation, causing a more 
even stress distribution. Hahn used this assumption to explain why spontaneous creep 
occurred in joints with thin bondlines, with consequently more even stress distributions, 
whereas a delay period occurred in joints with normal bondline thicknesses. Adams and 
Wake, 1984 agreed with the supposition of Hahn since in their work, an increase in the 
overlap length, which causes a more uneven stress distribution within the joint, was 
found to cause longer delay periods. In addition, no delay period was observed by 
Rutherford, 1979 in creep tests carried out in torsion on napkin ring specimens, possibly 
reflecting the more even distribution of stress found in this type of specimen, and further 
supporting the idea that stress redistribution is responsible for the delay period. Other 
changes in the adhesive due to temperature and humidity will hasten the stress 
redistribution which is believed to accompany the onset of creep, thus causing the 
humidity and temperature dependency noted by Allen and Shanahan.
The time taken to failure for an adhesive joint under stress in an important factor 
affecting its use. Lifespans of components used in the construction industry are likely to 
be of the order of decades. Since joints are required to have such long service lives, it is 
desirable to be able to predict long-term behaviour from short-term data generated from 
tests at higher loads, higher temperatures or involving other factors which would 
accelerate time to failure.
Data taken over a few days or weeks can be extrapolated beyond the test duration using a 
mathematical expression. The creep pattern of adhesives tends to be different from that 
of metals and other materials and so the equations predicting their creep performance are 
not necessarily applicable. Although several different types of equations have been 
suggested in the literature which seem to correlate well with particular experimental 
data, no standard technique exists for the prediction of time to failure. Most equations 
dealing with the creep and subsequent rupture of structural adhesives in lap joints 
assume the rupture to be cohesive rather than adhesive. If a mathematical expression is 
adopted, it implies that the continuous creep process will obey the same law as existed at 
the start of the test.
Generally, creep data are modelled by a power law function. This method should yield a 
confident extrapolated value up to twice the test duration (Hollaway, 1993a). If a value
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of creep strain is required in excess of this, a more accurate method is required, which 
generally implies empirical measurements generated from multiple tests at a range of 
applied loads (Cessna, 1971), or temperatures (Aklonis and MacKnight, 1983), the 
results obtained being superimposed. These techniques permit the prediction of long­
term creep behaviour from limited short-term data. Such an approach was used by 
Dharmarajan et al., 1987 to characterise the creep behaviour of epoxy, polyester and 
acrylic mortars in the form of prisms under three point loading. From relatively short­
term tests, a reference curve of creep compliance against time was produced from which 
the transition from stable creep to creep rupture appeared to occur at an equilibrium 
stress of between 45-55%  of the short-term ultimate strength of the system.
Lewis, 1972; Lewis et al., 1972, and Wake et al., 1979 have examined the concept of an 
endurance limit, a value below which joint failure will not occur, using single-lap shear 
joints. This should not to be confused with the value of the same name proposed by 
Allen and Shanahan, 1975, below which no discernible creep occurs. It was found by 
Mays, 1990 that an epoxy-bonded lap joint exhibiting an increase in the log.(strain) 
against time creep rate will probably creep to failure eventually, whilst this is less likely 
when there is a decrease in logarithmic creep rate at some point during the duration of 
the test. For specimens which exhibit a steady logarithmic creep rate, it is not possible to 
predict whether creep rupture will eventually occur.
7.3.4 Creep testing of structural adhesives
To determine the long-term behaviour of a material, either creep or stress relaxation may 
be used. Creep tests involve observing time-dependent flow under constant load and 
temperature, whilst stress relaxation involves monitoring the time-dependent change in 
stress which results from the application of a constant strain to a specimen at constant 
temperature.
Adhesives are inherently employed in thin, confined layers, making the evaluation of 
likely behaviour through simple testing a difficult process. The different types of creep 
test developed for structural adhesives can be divided into two groups; those on bulk 
hardened adhesive specimens, which provide information on the mechanical properties 
of the adhesive itself, and those on adhesive bonded joints, typically employing lap shear 
configurations under a constant stress and temperature, which examine creep in tensile 
shear. A great deal more of the reported literature pertains to the creep testing of 
adhesives in joint configurations. As discussed in Chapter 3, the suitability of measuring 
bulk hardened properties to imply likely in situ behaviour remains a topic of discussion. 
Creep curves obtained from tests on such specimens do not necessarily compare with 
those obtained from joints under similar stress conditions due to such factors as adherend 
restraint and the intermixing of the adherend and adhesive. However, the behaviour of a
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joint should phenomenologically resemble bulk behaviour. In an investigation into the 
viscoelastic response of adhesives, Brinson, 1982 showed that data obtained from lap 
shear testing was qualitatively, but not quantitatively similar to bulk tensile results, the 
most significant difference being in the magnitudes of the creep strains encountered; this 
was attributed to the effects of the interface between the adhesive and adherends.
As with environmental durability, only a limited number of studies have been reported in 
the literature concerned with assessing the creep resistance of adhesive systems suitable 
for civil engineering applications. This perhaps largely reflects the difficulty in utilising 
concrete as one of the adherends in representative testing because of its relative 
weakness under all but compressive loading. Experimental studies are reported which 
consider the performance of the adhesive itself, steel lap joints, concrete/concrete or 
concrete/steel systems. Althof and Brockmann, 1977 advocated the measurement of 
bondline deformation in real joints, whilst subjected simultaneously to sustained loading 
and environmental exposure, to give limit values for design. However, this is unlikely to 
be a practical proposition for civil engineering applications, and consequently the overall 
behaviour of representative specimens under load has been used as a method for 
indicating likely in-service performance.
Lark and Mays, 1985 carried out flexural creep tests on prisms of a number of two-part 
epoxy adhesives suitable for civil engineering use. Four point bending tests at four 
different load levels were used to produce curves representing the effective decay in 
modulus with time. The curves are reproduced in Figure 7.5. The two-part epoxy 
polyamine (aliphatic adduct) was Sikadur 31 PBA, the adhesive utilised in the present 
study. The curves represent the stability of the adhesive with time under sustained load 
and in this respect a flatter curve is beneficial. However, the relatively low long-term 
modulus for the polyamide and polysulphide epoxies may cause concern for their 
potential structural efficiency under sustained load.
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Figure 7.5 Change of creep modulus with time for a range of epoxy adhesives (Lark 
and Mays, 1985).
Tu and Kruger, 1996 carried out tensile creep tests on bulk hardened specimens of epoxy 
adhesive at room temperature under two different stress levels over a duration of 90 
days, in which creep strains of less than 0.04% were observed. A more highly filled 
epoxy produced better creep resistance.
Mays, 1990 describes research contracts carried out by the TRL (formerly the TRRL) to 
investigate aspects of the creep and fatigue performance of epoxy resin adhesive joints. 
Creep testing was carried out for up to one year using steel adherend double-lap joints 
formed with three varieties of cold-cure adhesive, one of which was Sikadur 31 PBA, 
and one hot-cure adhesive. Temperatures during the test programme were varied from 20 
°C to 65 °C. It was found that the creep performance of all joints was temperature-, 
humidity- and stress-dependent. For Sikadur 31 PBA, there was a small reduction in 
performance between test temperatures of 20 °C and 40 °C, but a significant reduction at 
55 °C. This coincides with the Tg of the material which has been measured at 44 °C 
(Barnes, 1989). It was concluded that the sustained stress to cause failure at 20°C, Sn 
after period Tf could be represented by the empirical expression:
(S „ )'8'2 (Tf) = 7 x  1(T4 (7.4)
which gives values of 0.38 and 0.36 of the short-term static strength after periods of 30 
and 120 years respectively. Mays, 1990 recommended that the sustained stress in an 
adhesive joint should be kept below 25% of the short-term strength of the joint for the
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Johnson, 1963 reports creep tests carried out on epoxy-bonded concrete/concrete joints 
in shear, torsion and compression/shear in a scarf joint configuration. Substantial creep 
was observed in all tests, especially for the scarf joint, for which the strength under 
sustained load was less than half the short-term strength. Creep of the adhesive was 
found to be very large compared with that of the concrete.
In the early 1970’s, tests on two epoxy adhesives with different reactivities were carried 
out at the EMPA under short-term and continuous static loading (Hugenschmidt, 1975). 
Two separately cast beams 3600 mm in length were bonded together and their behaviour 
compared with a monolithic specimen of the same dimensions. Two such bonded beams 
were maintained under load for 110 days. In comparison to the monolithic control beam, 
the two bonded beams showed around 10 - 20% greater creep deformation. On loading to 
failure, little difference was observed in strength, and in no case was failure related to 
breakdown of adhesion for the bonded beams.
Ladner and Weder, 1981, and Hugenschmidt, 1982 describe the results of long-term tests 
carried out at the EMPA on RC beams 2400 mm in length pre-cracked prior to 
strengthening with epoxy-bonded steel plates. Beams were subjected to sustained 
loading and stored either outdoors or in the laboratory. After 500 days, the deflection of 
the beams had increased by between 45 - 95% of their initial elastic deformations 
depending on the corrosion protection given to the steel plate and the weathering regime. 
The ultimate strengths and deflections of specimens tested after one year did not show 
any significant differences from beams tested after plating. Creep measurements on 
another RC beam strengthened with externally bonded reinforcement over a ten year 
period is reported to have produced similar values to those which might have been 
expected from a conventionally reinforced beam. However, Meier et al., 1993 have 
reported that in long-term creep tests on steel plated beams at the EMPA, the residual 
strength was attained after 15 years of natural exposure, with corrosion being observed at 
the steel plate/adhesive interface.
As discussed in Chapter 6, the effects of environmental degradation are accelerated by 
the presence of sustained stress. Consequently, several investigations involving steel 
plate bonding have utilised combined tests. In addition to those carried out at the EMPA, 
described above, durability tests have been performed at the University of Sheffield and 
at the TRL, in which specimens were maintained under load during natural exposure. 
These studies have been considered in Section 6.2.6 on page 204. Of the RC beams 2500 
mm in length considered at Sheffield (Swamy et al, 1995), eight were maintained under 
sustained load during the exposure period, although little is reported on the creep 
behaviour during the test period of 11 - 12 years. Half of the small-scale strengthened
normal design life of the structure.
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specimens utilised by the TRL in initial studies were kept under load during natural 
exposure (Calder, 1979 and 1988), the load applied to each pair of specimens being 
monitored during the exposure period. It was found that the applied loads dropped to 60 
- 80% of their original values during the first year of exposure, and during following 
years remained within this range. In the subsequent programme of exposure trials in 
which larger-scale 3500 mm long beams maintained under load for up to 8 years were 
used, it was found that the applied load steadily reduced during the exposure period, and 
was about 75% of its original value after 8 years (Calder, 1989).
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7.4.1 Introduction
The matrix material of FRP composites is polymeric, and hence these materials are 
subject to viscoelastic behaviour. As described in Chapter 1, polymer-based composite 
materials are a combination of two phases; a relatively stiff and essentially elastic fibre 
network, and a flexible viscoelastic polymer matrix. The mechanical response of the 
composite material is a combination of these two distinct behaviour states and thus will 
be time-dependent to a lesser or greater extent. Although thermoplastic polymers, and 
consequently the composite materials made from them, are most susceptible to large 
amounts of plastic flow before fracture, thermoset materials, such as epoxies and 
polyesters, may also experience viscoelastic flow. Hence, in the design of structural 
engineering components which are to be fabricated from FRP materials, it is necessary to 
consider the time-dependent characteristics of the material to be used.
A number of investigators have reported on the time-dependent nature of polymer 
composites in general, for example Wu and Ruhmann, 1975; Crossman and Flaggs, 
1978; Schaffer and Adams, 1981. Creep of these materials can be substantial, 
particularly when subjected to high loads, elevated temperatures or moisture absorption. 
Scott et al., 1995 present a review of literature concerned with the creep behaviour of 
FRP composites, with particular reference to the development of accelerated test 
methods for predicting long-term performance of FRP for structural highway 
applications.
7.4.2 Mechanisms of FRP creep
There are two distinct mechanisms by which FRP materials can creep, the occurrence of 
which depends on the state of the microstructure of the material. In predicting the creep 
response of a composite material, it is generally assumed that the material microstructure 
remains intact, with the composite structure of the fibre and matrix deforming as one 
unit, the resin phase transmitting stress between the fibres. Consequently, the creep of the 
composite will be due solely to the viscoelastic flow of the polymer matrix. This
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assumption may be valid at elevated temperatures near to the Tg of the polymer, but in 
the general working temperature range for construction materials the primary 
mechanism of creep is more complex. It is likely that the majority of the observed creep, 
stress rupture and stress relaxation at ambient temperatures is due to the time-dependent 
growth of fibre/matrix debonds and resin cracks within the material microstructure 
(Johnson, 1979).
It is generally accepted that microdamage in the form of cracks is initiated when a 
component of force acts perpendicular to the fibre axis. Cracks may also be initiated due 
to differences in the thermal expansion coefficients of the constituent materials 
(Sillwood, 1982). The high density of geometric discontinuities in fibrous composites, 
such as fibre ends and voids, and the brittle nature of the epoxy and polyester resin 
systems used, also aid the initiation of microdamage. This damage growth mechanism 
can result in non-linear, stress-dependent viscoelastic behaviour over a wide range of 
applied stress, even when the material is lightly loaded (Howard and Hollaway, 1987).
The occurrence of creep under sustained static loading is therefore a combination of bulk 
material strain and microflaw initiation, both of these mechanisms being time-dependent 
due to the viscoelastic nature of the polymer matrix. However, it is difficult to 
distinguish from the macroscopic behaviour of a composite material under load, the 
relative contribution of the bulk viscoelastic deformation of the polymer and that of the 
microflaw growth. A number of investigators, for example Aboudi, 1990, have reported 
sudden jumps in the creep strain which may correspond with the onset and growth of 
damage as opposed to the smoother process of the bulk creep strain of the resin alone.
7.4.3 Creep characteristics of FRP composites
The synthesis of data reported on the creep characteristics of polymer composite 
materials is difficult due to the diversity of the resin and fibre types, fibre orientations 
and combinations, testing environments and fabrication processes. The extent to which 
the stiffness and strength characteristics of a composite material are affected by the time- 
dependent mechanical properties of the matrix can generally be related to the proportion 
of load being carried by the polymer. Significant time-dependence is demonstrated when 
the applied load is shared between the fibre and the matrix, or is carried mainly by the 
polymer matrix. The proportion of load carried by the matrix is dependent on:
* The type of polymer and its stress history.
• The direction of alignment, type and volume fraction of fibre reinforcement.
* The nature of the applied loading.
• The temperature and moisture conditions to which the element is exposed.
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The effect of matrix creep is most pronounced in low fibre volume fraction materials and 
in tests normal to the predominant fibre orientation. Provided that the contribution of the 
matrix phase to the overall stiffness of the material is small, the effect of the time- 
dependent changes in the properties of the matrix material on the overall composite are 
also likely to be small. Since time-dependence is reduced as the proportion of the applied 
load carried by the reinforcing fibres increases, it follows that virtually time-independent 
behaviour can be achieved through the use of a high volume fraction of high stiffness 
fibres placed unidirectionally in the predominantly loaded direction. Research on the 
creep of unidirectionally reinforced laminates is reported by, amongst others, Dillard et 
al., 1982; Dillard and Brinson, 1983; Hiel et al., 1983; Tuttle and Brinson, 1986; Ponsot 
et al., 1989, and Aboudi, 1990.
In the context of external plate bonding, the plate performs a simple task, acting as a 
uniaxially stressed tensile component as the composite member deflects. The direction in 
which the strengthening material will be loaded is therefore known. If a fibre-reinforced 
composite is to be utilised, it can be manufactured with all of its strength in this direction 
as a unidirectional laminate of continuous fibres. The greater the volume of fibres which 
can be included in the composite, the higher will be its stiffness and strength, and hence 
the higher its efficiency. It follows from the discussion above that such a material should 
display minimal time-dependence, especially if high stiffness fibres are incorporated.
Bonded FRP systems can produce a dual viscoelastic problem, the combination of a 
viscoelastic adherend and a viscoelastic adhesive. In addition, a third viscoelastic 
component is introduced when one of the adherends employed is concrete subjected to 
compressive stresses. Although many investigations have been carried out to evaluate 
the time-dependency of concrete, adhesives and FRP materials individually, only one 
recent study by Plevris and Triantafillou, 1994 could be found in the literature in which 
these materials were employed in combination. In this study, an analytical procedure for 
predicting the time-dependent behaviour of RC beams strengthened with FRP laminates 
was presented. These procedures, implemented by computer, were used in a parametric 
study to assess the effects of the type and area fraction of FRP material on the long-term 
response of internal stresses and strains and overall curvature of the member. An age 
adjusted effective modulus of elasticity was used to represent the behaviour of the 
concrete in compression, while Findley’s model, 1960 was utilised for the composite 
materials.
The addition of CFRP was shown to reduce the increase in compressive strain and 
restrain the decrease of compressive stress of the concrete with time, especially as the 
area of CFRP provided increased. Overall curvature and tensile stress in the internal steel 
were reduced by the addition of an external FRP plate, especially as the area fraction
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provided increased, although their response was shown to be time-independent. The 
response of sections strengthened with either GFRP or CFRP were shown to be similar.
To verify their analytical model, three RC beams, 1676 mm in length were tested, two of 
which were strengthened with unidirectional CFRP laminates of different thicknesses, 
for over three months in three point bending. It was found that increasing the area 
fraction of CFRP decreased both the immediate and creep deflections. The response 
characteristics of the unplated beam were used to calibrate the analytical model, which 
was then used to predict the deflection responses of the strengthened beams with time. It 
was found that the analytical procedures provided a reasonably good prediction of time- 
dependent behaviour.
7 .5  E x p e r im e n t a l  w o r k
7.5.1 Introduction
It was intended to carry out sustained load tests on 2.3 m length RC beams externally 
strengthened with pultruded CFRP in this study. To obtain an indication of the time- 
dependent nature of each component of the plated system, and thus their likely 
contribution to overall behaviour, samples of the epoxy adhesive and the CFRP plating 
material were also individually subjected to sustained loading. To study the 
viscoelasticity of the concrete, an unplated beam was tested in the same configuration 
and for the same duration as the strengthened cases.
The tests carried out on the adhesive and CFRP, and the results obtained, are first 
considered, before the programme of beam testing is presented.
7.5.2 Justification of load levels used in creep testing
It was decided that both the plated and unplated 2.3 m length beams to be tested would 
be maintained under a constantly applied serviceability limit loading for the test 
duration, since this represents the theoretical upper limit to the load which would be 
applied to the beam in a practical situation. As described earlier in the report, this is 
taken as the lower of the loads which cause either the maximum concrete stress to reach 
0.5 x the cube strength (0 .5^) or the tensile steel to reach 0.75 x the yield stress (0.75fy). 
For the 2.3 m beams, as described in Chapter 4, the serviceability load is governed by the 
compressive bending stress in the concrete, which, allowing for beam self-weight, 
reaches 0 .5 ^  (22.5 N/mm2) at the centre of the beam at an applied load of 40.4 kN for 
the unplated case and 45.6 kN when the beam is strengthened with a pultruded CFRP 
plate (Table 4.16 on page 144). At these loads the tensile stress in the internal steel is at 
53% and 46% of the yield stress respectively, reflecting the high yield stress value 
obtained for the reinforcing steel of the 2.3 m beams, shown in Figure 3.2 on page 52.
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For a plated beam, the tensile stress in the adhesive and external plate at the beam centre 
under this applied serviceability load can be calculated. In general, the adhesive transfers 
stress to the external plate through shearing action, a consequence of the differences in 
moduli of elasticity of the materials, with maxima at the plate ends. However, 
theoretically within the constant moment region of the beam, and certainly at the beam 
centre, the action of the adhesive is mainly in tension, extending as the beam deflects 
vertically, albeit under restraint from the adjacent adherends. Using the standard bending 
equation, the longitudinal tensile stress in the adhesive under the serviceability load for 
the plated beam can be calculated to be around 11.5 N/mm2, or 43% of the tensile 
strength of the adhesive at room temperature, determined through bulk tensile testing as 
described in Section 3.3.5 on page 62. It seems prudent to test the adhesive at levels 
greater than this so that ‘worst cases’ can be established, and also for a more complete 
characterisation of the material outside the theoretical working range. Consequently, 
levels of 50 - 70% of the tensile strength of the material at room temperature were 
chosen for use in the sustained load tests.
In the same way, the maximum tensile stress in the external plate under the serviceability 
load of the plated beam can be calculated using the standard bending equation to give a 
stress of 195 N/mm2 for the cross-sectional area to be used. This corresponds to a strain 
of 1400 jjiS, or 19% of the ultimate strain of the material in tension for a non-prestressed 
specimen. Again it was considered prudent to test the material at a higher load level than 
this, and consequently 30% was chosen. Unfortunately, the testing apparatus available 
meant that it was not possible to test the CFRP at higher sustained load levels. However, 
it was felt that this level of load would be sufficient to indicate whether there was likely 
to be a possible problem with creep of the CFRP material used. Specimens were also 
tested at an elevated temperature of 60°C in an attempt to accelerate any viscoelastic 
behaviour.
7.5.3 Adhesive creep testing
It was decided to employ bulk tensile adhesive specimens in the programme of creep 
testing rather than bonded joint configurations, despite the uncertainty in the relationship 
between bulk behaviour and properties in situ, as discussed in Chapter 3. This was 
largely because of the difficulty in modelling in situ conditions for this application using 
concrete and composite adherends. It was felt that using bulk specimens would allow an 
indication of the likely behaviour of the adhesive itself when subjected to sustained 
loading to be obtained. The beam tests described later were used to directly demonstrate 
in situ behaviour on overall response.
7.5.3.1 Test details
Tensile dumb-bell specimens of the Sikadur 31 PBA epoxy adhesive identical to those
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used in the programme of characterisation testing described in Chapter 3 and shown in 
Figure 3 .8 on page 64 were used to study the response of the material when held under a 
sustained constant tensile load. Each specimen was placed in an Instron 6025 testing 
frame and extended at 0.1 mm/min., the same rate as used previously, until the 
prescribed load level was reached, at which point the crosshead was placed in hold. 
Constant load was maintained on the specimen through self-adjustment of the crosshead 
to compensate for extension of the sample. The load was sustained for either a maximum 
of three days or until the specimen failed. A period of three days was used because of 
limitations on the time for which the testing frame could be continuously used. The tests 
can therefore be thought of as relatively short-term, although sufficient to indicate 
primary and initial secondary creep response. Specimens which remained intact after the 
period of three days were tested directly to failure at room temperature to determine their 
residual behaviour.
Since the creep response of polymeric materials is temperature-dependent, tests at 
various load levels were carried out at room temperature (20 ± 2 °C) and also at set 
elevated temperatures of 30 °C and 35 °C within a controlled temperature cabinet. The 
results are presented below.
7.5.3.2 Test results
At room temperature, two specimens were tested at each of two different sustained load 
levels of 60% and 70% of the tensile strength of the adhesive. Consistent results were 
obtained at each stress level; typical graphs are shown in Figure 7.6.
Time (hours)
Figure 7.6 Effect of applied stress level on adhesive creep response at room 
temperature.
At 30 °C, two specimens were tested at 50% of the tensile strength of the adhesive 
determined at room temperature and one specimen at 60%. The curve obtained at 60% 
and one at 50% are shown in Figure 7.7.
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Figure 7.7 Effect of applied stress level on adhesive creep response at 30 °C.
One adhesive sample was also tested at 35 °C under a constant applied load of 60% of 
the tensile strength of the adhesive at room temperature. The resulting curve is shown in 
Figure 7.8.
Time (hoars)
Figure 7.8 Adhesive creep response at 35 °C, under a constant stress of 60%.
The results of all the adhesive specimens tested under sustained constant load are also 
summarised in tabular form in Table 7.1, where R.T. denotes room temperature. The 
proportion of the total strain recorded in each case whilst the specimen was being held 
under constant load are given in the fifth column of the Table. Where more than one 
specimen was tested under the same conditions, average values are given as well as the 
range about that average to indicate the consistency of the results.
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Table 7.1 Effect of temperature and stress level on adhesive creep response.
Test conditions Initial strain on Total strain at Creep strain Proportion of total
loading QiS) end of test QoS) (MS) strain due to creep (%)
R.T./60% 1785 ±1.1% 2679 ± 2.1% 894 ±4.0% 33.4
R.T./70% 2209 ± 0.8% 3579 ±0.8% 1370 ±0.8% 38.3
30 °C/5 0% 1600 ±1.9% 9479 ±9.9% 7880 ±12.2% 83.1
30 °C/60% 2103 13,637 11,534 84.6
35 °C/60% 2402 45,777 44,054 96.2
7.5.3.3 Discussion of test results
The curves obtained from testing at room temperature, Figure 7.6, clearly demonstrate 
primary and secondary creep behaviours; after the initial extension on loading to the 
required level, the rate of extension under constant load was initially high, but decreased 
as the duration under load increased. For the duration of testing considered, none of the 
specimens failed under constant load, and all specimens were still extending when the 
tests were halted.
When the temperature at which the test was conducted was increased to 30 °C, Figure 
7.7, the same form of response was obtained as at room temperature, the specimens 
exhibiting an initially high rate of extension under constant load, which then continually 
decreased as the duration under load increased. This behaviour was true for both load 
levels studied. However, whilst both specimens tested at 50% continued to extend 
throughout the duration of the test and remained intact up to the point at which the test 
was halted, when the applied stress level was increased to 60%, the specimen failed in 
tension before 50 hours under constant load was reached. No tertiary creep prior to 
fracture was exhibited by the specimen.
When the temperature was increased further to 35 cC, it can be seen from Figure 7.8 that 
the response to a constant load of 60% of the tensile strength of the material was 
considerably different to those obtained at lower temperatures. After the strain produced 
by loading to the required stress level of 60%, the rate of extension was initially low, 
then increased with time. This is the opposite to the behaviour demonstrated at lower 
temperatures, when the creep strain rate fell with time after an initial high value. The 
strain rate at 35 °C was observed to increase up to about 1.5 hours, at which point it 
began to decrease before failure occurred in tension after just over 2.5 hours. This form 
of response is typical of idealised secondary and tertiary creep leading to brittle fracture 
as shown in Figure 7.3 on page 229, without the primary creep region being shown. It is 
possible that, at this elevated temperature, a degree of primary creep occurred during 
loading of the specimen to the required level of 60%; since the rate of extension of the 
specimen was constant at 0.1 mm/min. during this loading phase and the adhesive is
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known to yield at a lower point as the temperature is increased, a longer period was taken 
to reach the required load level before the crosshead was placed in hold. A second 
specimen was tested in the same way and exhibited the same initial concave form of 
response before failing at a strain of some 25,000 jliS due to the presence of a small air 
void, approximately 0.5 mm in diameter in the gauge length.
The effects of varying the constant applied load level for a given ambient temperature 
are demonstrated by Figure 7.6 at room temperature and Figure 7.7 at 30 °C. As the 
stress level is increased, so the initial strain on loading also increases, as would be 
expected. It can be seen that in both cases at the higher applied stress level, both the 
primary and secondary creep rates were higher, resulting in creep strains which were 
higher in value than those of the lower stress levels, and which accounted for a greater 
proportion of the total strain obtained, as shown in Table 7.1. Consideration of Figure 7.7 
suggests that this dependency of the creep response on the applied load level is more 
pronounced as the temperature is increased. Increases in the magnitude of creep at 
increased stress levels and also above normal operating temperatures have been noted by 
Adams and Wake, 1984.
It should be noted that the stress levels used in this investigation were proportions of the 
adhesive tensile strength at room temperature. At elevated temperatures, the strength of 
the adhesive has been shown to decrease, as shown in Table 3.6 on page 67, and 
consequently, when the constant load tests were carried out at these increased 
temperatures, the specimens were actually maintained at stresses which represented a 
greater proportion of their ultimate strength than if  the tests had been performed at room 
temperature.
The effect on the creep response of varying the temperature at which the test was 
conducted at a constant load level of 60% of the adhesive tensile strength is shown in 
Figure 7.9. The time range considered in the Figure is that within which the specimen 
tested at 35 °C failed; the tests at room temperature and 30 °C continue beyond this 
range.
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Figure 7.9 Effect of temperature on adhesive creep response at a constant applied 
stress level of 60% (detail shown).
The differences in the form of the behaviours can clearly be seen in Figure 7.9. The 
initial strain produced on loading to the required level increased as the temperature 
increased. After the initial loading stages, the creep strain rates at 30 °C and especially at 
room temperature were very much lower than that observed at 35 °C. As shown in Table
7.1 on page 242, the total strain observed in the tests increased from 2679 pS at room 
temperature, the two specimens tested under these conditions remaining intact 
throughout the test duration, through 13,637 pS at 30 °C, to over 45,000 pS, an extension 
of 4.5%, at 35 °C, both specimens tested at elevated temperatures failing before the test 
duration of three days was completed. As a result of the increase in creep strain rate with 
temperature, the values of creep strain obtained and the proportion of total strain due to 
creep also increased with temperature as shown in Table 7.1, from about one third of the 
total strain at room temperature up to 96%, virtually all of the total strain, at 35 °C.
As described earlier in Chapter 3, increasing the temperature up to 35 °C was found to 
have a significant, but not dramatic effect on the basic tensile properties of the adhesive 
when tested directly to failure; it was found that both the yield stress and tensile strength 
of the adhesive were reduced as the temperature increased, although the initial elastic 
modulus appeared little affected until 40 °C was reached, at which point stiffness and 
strength were a fraction of the values obtained at room temperature. The creep response 
of the adhesive appears to be even more sensitive to temperature than the tensile 
properties derived by testing directly to failure, since a dramatic deterioration in creep 
resistance has been observed at temperatures even further below the heat distortion 
temperature (HDT) of the material, taken as 43 °C. These results differ somewhat from 
those of Mays, 1990 who, in creep testing using steel double-lap joints bonded with 
Sikadur 31 PBA, found that there was only a small reduction in performance as the
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At 30 °C, specimens tested directly to failure at a rate of 0.1 mm/min. reached an average 
ultimate strain of 5002 pS, as shown in Table 3 .6 on page 67, whilst at 35 °C, the average 
strain to failure of the adhesive was found to be 4712 pS. It can be seen from Figure 7.7 
and Figure 7.8 on page 241 that when maintained under constant load, identical 
specimens tested at the same temperatures exceeded these failure strains by a 
considerable amount, as quantified by the figures in the third column of Table 7.1 on 
page 242; for example, at 30 °C, the specimens at 50% reached an average total strain at 
the end of the test period of almost 9500 pS, and at 60% applied stress, a total strain of 
over 13,600 pS, an extension of over 1% was recorded before failure of the specimen 
occurred. These high strains in comparison to those attained when tested directly to 
failure demonstrate the dependence of the adhesive behaviour on the rate at which load is 
applied, and indicate that the ductility of the material before failure increases 
considerably if the applied tensile load varies little.
For the specimens which remained intact over the period of testing, the secondary creep 
phase of the response can be extended by fitting a power curve to the data obtained in the 
tests, allowing prediction of the creep response beyond the test duration. This implies 
that tertiary creep and fracture do not occur within the period of extrapolation, and that 
the creep process will continue to obey the same expression as existed in the early stages 
of the response. Such a prediction method should yield a confident extrapolated value up 
to twice the test duration (Hollaway, 1993a). The test data shown in Figure 7.6 on page 
240 are repeated in Figure 7.10 with the predicted responses up to two times the test 
duration included; the expressions describing this extrapolation are also given.
temperature was increased from 20 °C to 40 °C.
Time (hours)
Figure 7.10 Extrapolation of test data at room temperature to twice the test duration.
It can be seen that for a given duration in hours, x, the specimen strain obtained, y, is 
always greater at the higher level of applied stress, as would be expected. Although it has
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been shown that the strain to failure of specimens held under constant load bears little 
resemblance to the values obtained when specimens are loaded directly to failure, 
especially at high temperatures, a convenient point to continue the extrapolation is up to 
this value which, at room temperature was found to be 5140 pS, as reported in Section
3.3.5 on page 62. If the extrapolation shown above is assumed to be valid, then at a 
constant stress of 60% of the tensile strength of the adhesive, it would take over four 
years for the failure strain to be reached based on the short-term results, whereas when 
the applied stress is increased to 70%, this time period is reduced to a little over one 
month. The significance of the stress to which the adhesive is exposed for sustained 
periods is therefore clear with regard to creep response.
The specimens which remained intact up to the end of the test period were then tested 
directly to failure at room temperature to obtain their residual behaviour after undergoing 
creep; this could then be compared to control specimens tested in the same way which 
had not been exposed to constant loading prior to testing. The specimens which remained 
intact were those tested at room temperature and at 30 °C, 50% applied stress. The results 
of such a comparison are shown in Figure 7.11, one curve being shown for each test 
condition considered. The results of all cases are summarised in Table 7.2. 
Unfortunately, one of the specimens tested at room temperature and 60% was broken on 
removal from the load frame, and therefore only one result was possible for this case.
Response without sustained 
loading
R.T./60%
R.T./704/.
30 oC/50%
0 1000 2000 3000 4000 5000 6000
Longitudinal strain (microstrain)
Figure 7.11 Residual responses of adhesive specimens after creep testing.
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Table 7.2 .Comparison of adhesive tensile properties with and without exposure to 
sustained load.
Test conditions Initial tensile modulus Tensile strength Ultimate tensile
of elasticity (N/mm2) (N/mm2) strain (|iS)
No sustained loading 7.85 x 103 ± 3.1% 26.78 ± 2.9% 5140 ±12.5%
R.T/60% 9.11 x 103 27.64 3723
R.T/70% 8.59 x l0 3± 0.0% 28.58 ± 3.5% 4655 ± 12.1%
30 °C/50% 8.06 x 103± 4.3% 29.54 ±2.2% 4869 ±12.2%
Although insufficient specimens were tested to draw definite conclusions, the following 
patterns seemed to be apparent. All specimens which had undergone creep testing 
exhibited an initial stiffness which was higher than that of control specimens which had 
not been exposed to sustained loading, as shown by the average values in Table 7.2. The 
amount of this increase appeared to decrease as either the stress level or the temperature 
conditions were increased, i.e. as the amount of creep experienced prior to testing 
increased. The yield stress of the material, the point at which non-linear behaviour 
commenced, appeared to occur at a higher stress level after the specimen had been 
exposed to constant loading. This also seemed to be true of the strength of the material, 
which appeared to increase with the amount of creep experienced prior to testing, the 
highest value obtained being that of specimens which had been exposed to 30 °C and 
50% applied stress conditions, which were 10% above the control strength. These 
observations seem to suggest that, to some extent, exposing the adhesive to a constant 
load prior to testing produces a slight work-hardening effect Although the variations in 
the strain to failure values obtained were relatively large, as shown in Table 7.2, the trend 
in the results seems to suggest that the ductility to failure was reduced by creep testing, 
indicating embrittlement of the specimens.
7*5.4 CFRP creep testing
7.5.4.1 Test details
Six specimens of the unidirectional pultruded carbon fibre/vinylester composite 
described in Section 3.3.3 on page 55 and used for all 2.3 m length beam strengthening 
were analysed under a sustained constant load equivalent to 30% of the ultimate strain of 
the material. The dimensions of the samples were the same as those used to initially 
characterise the FRP materials, namely 250 mm long by 25 mm wide, with aluminium 
tabs bonded to both sides at each end, as shown in Figure 3.5 on page 56. Since any 
possible creep of the material in the fibre direction was of greatest significance to the 
application for which the material was being used, each specimen was instrumented with 
ER strain gauges bonded longitudinally (i.e. in the fibre direction) on both faces of the 
material. Three coupons were tested at ambient room temperature, whilst an additional
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three were maintained under load at an elevated temperature to accelerate any 
viscoelastic behaviour. A fan assisted heat cabinet was used for this purpose, with the 
temperature, monitored by a thermocouple, maintained at 60 °C. Special load frames 
capable of carrying three specimens each in pairs of jaws were used, with the load on 
each specimen being applied by means of a nut on a threaded studding and a thrust race 
bearing onto a 50 kN load cell. The load cells to be used in the temperature cabinet were 
calibrated at 60 °C. Disc springs stacked in series were used between the load cells and 
jaws holding the coupons so that any increases in extension of the specimens would not 
cause large decreases in the applied load. This allowed the tests to be carried out as a 
creep examination under the assumption of constant stress rather than as a stress 
relaxation analysis. The load applied to the specimens was periodically checked to 
ensure constant stress conditions were being maintained. Both sets of tests at room and 
elevated temperatures were continued for 21 days since this was felt to be adequate for 
revealing any likely creep behaviour. After this test duration, each specimen was tested 
directly to failure in the maimer described in Section 3.3.3 on page 55 to ascertain any 
changes in mechanical properties brought about by exposure to sustained load.
7.S.4.2 Test results
The results of the creep tests at room temperature are shown in Figure 7.12, while those 
at 60 °C are shown in Figure 7.13, both cases being presented as graphs of variation in 
longitudinal strain with time for each of the specimens tested.
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Figure 7.12 Variation of longitudinal strain with time of unidirectional pultruded CFRP 
at room temperature.
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Figure 7.13 Variation of longitudinal strain with time of unidirectional pultruded CFRP 
at 60 °C.
7.S.4.3 Discussion of test results
It can be seen that at room temperature, Figure 7.12, after very slight initial increases 
there was virtually no variation in strain throughout the remainder of the test duration. 
For the specimens subjected to sustained load and elevated temperature, Figure 7.13, it 
was found that for all specimens, there was an initial slight decrease in the longitudinal 
strain recorded, also reflected in slight reductions in applied load, after which the 
responses for two of the three specimens remained approximately constant for the 
remainder of the test duration. The third specimen showed a decrease in strain of around 
10% during the test. This decrease was reflected in the load applied to the coupon which 
was also seen to decrease slightly with time in the temperature cabinet. It was decided 
not to adjust the load back up to the exact level required for this specimen since this 
would involve opening the temperature cabinet for a certain length of time, possibly 
affecting the responses obtained for the other specimens. This strain reduction could be a 
result of stress relaxation in the specimen, which would result in the load recorded 
reducing to some extent. However, this behaviour was not exhibited by the other two 
specimens except in the initial region of the response. It was therefore concluded from 
this limited number of tests that, in agreement with the literature (for example, Philips, 
1989), the creep strain of the unidirectional CFRP was, for practical purposes, negligible 
even at temperatures in excess of those anticipated in service and would not be of major 
concern for the strengthening application proposed in this project.
Tests to failure after exposure to sustained load enabled values of modulus of elasticity, 
maximum load carried and failure strain to be obtained for each specimen. These could 
then be compared to those derived from direct testing of specimens of the material for 
characterisation purposes, as described in Section 3.3.3 on page 55. The comparison of 
such values is summarised in Table 7.3, the average and associated range being given in
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Table 7.3 Comparison of CFRP tensile properties with and without exposure to 
sustained load.
each case. Typical responses derived from testing are shown in Figure 7.14.
Load history Modulus o f  elasticity Ultimate tensile Tensile strength
(N/mm2) strain (pS) (N/mm2)
No sustained loading 135.0 x 103 ± 3.7% 7540 ±2.0% 1226 ±4.0%
Creep. R.T. 127.8 x 103 ± 22% 6678 ± 4.8% 1192 ± 1.4%
Creep. 60°C 130.6 x l0 3 ± 1.0% 7434 ±5.5% 1232 ±6.0%
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Figure 7.14 Residual responses of CFRP specimens after creep testing.
It can be seen that the specimens which had undergone creep had a slightly lower 
modulus of elasticity than those which had not. The coupon strengths, however, 
remained approximately the same within experimental variation, although those samples 
maintained under load at room temperature appeared to have slightly lower strengths. 
The same trend was followed by the ultimate strain values, the point at which splitting of 
the laminate or rupture of groups of fibres prevented any further strain readings from 
being taken. The slight reductions in strength and failure strain of the specimens 
maintained under load at room temperature were thought to be a consequence of sample 
variation and not a result of exposure to sustained load, since the same characteristics 
were not demonstrated by the set of specimens maintained under load at elevated 
temperature, in effect an accelerated creep environment more likely to reveal any 
shortcomings of the material behaviour. It was therefore concluded from these results 
that exposure to constant load had negligible effect on the mechanical properties of the 
pultruded unidirectional CFRP used for beam strengthening.
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Whilst separate testing of the individual components of the proposed strengthening 
system can provide useful data indicative of likely behaviour, the most direct and 
unambiguous method of demonstrating long-term performance under sustained loading 
is to use the materials in their intended configuration, impose loads of a similar level to 
those likely to be experienced under service conditions and monitor the deflection and 
strain responses obtained.
A series of four 2.3 m length beams, denoted as Crl to Cr4, was therefore used to 
investigate the effects of exposure to sustained loading on the behaviour of RC beams 
externally strengthened in flexure with CFRP laminates.
7.5.5.1 Test details
It has been noted from the literature that creep is, for practical purposes, an infinite 
process. Consequently, a relatively short-term test duration had to be used which would 
produce results indicative of long-term behaviour. A duration of 28 days was chosen for 
each test for several reasons. It was estimated that within this time, based on the 
literature, around one-third of the 20 year creep of the concrete would occur (Troxell et 
al, 1958), a significant amount. This time scale was also convenient within the time 
constraints of this project. In addition, expressions have been proposed (Brooks and 
Neville, 1978) relating the creep of concrete at a given time to that occurring after 28 
days.
The dimensions and reinforcing configuration of the 2.3 m length beams used in all 
testing has been given in Figure 3.4 on page 54. The material properties of the concrete 
and reinforcing steel of which the beams were manufactured have also been given in 
Chapter 3. Details of the test parameters used in the sustained load study are given in 
Table 7.4. Initially, an unplated beam, Crl, was tested under sustained serviceability load 
to demonstrate the magnitude of creep behaviour of an unstrengthened specimen, and 
thus indicate the likely contribution of the concrete creep to the overall behaviour of an 
identical strengthened beam under sustained load. It also serves as a control to which the 
plated beam results can be compared to indicate the effects of FRP plating with regards 
to creep. After the unplated beam test had been completed, the behaviour of three 
strengthened specimens was examined, all reinforced with the same size of pultruded 
carbon fibre/vinylester plate, 90 x 1.3 x 2020 mm. This plate size was the same as that 
used in the direct tests to failure detailed in Chapter 4. In each case, a 2.0 mm thickness 
of Sikadur 31 PBA epoxy adhesive was used to bond the external plate. The first beam, 
Cr2, was strengthened with the plate ends unanchored, while the second specimen, Cr3, 
had the plate ends anchored with bolted endplates of the dimensions shown in Figure 
4.38 on page 143. These beams were used to demonstrate the behaviour of a CFRP
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plated beam under the action of a sustained load in the presence or absence of plate end 
anchorages. The final beam, Cr4, was reinforced with a pultruded CFRP plate pre- 
tensioned to 39.3% of the ultimate strain of the material prior to bonding to the beam. 
The procedures for incorporating a pre-tensioned plate have been described in Chapter 5.
Table 7.4 2.3 m length beam sustained load investigation; test parameters.
Beam Plate size 
(mm)
Plate details Sustained load 
level (kN)
Crl (unplated) - - 40.4
Cr2 90x1.3 x 2020 Unanchored 45.6
Cr3 90x1.3x2020 80 mm bolts through plate; 45.6
endplate 90 x 6 x 40 mm
Cr4 90x1.3x2020 Plate pre-tensioned to 39.3% 45.6
The load level at which each of the beams was maintained for the test duration of 28 days 
is also given in Table 7.4. These loads correspond to the limit of serviceability in each 
case under the loading configuration shown in Figure 3.13 on page 73.
Each of the CFRP plated beams was prepared in the usual way as described in Chapter 3 
and instrumented as shown in Figure 3.13 on page 73, with ER strain gauges on the 
compression face of the concrete and the underside of the CFRP plate, and demec pips 
over a 406 mm gauge length regularly spaced about the central section of the beam. A 
thermocouple was also attached to the beam to monitor its surface temperature 
throughout the test. Load applied to the beam was registered with a 50 kN load cell, and 
deflection at the beam centre was recorded with a linear potentiometer. For the majority 
of the test duration, data was logged automatically every one hour, although this was 
reduced to every 15 minutes over the initial 12 hours of the test. Demec readings were 
taken periodically throughout the test, and the beam was examined regularly to observe 
any crack propagation with time.
Plate 7.1 on page 277 illustrates the sustained load test set-up. Each beam was located 
into a reaction frame and loaded by means of a hydraulic ram controlled with an electric 
pump. Initially, each beam was loaded to its sustained load level, then the load was 
removed to ascertain the cracking load, the inelastic behaviour and residual deflection 
and strains resulting from load removal. The load was then increased again to the 
required service level and the test commenced. Initially, the electric pump was kept 
running to maintain a constant load. However, this approach was not possible for the 
entire test duration and consequently a procedure whereby constant deflection struts 
were used to maintain the load on the beam with the hydraulic ram withdrawn was 
adopted. With the hydraulic pump switched on, the load applied through the ram was 
adjusted to the required level, then the struts were extended by means of threaded inserts
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until they just started to relieve the ram of load. The electric pump was then switched off, 
causing the ram to withdraw, all the load then being supported by the two struts. This 
procedure, recognised as not being ideal, was performed three times daily throughout the 
remainder of the test duration and resulted in a rather sawtooth response, with the 
deflection and strains increasing each time the ram was used to check the load level. 
However, it was found that the magnitude and trend of the creep behaviour of the beams 
was obvious from the responses obtained.
After the test duration had been completed, the load was reduced to zero and the beam 
was allowed to recover for a short period of 24 hours. This allowed the immediate elastic 
recovery of deflection and strain to be deduced. Unfortunately, it was not possible within 
the time constraints of the project to monitor the creep recovery of each beam with time 
for a longer period. However, it was found that after 24 hours, the rate of deflection and 
strain recovery had reduced to almost negligible levels, indicating the residual 
conditions. Each beam was then loaded statically to failure to obtain the residual strength 
after exposure to sustained load. The static response to failure was compared to that of an 
identical beam which had been directly loaded to failure to assess the effects of sustained 
loading on overall behaviour.
The characteristics of the four 2.3 m length beams under sustained load is first 
considered, before the results of the tests to failure after this period are presented.
7.5.S.2 Sustained load test results and discussion
The results of each sustained load test are presented as variations of deflection and strain 
against time. The deflection response for all four beams over the test duration and 
including the 24 hour recovery period are shown in Figure 7.15, with the characteristics 
of the responses summarised in Table 7.5, for which the following definitions apply. The 
initial deformation is that due to the application of the load up to the required level, the 
plot starting as the load is maintained constant. The creep deformation is the additional 
deflection observed during the 28-day test period; the initial and creep deformations 
define the total deformation observed, The elastic recovery represents the amount of 
deflection instantaneously recovered on load removal at the end of the test. The amount 
of additional recovery then observed over the following 24 hours is termed the creep 
recovery, with the deflection remaining after this period defined as the permanent 
deformation, despite the fact that some further recovery with time may have occurred.
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Time under sustained loud (days)
Beam Crl (unplated)
Beam Cr2 (plated, unanchored) 
Beam Cr3 (plated, anchored) 
Beam Cr4 (prestressed)
Figure 7.15 Comparison of deflection variations with time for beams held under 
constant load.
Table 7.5 Deflection properties of beams held under constant load.
Beam Initial Creep Total deformation Elastic Creep Permanent
deformation deformation @  28 days recovery recovery deformation
(mm) (mm) ^  (mm) (mm) (mm) (mm)
Crl (unplated) 5.29 2.62 7.91 4.96 0.22 2.73
Cr2 4.86 2.32 7.18 6.14 0.28 0.76
Cr3 5.01 2.63 7.64 6.51 0.29 0.84
Cr4 4.09 1.82 5.91 4.83 0.26 0.82
It can be seen from Figure 7.15 that in all cases, the central deflection of the beam 
continued to increase throughout the test duration of 28 days, but in general at a 
decreasing rate after an initially high rate of increase within the first few days under load. 
The unplated beam Crl was found to continue deflecting at a high rate for a longer 
period than the strengthened beams, up to about one week.
Not surprisingly, the unplated beam Crl experienced the largest initial deflection on 
application of load, despite being loaded to a lower level of 40.4 kN than the 
strengthened beams. This reflects the lower second moment of area and flexural rigidity 
of the unplated section. During the test duration, the deflection of the unplated beam Crl 
increased by 2.62 mm to give a total deflection value A* after 28 days of 7.91 mm; the 
creep deformation therefore accounted for 33% of On removal of the load from the 
unplated beam, an elastic recovery of 4.96 mm was observed, 63% of During the 
following 24 hours, a further 0.22 mm was recovered, around 3% of At, to give a 
permanent deflection value of 2.73 mm, 35% of the total deflection after 28 days. This 
permanent deflection can be compared to the residual value of 1.0 mm which was
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recorded after loading and unloading the beam up to its serviceability load before 
commencing the constant load test, showing the extent to which exposure to sustained 
load affects the unloaded deformation.
For the two beams strengthened with a non-prestressed CFRP plate, Cr2 and Cr3, it can 
be seen from Table 7.5 that the initial deformations on loading were slightly lower than 
the unplated beam Crl, despite the increased load level of 45.6 kN. It has been shown in 
previous testing reported earlier that the main effect of plate end anchorage in this 
application is to delay the occurrence of failure. Since both beams were strengthened 
with the same size of CFRP plate, their behaviours on loading should have been similar, 
and indeed, the initial deformations were within 3% of each other. Unanchored beam Cr2 
produced 2.32 mm of additional deflection during the 28-day period, whereas beam Cr3, 
with the plate ends anchored, gave a slightly higher value of 2.63 mm. These figures 
represent 32% and 34% respectively of \  after 28 days, almost identical to that produced 
by the unplated beam Crl. On removal of the load, the instantaneous recovery of beam 
Cr2 amounted to 6.14 mm, while that of anchored beam Cr3 was 6.51 mm, both values 
representing 85% of A* at 28 days, substantially higher than the 63% recorded for the 
unplated beam Crl. In the 24 hours following load removal, the additional recovery for 
both non-prestressed cases was around 0.28 mm, 4% of A* for both beams, similar to the 
value obtained for the unplated beam Crl. As a result of the larger elastic recovery 
values of beams Cr2 and Cr3, the permanent deformations were much smaller, at less 
than 1.0 mm, than for the unplated case, and almost identical to the residual deflection 
found after the initial load cycle before application of sustained load. The permanent 
deformation represented 11% of A* for both non-prestressed beams Cr2 and Cr3, 
compared to the 30% obtained for the unplated beam.
When the external CFRP plate was pre-tensioned to 39.3% of its ultimate strain prior to 
bonding to the 2.3 m length RC beam, the initial deformation when loaded to the 
serviceability limit was considerably lower than when the plate was non-prestressed, at 
4.09 mm, the load level being the same in all strengthened cases. This reflects the 
increased flexural rigidity induced by prestressing, as demonstrated in Chapter 5. As 
shown in Table 7.5, the amount of additional deflection obtained whilst held under load 
was less than those of the non-prestressed beams Cr2 and Cr3 at 1.82 mm, although in 
terms of a proportion of At, 31% was a result of creep, which was a similar value to those 
obtained for the non-prestressed cases. On load removal, the instantaneous recovery of 
the prestressed beam Cr4 was 4.83 mm, 82% of At, again similar to the non-prestressed 
value of 85%. The creep recovery in the following 24 hours amounted to 0.26 mm, or 
4% of the total deformation after 28 days, similar to all previous beams tested, to give a 
permanent deflection of 0.82 mm, or 14% of Aj. The residual deflection which was 
produced by the initial load cycle before constant loading was around 0.5 mm.
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It can be seen from Table 7.5 on page 254 that for the unplated beam Crl, the elastic 
recovery on load removal was less than the initial deformation on load application. 
However, for the three strengthened beams, Cr2, Cr3 and Cr4, the elastic recoveries were 
greater than the initial deformations, with a proportion of the creep deformation also 
recovered. This indicates one of the benefits of external plating with regards recovery 
after load removal. In all four cases, the creep recoveries over the 24 hours following 
load removal were considerably less than the creep deformations which occurred over 
the 28-day loading periods.
The existence of permanent deformations at the end of each test greater than the residual 
deflections obtained after the initial load cycle to the required load level demonstrate that 
the creep of concrete is an irreversible process. The difference between these values, 
however, proved to be much greater for the unplated beam Crl than the strengthened 
cases.
In summary, it can therefore be seen that the creep deflections experienced by all four 
beams amounted to about one-third of the total deflection accumulated over 28 days, 
regardless of whether the beam was strengthened or not. The immediate recovery values 
on load removal were similar for the three strengthened beams at over 80% of the 28-day 
deflection, well above the 63% obtained when unplated. The recovery values of 
deflection in the 24 hours following load removal were all low, although the 
strengthened beams gave slightly greater recoveries, again demonstrating a potential 
benefit of the plating system. As a result of the larger elastic recoveries on load removal, 
the permanent deflections of the strengthened beams were substantially lower than that 
of the unplated beam, demonstrating the maintenance of flexural rigidity of the plated 
system under sustained load. Despite a slightly lower creep deflection, the elastic 
recovery of the prestressed beam Cr4 was slightly lower than the other two strengthened 
cases, resulting in a permanent deflection which was slightly higher. Pre-tensioning the 
external plate prior to bonding therefore appears to have little effect on the overall 
behaviour of the strengthened system under sustained load.
The variation of total compressive strain measured at the centre of the four beams with 
time under sustained load, and including the 24 hour recovery period, is shown in Figure 
7.16; the characteristics are quantified in Table 7.6, where the same terms used in 
defining the deflection responses apply. In addition, the creep strains experienced during 
the 28-day period are given per unit stress, since the magnitude of creep may be assumed 
to be roughly proportional to the applied stress for the loading levels assumed (Neville, 
1981; Kong and Evans, 1987).
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Beam Crl (unplated)
Beam Cr2 (plated, unanchored) 
Beam Cr3 (plated, anchored) 
Beam Cr4 (prestressed)
Time under sustained load (days)
Figure 7.16 Comparison of compressive strain variations with time for beams held 
under constant load.
Table 7.6 Compressive strain properties of beams held under constant load.
Beam Initial strain 
(MS)
Creep strain Creep strain 
(p S ) (pS  per N /m m 2)
Total strain 
@  2 8  days 
s ', (MS)
Elastic
recovery
(MS)
Creep
recovery
(MS)
Permanent
strain
(MS)
C rl (unplated) 741 49 6 19.0 1237 720 36 481
Cr2 709 465 18.7 1174 9 6 9 48 157
Cr3 645 4 3 7 19.4 1082 880 43 159
Cr4 6 0 6 317 15.0 923 743 56 124
The serviceability load level, and thus the loads at which the beams were maintained, 
was taken as the theoretical applied load which would cause the compressive stress in the 
extreme Fibres of the concrete to reach 0 .5^ . For a cube strength of 45.0 N/mm2 and a 
modulus of elasticity in compression of 35 x 103 N/mm2, this represents a compressive 
strain of 643 pS, assuming the concrete is behaving elastically. It can be seen from the 
second column of Table 7.6 that the initial strains registered by the gauges at the centres 
of the four beams varied about this value from 741 pS for the unplated beam Crl, to 606 
pS for the prestressed case, which equates to a range of O.SSf^to 0.47^.
It can be seen that the behaviour of the compressive strains at the centre of each beam 
followed that of the deflection, with an initially high rate o f increase, gradually 
decreasing with time under constant load but giving a progressively increasing amount 
of creep strain. The unplated 2.3 m beam Crl gave the highest initial compressive strain 
on loading, reflecting its lower overall stiffness, and also the greatest increase in strain 
whilst under constant load, at 496 pS, a value which represented 40% of the accumulated 
total compressive strain after 28 days, e5t. The compressive strain recovered immediately
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on load removal was 720 jllS, or 58% of e?t; in the 24 hours following load removal, a 
further 36 pS was recovered, 3% of £% to give a permanent compressive strain of 481 
|0.S, 39% of £*+ The residual compressive strain which had been noted after the initial 
load cycle prior to constant load application had been around 50 pS.
For the two non-prestressed strengthened beams, the creep strains experienced while 
under load were 40% of the total strain e*t accumulated after 28 days, the same as that 
shown by the unplated beam. The elastic recovery on load removal amounted to 83% of 
ect for beam Cr2 and 81% for beam Cr3, substantially higher than the 58% obtained for 
the unplated beam. The creep recoveries in the 24 hours following load removal were 4% 
of £?t for both non-prestressed beams Cr2 and Cr3, slightly higher than that shown by the 
unplated beam Crl, to give permanent compressive strains of around 158 pS, or 13% of 
ect for Cr2 and 15% for Cr3, much lower than the value obtained for beam Crl. For both 
non-prestressed beams, the residual compressive strain which had been obtained on load 
cycling to the service load level prior to constant load application had been around 50 
pS.
The creep strain of the prestressed beam Cr4 was the lowest value, representing 34% of 
Ect, the total compressive strain after 28 days, lower than the 40% obtained for the non- 
prestressed and unplated beams tested previously. The elastic recovery was just over 
80% of £?t, in agreement with beams Cr2 and Cr3, but the creep recovery was slightly 
higher at 6% of e ,^ to give a final permanent compressive strain of 124 pS, or 13% of e .^ 
The residual compressive strain which had been measured during the initial load cycle 
was around 30 pS.
To summarise, the compressive creep strains experienced by beams Cr2 and Cr3, 
strengthened with a non-prestressed external plate were found to be the same as that of 
the unplated beam Crl. The increases in compressive strains experienced were, in all 
cases, higher than the increases in deflection over the 28-day period. For all three 
strengthened beams, recoveries of compressive strain on load removal amounted to just 
over 80% of the total compressive strain, well above the 58% shown by the unplated 
case. This was a similar situation to that shown by the deflection responses, 
demonstrating the benefits of external plating. The recoveries of compressive strain in 
the 24 hour period after load removal matched the proportions of the deflection 
recovered, with a slightly higher amount attained by the strengthened members. In 
addition, the permanent compressive strains reflected the permanent beam deflections, 
the three plated beams having considerably lower values at around 14% of the 28-day 
compressive strain, compared to 40% shown by the unplated beam. Beam Cr4, 
strengthened with a pre-tensioned plate, was found to have a lower compressive creep 
strain and a slightly higher creep recovery on load removal, indicating that such a system
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may be more influential on compressive creep strains than on overall deflection 
response.
The variation of longitudinal strain at the centre of the external CFRP plate with time 
under load is shown for the three strengthened 2.3 m beams in Figure 7.17, including the 
period of recovery following load removal. The characteristics of these curves are 
presented in Table 7.7. For beam Cr4, strengthened with a plate initially pre-tensioned to 
39.3% of the ultimate strain of the pultruded material, two values are given in each case, 
representing the total strain including the initial effective prestress, and the value 
disregarding the addition of the prestress.
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Figure 7.17 Comparison of strain variations at plate centre with time for beams held 
under constant load.
Table 7.7 Tensile strain properties at centre of beams held under constant load.
Beam Initial strain Creep strain Total strain Elastic recovery Creep recovery Permanent strain
(MS) (MS) @  2 8  days 
ep,(M S)
(MS) (MS) (MS)
Cr2 1239 595 1834 1707 55 72
Cr3 1263 641 1904 1767 37 100
Cr4 3638/901 4 5 0 4088/1351 1207 56 2 8 25 /88
It can be seen that, similar to the deflection and compressive strain variations with time, 
all three beams were found to produce the greatest increase in strain at the centre of the 
plate in the first few hours after application of the load; this was then followed by a 
gradual increase in strain with time over the test duration of 28 days. The variations 
obtained for the two beams strengthened with a non-prestressed CFRP plate, Cr2 and 
Cr3 were very similar. The initial strains induced by loading of these beams to their
m .. m
Beam Cr2 (plated, unanchored) 
Beam Cr3 (plated, anchored) 
Beam Cr4 (prestressed)
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constant level of 45.6 kN was 1239 pS for beam Cr2 and 1263 pS for beam Cr3, values 
which represent around 17% of the ultimate strain of the pultruded CFRP material, e^. 
During the period of sustained loading, the strain increased by 595 pS for beam Cr2 and 
641 pS for beam Cr3 to give total strains at 28 days, £P„ of around 25% of the ultimate 
strain of the material, the increases under constant load accounting for 32% and 34% of 
ePt for beams Cr2 and Cr3 respectively. On removal of the applied load, both beams 
instantaneously recovered 93% of the accumulated strain while, in the following 24 
hours, beam Cr2 recovered a further 3% of ePt and beam Cr3 2%, to give permanent 
longitudinal tensile strains at the centres of the plates amounting to about 4% of the total 
strain at 28 days.
For the prestressed beam Cr4, loading to the serviceability limit increased the total 
tensile strain at the centre of the plate to 3638 pS, or 48% of the ultimate strain of the 
material, e^. After 28 days under constant load, this had increased by 450 pS to 4088 pS, 
or 54% of Epo. The increase in strain over the test duration thus represented 11% of the 
total strain in the plate, or 33% if the effective prestressing strain is ignored. On load 
removal, the instantaneous recovery was 1207 pS, 89% of the strain accumulated up to 
28 days due to loading. The recovery in the 24 hours following load removal amounted 
to 56 pS, 4% disregarding the prestressing strain, to give a permanent strain of 2825 pS, 
3% above the strain level at the start of the test before load application, and amounting to 
37.5% of the ultimate strain of the material.
It can be seen from Figure 7.17 that although the plate strains appear to still be increasing 
slightly at the end of the 28-day duration for the two non-prestressed beams Cr2 and Cr3, 
the total strain at the centre of the plate for prestiessed beam Cr4 appears to have reached 
an equilibrium state, with no increase being shown over the last week of the test
In summary, the increase in maximum plate strain over the 28-day tests amounted to one- 
third of the total tensile strain, almost identical to the increases in beam deflection over 
that period and slightly less than the increases in compressive strain. The instantaneous 
recoveries of strain following load removal were high at over 90% of the total tensile 
strain accumulated over 28 days, higher than the proportional recoveries of deflection or 
compressive strain. The recoveries of strain over the 24 hours following load removal 
were of similar proportions to those of deflection and compressive strain, although, as a 
result of the higher elastic recoveries, the permanent tensile strains in the plates were low 
at around 4% of the 28-day value, less than the permanent deflections or compressive 
strains.
Under the action of sustained loading, the overall deflection and strain responses at the 
centres of the unanchored beam Cr2 and beam Cr3, for which the plate ends were 
anchored with bolts, were almost identical. Such an observation is perhaps not surprising
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given that both beams were externally strengthened with a plate of the same material and 
dimensions, and that the inclusion of anchorages has been shown to really only affect the 
ultimate behaviour of plated beams.
In addition to the tensile strains at the centre of the plated beams, the variations in 
longitudinal strain with time at the other gauge positions along the external plate, as 
shown in Figure 3 .13 on page 73, were also monitored, the results of which are shown in 
Figure 7.18 for the plated, anchored beam Cr3 and in Figure 7.19 for the prestressed 
case, beam Cr4. In both cases, one half of the beam only is shown, and the recovery 
period following load removal has been omitted for clarity.
End
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Load point 
Centre
Time under sustained load (days)
Figure 7.18 Variation of longitudinal strain with time at gauge positions for beam Cr3.
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Figure 7.19 Variation of longitudinal strain with time at gauge positions for beam Cr4.
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It can be seen that for beam Cr3, the same general pattern was exhibited at each gauge 
position, with an initial increase in the first few hours following load application, then a 
further gradual increase over the remainder of the test duration. Although these increases 
became progressively less pronounced further down the shear spans towards the plate 
ends, it is shown that strain variations with time occur throughout the plate, and are not 
limited to the central region. Table 7.8 shows the strain values at each gauge location 
throughout the plate at the start of the period of sustained load and after 28 days of 
loading for the non-prestressed beams Cr2 and Cr3; the increases experienced as a 
proportion of the initial strain are also given. The same classification is repeated for 
prestressed beam Cr4 in Table 7.9.
Table 7.8 Variations in strains at gauge locations for beams Cr2 and Cr3.
B eam  Cr2 Beam  Cr3
G auge Initial strain Strain @ Increase Initial strain Strain @ Increase
position (pS) 28  days (pS) (MS) 28  days (pS)
End 24 35 46% 52 113 119%
Shear span 1 116 2 60 124% 134 287 114%
Shear span 2 269 569 112% 427 768 80%
Shear span 3 915 1482 62% 830 1393 68%
Load point 1144 1759 54% 1195 1804 51%
Centre 1239 1834 48% 1263 1904 51%
Load poin t 1185 1748 48% 1244 1896 52%
Shear span 3 753 1270 69% 843 1360 61%
Shear span 2 298 569 91% 436 787 81%
Shear span 1 123 245 100% 136 291 114%
End 18 29 61% 71 133 87%
Table 7.9 Variations in strains at gauge locations for beam Cr4.
B eam C r4
G auge Initial strain Strain @ Increase
position (MS) 28  days (pS)
End 2269 2 1 3 0 -6%
Shear span 1 2803 2756 -2%
Shear span 2 2915 298 7 +3%
Shear span 3 3261 363 9 +12%
Load poin t 3678 4155 +13%
Centre 3638 4088 +12%
Load poin t 3 629 408 9 +13%
Shear span 3 3253 3657 +12%
Shear span 2 2909 2983 +3%
Shear span 1 2801 2788 -1%
End 2 320 2179 -6%
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Table 7.8 shows that for the non-prestressed beams Cr2 and Cr3, in general the increases 
of strain over the 28-day period as a proportion of that initially existing in the plate at the 
start of the test were found to be higher away from the central region of the beam. This 
suggests a redistribution of longitudinal strain outwards into the shear spans as the 
duration under load increased, to give a slightly more uniform strain profile along the 
plate length than obtained when loaded for short periods only. For beam Cr3, large 
increases in strain were observed at the gauges closest to the plate ends, reflecting the 
inclusion of anchorages for this beam, which allow the plate to be used more effectively 
over a greater proportion of its length; much lower increases were obtained at the plate 
ends of unanchored beam Cr2.
For beam Cr4, strengthened with a pre-tensioned plate, the situation was somewhat 
different. The total strains throughout the plate were much higher in this case as a result 
of the initial pre-tensioning. Whilst the total strains increased over the test duration by 
around 12% for the central region of the beam, from around midway along the shear 
spans the increases fell so that at the two gauges located in the final 150 mm of plate 
actually registered a reduction in strain in comparison to the value at the start of the test. 
This seems to suggest that, despite the anchorages at the plate ends, a redistribution of 
longitudinal strain towards the central region of the plate was taking place during the 
period of constant loading, the outer regions of the plate relaxing and therefore 
producing a less uniform strain profile along the plate length, the opposite effect to that 
shown when the plate was initially unstressed at bonding.
The distribution of longitudinal strain through the depth of the central section of each 
beam, and its variation with time under sustained loading was also periodically 
monitored using the demec pips bonded to the side of the beam. The results for the 
unplated beam Crl and the plated, unanchored beam Cr2 are shown in Figure 7.20.
It can be seen that under a constant bending moment, there was a significant increase in 
compressive and tensile strains throughout the depth of the central section during the test 
duration, in agreement with the deflection responses and the individual extreme fibre 
readings for the concrete and, for the strengthened cases, the external plate. For all cases, 
the greatest increases in strains occurred in the first week of sustained loading. Although 
it was difficult to discern for each case, there appeared to be a general slight increase in 
the neutral axis depth with time under load, indicating a measure of strain redistribution 
such as shown in Figure 7.1 on page 223. Using the extreme fibre compressive and 
tensile strains at the centre of the beam and assuming strain compatibility gives a neutral 
axis depth at 28 days of 90 mm for plated, unanchored beam Cr2, 83 mm for the 
anchored case Cr3 and 93 mm for the prestressed beam Cr4. These values compare with 
the experimentally measured depths from the demec readings of 100 mm, 92 mm and
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100 mm respectively, the agreement confirming the occurrence of beam behaviour and 
composite action.
(a) Beam Crl
■ 4 hours 
1 day
' 3 days
■ 7 days 
14 days 
28 days
(b) Beam Cr2
■ 4 hours 
1 day
■ 3 days
■ 7 days
14 days 
28 days
Figure 7.20 Increases in section strains with time for (a) unplated beam Crl, and (b) 
plated, unanchored beam Cr2.
The positions and heights of the cracks in the concrete were also monitored during each 
test. It was found that for all beams, the pattern of crack development was similar. On 
initial loading up to the serviceability limit, flexural cracks were formed in the constant 
moment region; these extended to about 100 mm from the compression face of the beam 
for the unplated case Crl and beams Cr2 and Cr3, strengthened with non-prestressed 
plates. Although slight increases in height of the order of a few millimetres were 
observed in the first 24 hours following load application, the height of these cracks 
remained largely static throughout the loaded period of 28 days, in agreement with the 
stable position of the neutral axis, as shown in Figure 7.20. Flexural/shear cracks were 
also formed on initial load application in the manner shown in Figure 4.3 on page 80, to 
approximately 300 mm outwards into the shear spans, acting towards the load points, 
their height decreasing along the shear spans. These cracks were observed to increase in 
height in the first 24 hours after load application by a greater amount than the cracks in
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the constant moment region, and additional diagonal cracks developed up to 500 mm 
along the shear spans. After the first 24 hours, all cracks appeared to be stable in height, 
with no additional extension discernible. Although it was not possible to record crack 
widths, the section strain measurements beneath the neutral axis, such as those shown 
Figure 7.20, indicate that these would have increased with time as the beam rotation 
increased.
The same pattern of crack development was observed for beam Cr4 strengthened with a 
pre-tensioned plate, although the height of the cracks formed and their longitudinal 
extent in the shear spans were reduced, reflecting the reduced beam rotation under the 
constant applied load.
If the removal of the constant load and the subsequent recovery period at the end of the 
28-day test is ignored for each case, then a best-fit curve can be matched to the data 
obtained, allowing extrapolation to greater durations under load. Such a process has been 
carried out using the deflection, compressive and tensile strain responses obtained during 
the 28-day period; the deflection case for beams Crl, Cr2 and Cr4 is shown in Figure 
7.21, including the equations describing the best-fit curves.
Time under sustained load (days)
Figure 7.21 Extrapolation of deflection responses for beams Crl, Cr2 and Cr4.
BS 8110, 1985 states that the final deflection of a structural RC member, including the 
effects of creep, should not exceed span/250, since beyond this, the deflection will be 
noticed by the users of the structure. For the 2.3 m length beams, with a free span of 
2100 mm, this equates to a final deflection of 8.4 mm. The time taken for each beam to 
reach this limit can be estimated using the equations given by the curve fit process, 
assuming that this relationship holds in the long-term. It should be noted that these 
predictions are only qualitative, useful as an example for highlighting the effects of 
external plating, pre-tensioned or otherwise, since the long-term prediction of creep 
behaviour is inherently inaccurate as a result of such factors as the increase in concrete
7.5. E x p erim en ta l w o rk 2 6 5
maturity, environmental conditions to which the member is exposed, in particular 
moisture movement, and the effects of shrinkage, since shrinkage tends to increase the 
magnitude of creep (Neville, 1981).
For the unplated beam Crl, it is predicted that a central deflection of 8.4 mm would be 
reached after a total of 77 days under constant serviceability limit loading, at which time 
the maximum compressive strain in the concrete would have increased to 0.0014. For the 
strengthened beams, the extrapolation curves shown in Figure 7.21 are shallower, 
especially for the prestressed case, beam Cr4. The deflection of 8.4 mm would be 
reached after 3 years when the basic member is strengthened with a non-prestressed 
CFRP plate of the dimensions considered, at which point the maximum compressive 
strain in the concrete would have increased to 0.0016 and the maximum tensile strain in 
the external plate to 2028 jlxS. The increase in deflection under constant load occurs at an 
even slower rate when the external plate is pre-tensioned at the time of bonding; it is 
estimated that it would take 69 years of continuous serviceability limit loading for beam 
Cr4, strengthened with a CFRP plate pre-tensioned to 39.3% of its ultimate strain, to 
reach a central deflection of 8.4 mm, at which point the maximum compressive strain in 
the concrete would still be only 0.0014 and the maximum tensile strain in the plate only 
4387 pS at the rate of increase observed in these relatively short-term tests. The benefits 
of external plating, especially when the plate is initially pre-tensioned, on the 
characteristics of behaviour under sustained loading can thus clearly be seen, the plate 
allowing the beam to retain its flexural rigidity. The results suggest that neither the 
maximum strain in the concrete or the external plate would increase to values 
approaching material failure for this level of applied loading, and that achievement of 
limiting deflection would govern ‘failure’ of the system.
From the extrapolation equations given in Figure 7.21 and the initial deformation values 
given in Table 7.5 on page 254, it can be predicted for the unplated beam Crl that after 
one year of sustained loading, the creep deflection would stand at 4.2 mm. By the same 
process, after 20 years this value would have increased to 6.71 mm. Consequently, 63% 
of the 20 year creep is estimated to occur in one year. Troxell et al., 1958 showed that 
between 64% and 83% of the 20 year creep occurs in one year. The extrapolation 
equation based on the 28-day results therefore tends to the lower limit of this range. It 
can be shown by the same procedure that the one year creep deflections for the 
strengthened beams Cr2, Cr3 and Cr4 amount to around 70% of the 20 year value.
From Table 7.6 on page 257, the experimental creep strain under unit stress for the 
unplated beam Crl after 28 days under constant load, c^, was found to be 19.0 pS. Using 
this value and the equation of Brooks and Neville, 1978, given in (7.1) on page 225, the 
basic creep which occurs after one year of continuous loading under conditions of no
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moisture movement, c^ , can be calculated to be 33.0 fiS. The best-fit curve for the 
unplated compression response over the 28-day test duration was found to be:
y = -  118.77 ln (x) -  850.07 (7.5)
where y represents the total compressive strain at the centre of the beam in microstrain, 
and x the time, in days, under sustained loading. Use of this equation predicts that after 
one year, the total compressive strain would have increased to 1551 ftS, or a creep strain 
of 810 pS, which represents a creep strain per unit stress of 31.0 pS, in very good 
agreement with the prediction of Brooks and Neville, 1978. These results suggest that 
the use of curve fitting over a relatively short test duration can be a useful technique for 
predicting the long-term creep behaviour of RC members, an implication being that the 
technique may be applicable when the beams are externally strengthened.
Finally, because of the controlled temperature conditions in the laboratory in which all of 
the tests were conducted, the maximum range of temperatures experienced was only 9 °C 
(14 - 23 °C). It was found in all of the tests that fluctuations in temperature had no 
apparent effect on the strain or deflection response patterns obtained.
7.5.5.3 Results and discussion of subsequent beam tests to failure
After the 28-day period of sustained loading, load removal and 24 hours of recovery, 
each of the four beams was tested monotonically to failure using the same loading 
configuration as for the sustained load tests. The deflection and strain responses, as well 
as the beam strengths and modes of failure, could then be compared to those of Ll for 
the unplated case (Crl), L2 for the plated, unanchored case (Cr2) and L3 for the plated, 
anchored case (Cr3), the only theoretical difference between the beams being the 
exposure to sustained loading. The performances of beams L l, L2 and L3 tested directly 
to failure have been considered in Chapter 4. For beam Cr4, strengthened with a plate 
pre-tensioned to 39.3% of e^, the behaviour could be loosely compared to that of beam 
P3, strengthened with a plate of the same material and dimensions, pre-tensioned to 
35.6% of £pU prior to bonding, as described in Chapter 5.
The yield and ultimate loads carried, and the ductilities to failure of the four beams 
exposed to sustained loading are shown in Table 7.10; the values in parenthesis are those 
obtained from beams Ll, L2, L3 or P3 as appropriate, the comparable beams which had 
been tested directly to failure. The modes of failure are compared in Table 7.11.
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Table 7.10 Effect of sustained loading on 2.3 m beam strength and ductility.
Beam Y ield  load M axim um  load D uctility
(kN ) carried (kN )
C rl (unplated) 73 .0  (74 .0 ) 7 5 .2  (77 .2 ) 2 .55  (3 .8 7 )
Cr2 - 1 0 7 .7 (1 0 8 .7 ) 2 .9 4 (3 .1 4 )
Cr3 1 0 9 .0 (1 1 0 .0 ) 114.1 (1 1 9 .4 ) 3.71 (4 .3 2 )
Cr4 1 1 6 .0 (1 1 5 .0 ) 1 4 3 .0 (1 2 9 .3 ) 5 .5 6 (4 .1 0 )
Table 7.11 Effect of sustained loading on mode of failure obtained.
Beam M ode o f  failure
L l (unplated) Steel yield , concrete crushing
C rl (unplated) Steel yield , concrete crushing
L2 Plate and cover concrete separation
Cr2 Plate and cover concrete separation
L3 Steel yield , concrete crushing
Cr3 Steel yield , concrete crushing
P3 Plate p eelin g  aw ay due to vertical d isplacem ent at shear crack
Cr4 Steel yield , concrete crushing
A comparison of the overall responses obtained for the unplated 2.3 m length beams Ll 
and Crl is shown in Figure 7.22, and for the strengthened beams L3 and Cr3, for which 
the plate ends were anchored with bolted endplates, in Figure 7.23. The comparison of 
the plated but unanchored beams L2 and Cr2 is not shown since this followed the general 
pattern obtained for the anchored cases L3 and Cr3.
Beam Ll
Beam Crl (sustained loading)
0 5 10 15 20 25
Central deflection (mm)
Figure 7.22 Effect of sustained loading on unplated response to failure.
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Figure 7.23 Effect of sustained loading on plated, anchored response to failure.
For the unplated beams, and also those strengthened with a non-prestressed external 
CFRP plate, either anchored or unanchored, the effects of sustained loading on the 
overall response revealed similar characteristics. The beams which had undergone 
constant loading were in an initially cracked state, and hence the responses were linear 
from zero load, without the offset associated with pre-cracking behaviour. The overall 
stiffness in this initial region was found to be higher than that of the post-cracking 
stiffness of the comparable beam which had not been subjected to sustained loading prior 
to testing, and was maintained to a total applied load of around 60 - 65 kN, as shown in 
Figure 7.22 and Figure 7.23. At this point there was a marked reduction in overall 
stiffness, after which the response followed that of the associated beam which had been 
loaded directly to failure. For the unplated cases LI and Crl, and also the plated, 
anchored beams L3 and Cr3, the load and deflection at which yielding of the internal 
steel occurred were almost identical between the pairs of beams, as shown in Table 7.10 
on page 268. For the strengthened but unanchored beams L2 and Cr2, the yield load was 
not reached during the test, failure occurring prematurely in both cases as a result of plate 
and concrete cover separation at almost identical loads of around 108 kN.
For both unplated beams, failure occurred in the typical under-reinforced manner at a 
load of 75.2 kN for beam Crl, slightly less than the 77.2 kN attained by beam LI loaded 
directly to failure. As a result of a relatively low deflection at collapse, as shown in 
Figure 7.22, the ductility value of beam Crl was also reduced in comparison to beam LI 
by about one-third. The ultimate deflections and hence ductilities of the plated, 
unanchored beams L2 and Cr2 were closer, beam Cr2, which had undergone sustained 
loading, attaining a value only 6% below that of L2, as shown in Table 7.10 on page 268. 
When the plate ends were anchored, although both beam L3 and Cr3 failed in 
compression after steel yield, this occurred at a slightly reduced load and deflection for
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beam Cr3, as shown in Figure 7.23, 114.1 kN representing a reduction in load-carrying 
capacity of 4%, and a loss of ductility of 14%. However, it should be noted that the 
ductility of beam Cr3 was still comparable to that of the unplated beam Ll.
The overall responses obtained from the prestressed beams P3 and Cr4 are compared in 
Figure 7.24. An identical pattern to that demonstrated by the unplated and non- 
prestressed cases was also evident when the external plate was prestressed, with an initial 
stiffness for beam Cr4 above the post-cracking value of the comparable beam P3 loaded 
directly to failure. This increased stiffness was again maintained to an applied load of 
around 60 kN before reducing to follow the response of beam P3. The yield load for the 
two beams were again very similar at around 115 kN. However, the reduction in overall 
member stiffness which accompanied yielding was somewhat less for beam Cr4, which 
ultimately failed in compression at a load of 143.0 kN, an increase of 10% over that 
attained by beam P3 which failed by peeling away of the external plate as a result of 
vertical displacement across a large shear crack (shear step failure; Figure 4.40 on page 
148). As a result of the delayed occurrence of failure for beam Cr4, a higher ultimate 
deflection was registered and hence a higher ductility value of 5.56, an increase of 36% 
over beam P3.
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Figure 7.24 Effect of sustained loading on prestressed response to failure.
The fact that for all four pairs of beams examined the overall responses were found to 
concur as the load increased shows that exposure to sustained load had little effect on 
behaviour above this level, and this is confirmed by the agreement shown in the values 
of yield load. In all cases, the rotation of the beams were found to increase during the 
period of sustained loading, as were the extreme fibre tensile and compressive strains; 
this accounts for the observation that concurrence did not occur in the subsequent tests to 
failure until after the serviceability limit had been passed. In the case of all four beams
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exposed to sustained loading prior to testing, the tensile and compressive strain 
responses reflected the deflection behaviours, concurring to give sim ilar characteristics 
to the beams tested directly to failure above about 60 kN.
The structural significance of the reductions in ultimate load and ductility demonstrated 
by the unplated beam C rl and the strengthened, anchored beam Cr3 in comparison to 
identical beams which had been loaded directly to failure is unclear and inconclusive. 
Despite the apparent sim ilarity of the prestressed beams Cr4 and P3, the failure modes 
were found to be different, accounting for the discrepancies in ultimate load and 
ductilities. W hile this may highlight the inherent variability of experimental testing, it 
may also reflect the slightly higher level of pre-tension applied to the plate in the case of 
beam Cr4.
7 .5 .6  G e n e ra l  d iscu ss io n
As a viscoelastic material, it is known that under a sustained compressive stress, concrete 
undergoes a gradual increase in strain with time, and this has been observed in the beam 
tests reported above. For a flexural member, the result of this increase in strain in the 
compression zone is a general increase in deformations, since creep effectively reduces 
the flexural rigidity of the member, causing an increase in rotation and hence deflection 
under a constant bending moment. This, again, has been observed in the programme of 
beam testing carried out over the 28-day periods described above. In design, this 
increased deformation is accounted for by using a long-term reduced modulus of 
elasticity for the concrete. This increase in extreme fibre compressive strain and 
subsequent deformation causes the tensile bending strains in the section to also increase, 
as indicated by the demec readings taken through the depth of the central section, shown 
in Figure 7.20 on page 264, and hence an increase in the tensile strains at the centre of 
the external plate for the strengthened beams, as observed.
For the strengthened beams, an additional viscoelastic component, the adhesive, is 
included in the system. It has been shown earlier in this Chapter that the CFRP 
strengthening material exhibits negligible extension with time under sustained loading, 
even at elevated temperatures. At the load level investigated, which represents the upper 
lim it of service loading for the 2.3 m beams, the tensile reinforcing steel was acting at 
around 50% of its yield stress and can be assumed, like the CFRP, to undergo negligible 
extension with time under such conditions. At room temperature, the creep tests on bulk 
tensile specimens of hardened adhesive revealed that some extension of the material 
under constant load did occur, with the rate of extension decreasing with time. 
Theoretically, the pure tensile stress level within the adhesive in the central region of the 
plated beams was less under the service lim it loading, at around 40% of ultimate 
strength, than the constant stress levels examined with the bulk specimens of 60% and
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70%. Therefore, any extension experienced in situ should have been lower than was 
observed in the bulk sample tests, since creep has been shown to be dependent on the 
stress level. The relationship between the in situ and bulk tensile creep properties of the 
epoxy adhesive is difficult to assess because of such factors as adherend restraint, in this 
case by two different adherend materials, and the occurrence of stress concentrations, for 
example at cracks, flaws or at the plate ends themselves, which have been shown to 
affect the occurrence and rate of creep in situ, as discussed in the review presented earlier 
in the Chapter. The general relationship between bulk and in situ adhesive properties has 
been discussed in Chapter 3.
For all beams tested in this section of the investigation, the applied load level was such 
that the compressive stress in the extreme fibre of the concrete was initially 0 .5^. It 
therefore seems fair to assume that within practical limits of variability, the concrete 
should behave in a similar manner in each case, regardless of whether strengthening was 
employed or not. If significant additional creep within the adhesive were occurring, the 
net effect would be a higher proportion of total deformation over the 28-day period due 
to creep than exhibited by the unplated member, indicating that the overall response was 
affected by the viscoelastic nature of the adhesive. When unplated, the compressive 
creep strain accounted for 40% of the total compressive strain at 28 days, and 33% of the 
total deflection. Identical proportions were obtained for the two beams strengthened with 
a non-prestressed plate, Cr2 and Cr3, which indicates that all of the creep deflection 
attained in these cases was attributable to the response of the concrete, since this was the 
only viscoelastic material in the unplated case. No apparent reduction in the stress 
transferring ability of the adhesive was thus observed. The sim ilarity of the compressive 
creep strain values per unit stress, shown in Table 7.6 on page 257 support this 
observation.
It has been shown by other researchers that when creep of an adhesive occurs, it is 
affected by the geometry of the sample (Topaloff, 1964; Miklofsky et a t ,  1965); when 
resins are used in thin bondlines, creep diminishes to an almost negligible rate soon after 
loading, whereas the same material tested in bulk in tension or compression would 
continue to creep (Schutz, 1976). Such an observation appears to be supported by the 
results obtained in this study. Shaw, 1982 considers that, because of this effect, the creep 
of structural adhesives is far less of a problem than some engineers tend to indicate, and 
that this is borne out by the many successful applications of adhesives in segmental 
construction.
One of the advantages of external FRP plating is shown by the fact that the serviceability 
load under which these tests were carried out was required to be higher when the beams 
were strengthened than when unplated to give a comparable extreme fibre compressive
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stress in the concrete. If the same applied bending moment had been used for both the 
plated and unplated cases, the amount of creep strain and deflection exhibited by the 
strengthened beam would have been less than those produced by the basic unplated 
member. For beam Cr4, strengthened with a plate pre-tensioned prior to bonding to the 
beam, the proportions of compressive creep strain and deflection were found to be 
slightly lower than those of the unplated beam C rl, suggesting a potential advantage of 
this method in reducing the amount of creep experienced by the concrete itself.
The beam tests in this investigation were carried out under laboratory conditions of 
controlled ‘room’ temperature and relative humidity. In practical applications outside of 
buildings, the strengthened system would be exposed to a range of environmental 
conditions which would affect the long-term performance of both the adhesive and the 
concrete. It was not possible for the scale of beams tested to expose the members to 
sustained loading in hostile environmental conditions, and it is therefore unclear whether 
the contribution of the adhesive to creep behaviour would be increased under such 
conditions of elevated temperature and/or relative humidity. The bulk tensile creep tests 
on the adhesive demonstrated that increases in temperature towards the glass transition 
temperature, T g causes a rapid decline in the response of the material to sustained load, 
with large elongations and fracture experienced even at 30 °C . It has also been discussed 
in the environmental durability section, Chapter 6, that the absorption of moisture tends 
to accelerate time-dependent processes by lowering the Tg, decreasing the performance 
of the adhesive at high temperatures. It was found experimentally that the tensile strength 
of the adhesive was reduced significantly by exposure to alternate wetting and drying, 
and that the tensile modulus of the material was also reduced in the presence of moisture.
However, it is difficult to assess the affect that elongation of the adhesive to its ultimate 
strain under ambient conditions would have on the performance of the in situ bondline 
and the overall structural response of the member. It is likely that transverse cracking 
across the bonded width does occur under general loading conditions, separating the 
adhesive into discrete areas. Such an effect has been observed in the beam tests carried 
out in this project, whereby tensile cracks in the concrete section have extended 
downwards through the depth of the bondline as the applied load increased, becoming 
blunted by the external plate. Despite this occurrence, the integrity of the bond between 
the plate and the concrete remained intact, eventual failure being governed by other 
conditions within the system. Cracking of the adhesive is of significant concern when 
steel is used as the plating medium, since such discontinuities allow the ingress of 
moisture from the concrete to the plate, increasing the risk of corrosion at the interface. 
The use of FRP plates alleviates such concern.
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7 .5 .7  C on clu sion s
The following observations were made from the programme of creep testing on Sikadur 
31 PBA adhesive specimens carried out in this investigation:
• At room temperature and 30 °C , adhesive specimens maintained at constant load 
exhibited primary and secondary creep characteristics, with the rate of extension under 
constant load being initially high, but decreasing as the duration under load increased. At 
35 °C , the opposite form of behaviour was observed, the rate of extension being initially 
low and increasing with time before tensile failure occurred. This form of response 
typifies secondary and tertiary creep behaviour.
• Specimens tested at room temperature, and also at 30 °C , 50% of the tensile strength 
of the adhesive remained intact throughout the test duration considered; those tested at 
30 °C , 60%, and at 35 °C crept to failure within the test duration.
• As the constant load level applied to the specimen was increased, so the primary and 
secondary creep strain rates also increased, resulting in creep strains which were higher 
in value and which accounted for a larger proportion of the total strain achieved. The 
results obtained suggest that this dependency of the creep response on the applied load 
level is more pronounced as the temperature is increased.
• At a constant applied stress level of 60% of the tensile strength of the adhesive at 
room temperature, increasing the temperature at which the test was conducted had a 
dramatic effect on the amount of creep strain observed. The creep strain rates at 30 °C  
and especially at room temperature were found to be very much lower than that observed 
at 35 °C , which resulted in higher creep strains and higher proportions of the total strain 
obtained due to creep for a given duration of loading.
• The ultimate tensile strains of specimens held under a constant load were found to be 
very much higher than those obtained when identical specimens were tested directly to 
failure under the same test conditions. This indicates the dependence of the tensile 
behaviour of the adhesive on the rate at which load is applied.
• Testing the specimens to failure which had been exposed to sustained load and 
remained intact appeared to suggest that being maintained under constant load increases 
the initial tensile stiffness of the material, although this effect was seen to decrease as the 
amount of creep experienced prior to testing increased. The yield stress and tensile 
strength of the material appeared to increase with the amount of creep experienced, 
suggesting a slight work-hardening effect. The ductility of the material to failure 
appeared to be reduced by sustained loading, indicating a degree of embrittlement.
Sustained load testing of unidirectional pultruded carbon fibre/vinylester specimens 
revealed the following characteristics;
• Creep of the material under constant load was, for all practical purposes, negligible 
even at an elevated temperature of 60 °C.
• Exposure to constant load also appeared to have a negligible effect on the tensile 
mechanical properties of the CFRP in subsequent tests to failure.
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The following characteristics were demonstrated by 2.3 m length beams subjected to 
sustained service lim it loading;
• Sustained loading resulted in increases in compressive strain and deformation with 
time at the centre of the beam for both unplated and strengthened beams, for which the 
strains in the external plate also increased. These increases initially occurred at a high 
rate within the first few hours of loading, but decreased with time under load.
• The creep deflections experienced by all four beams amounted to about one-third of 
the total deflection accumulated over 28 days, regardless of whether the beam was 
strengthened or not. The instantaneous recoveries of deflection for the plated beams were 
well above that of the unplated beam, with a proportion of the creep deflection also 
recovered. The deflection recovery values in the 24 hours following load removal were 
all similar, and as a result, the permanent deflections of the strengthened beams were 
substantially lower than that of the unplated beam.
• The compressive creep strains experienced by the beams strengthened with a non- 
prestressed external plate were found to be the same as that of the unplated beam. The 
recoveries of compressive strain on load removal were higher for the plated beams and, 
since the recoveries in the subsequent 24 hours were all similar, the permanent strains of 
the plated beams were considerably lower than that of the unplated.
• The sim ilarity in the creep deflections and compressive strains between the unplated 
and strengthened beams indicates that all of the creep deflection experienced by the 
plated beams was attributable to the behaviour of the concrete in compression, and not to 
effects associated with time-dependency of the adhesive. This shows that higher 
serviceability loads can be supported by the strengthened beams for comparable levels of 
creep.
• The results obtained support those of others who suggest that substantial creep of 
adhesive samples tested in isolation does not necessarily imply a reduction in long-term 
performance of a bonded system utilising the adhesive.
• The increase in maximum plate strain over the 28-day tests amounted to one-third of 
the total tensile strain, almost identical to the increases in beam deflection over that 
period and slightly less than the increases in compressive strain. The instantaneous 
recoveries of strain on load removal were higher than the recoveries of deflection or 
compressive strain. As a result of the higher elastic recoveries, the permanent tensile 
strains in the plates were low.
• Pre-tensioning the plate prior to bonding appeared to have little effect on the 
deflection behaviour of the strengthened system, although lower compressive creep 
strain and a slightly higher creep recovery on load removal were attained, indicating that 
such a system may be more influential on compressive creep strains than on overall 
deflection response.
• The inclusion of plate end anchorages had no apparent effect on the overall responses 
of deflection, compressive or tensile strain with time at the centre of the beam.
• Longitudinal tensile strain variations with time occurred throughout the length of the
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plate. For the non-prestressed beams, these variations suggested that a redistribution of 
strain outwards into the shear spans as the duration under load increased had taken place, 
to give a slightly more uniform strain profile along the plate than at load application. 
However, for the prestressed plate, the opposite effect was noted, with a redistribution of 
strain towards the central region of the plate as the outer regions relaxed, to give a less 
uniform strain profile.
• Crack heights were observed to increase slightly in the first 24 hours following load 
application, but to remain largely stable thereafter.
• Functions fitted to the experimental responses showed that the increase in deflection 
under constant load occurs at a lower rate when the basic member is strengthened; a 
further reduction occurs when the external plate is prestressed. This demonstrates the 
ability of the external plate to allow the beam to retain its flexural rigidity. Extrapolation 
of these curves to greater durations for the unplated member resulted in estimates of 
deflection and compressive strain which agree reasonably well with long-term 
experimental results reported elsewhere.
• Exposure of the beams to sustained loading had little apparent effect on the overall 
responses attained in subsequent monotonic tests to failure once the sustained load level 
had been passed. Although the modes of failure appeared unaffected for the unplated and 
non-prestressed cases, slight reductions in ultimate load and ductility were observed, the 
significance of which is unclear.
Clearly, a great deal more investigation remains to be carried out on the long-term 
behaviour of FRP strengthened beams when exposed to sustained loading, particularly 
when also simultaneously exposed to natural or accelerated environmental degradation. 
However, it is felt that the results presented here represent an encouraging indication that 
member strengthened with epoxy-bonded FRP plates can maintain their rigidity as well 
as the original unplated member, the adhesive system having negligible effect on time- 
dependency, allowing higher serviceability loads to be carded without any detriment to 
long-term performance.
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Plate 7.1 CFRP strengthened 2.3 m length beam under sustained loading.
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Chapter 8
A n a ly tic a l in ves tig a tio n
8 .1  I n t r o d u c t i o n
This Chapter, which considers the analytical work carried out in this investigation, is 
divided into two sections; Part A  and Part B. In Part A, an iterative procedure developed 
for predicting the flexural response of externally strengthened members is described, and 
the results obtained in this way using both a cracked and partially cracked concrete 
section compared to those derived experimentally. This analysis technique is appropriate 
for predicting deformation and strain characteristics up to failure, as long as this occurs 
in a flexural manner. The influence of the external plate and internal steel areas on the 
stiffness and strength of the plated member at the serviceability and ultimate load levels, 
and the associated mode of failure, are also considered theoretically using the developed 
analysis technique, to illustrate how the design of such systems could be carried out.
Theories which have been proposed to account for the occurrence of premature failure of 
the external strengthening system are considered in Part B of the Chapter. Several of 
these suggest that concentrations of shear and normal stress within the adhesive layer 
towards the plate ends are the primary mechanism responsible for the initiation of such 
failure, although there remains uncertainty as to the magnitude of these stresses which 
can be tolerated before collapse begins. Investigations reported on this subject are also 
considered in Part B. Where appropriate, design procedures proposed to ensure that 
premature failure does not occur for steel plated members have been applied to the 
results obtained in the present investigation to assess their applicability.
8 .2  P a r t  A :  P r e d i c t i o n  o f  f l e x u r a l  r e s p o n s e
8.2 .1  I n tr o d u c t io n
An iterative analytical method has been used for predicting the strengthened beam 
response to load application. This analytical model uses the principles of strain 
compatibility and equilibrium, and the material constitutive relations for the concrete,
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steel and FRP to predict flexural behaviour, which can then be compared to experimental 
data. The method is very flexible in that design variables such as material properties, 
section geometry and loading configuration can be easily altered for the system to be 
analysed (Quantrill et al., 1996a). The use of both a cracked and a partially cracked 
concrete section including steel strain hardening have been considered in developing the 
model.
8.2 .2  R ev iew  o f  p re v io u s  a n a ly t ic a l  w o rk
A similar approach was adopted in a parametric study by An et a l 1991 to investigate 
the effects of plate area, plate stiffness and strength, concrete compressive strength and 
steel reinforcement ratio on the flexural behaviour of plated beams of both rectangular 
and T-section. It was assumed that the concrete could support no tensile stress and that 
the reinforcing steel behaved in an elastic-perfectly plastic fashion. The model was 
compared with experimental test data (Saadatmanesh and Ehsani, 1991), which 
demonstrated that the use of an analytical model based on strain compatibility and 
equilibrium allowed the behaviour of RC beams externally reinforced with epoxy­
bonded GFRP plates to be predicted with reasonable accuracy.
An iterative analysis technique was also used by Ritchie et a l , 1990 and 1991 for 
predicting the stiffness and maximum strength in bending of plated RC beams. The 
concrete was again assumed to carry no tensile stress and the effect of strain hardening of 
the internal steel reinforcement was not taken into account. The model was not verified 
completely by experimental testing due to the lack of failures in the constant moment 
region. However, for the beams that did fail in this way, the model appeared to predict 
flexural behaviour reasonably well.
Triantafillou and Plevris, 1992 developed equations based on strain compatibility and 
equilibrium to describe the flexural capacity of RC beams strengthened with externally 
bonded FRP sheets. A  cracked concrete section and perfectly plastic steel behaviour 
following yield were considered. In addition to failure of the component materials in 
bending, simple expressions were derived to represent premature failure as a result of ' 
interface crack propagation and peeling off of the FRP following the opening of cracks 
in the concrete. To verify their theoretical work, eight small-scale beams 1350 mm in 
length were tested to study the effect of the area of external CFRP provided. Of the seven 
post-strengthened beams tested, two failed by rupture of the CFRP, and the remainder by 
peeling off of the composite at the adhesive layer. The two beams which did not fail 
prematurely had the lowest areas of external plate, and the authors concluded that the 
peeling mechanism imposes a limitation on the FRP sheet thickness, sim ilar to that for 
steel plated beams. Satisfactory agreement was shown between the limited experimental 
results and the analytical predictions.
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Chajes et a l ,  1994 used an analytical model which involved assuming a strain 
distribution for the cross-section in question and then utilizing the material constitutive 
relationships to check equilibrium. It was again assumed that the concrete could carry no 
tensile stress and the reinforcing steel behaved in an elastic-perfectly plastic fashion. 
Results were compared with experimental data generated by testing beams strengthened 
with aramid, E-glass and carbon composite fabrics. The method was found to predict 
ultimate flexural capacity and mode of failure reasonably accurately. The assumption 
that the concrete carried no tension was found to account for a lot of the discrepancies 
between experimental and analytical plate strain response.
In all of these studies a conservative approach was adopted in which the concrete was 
assumed to possess no tensile strength and the internal steel reinforcement to behave in a 
perfectly plastic fashion when the yield stress was reached. It was found that these 
assumptions, particularly that of ignoring the tensile strength of the concrete in the 
analysis were responsible for much of the discrepancy between experimental and 
analytical responses.
El-Attar et a l ,  1994 describe an iterative procedure for predicting the short-term flexural 
response of externally strengthened RC beams. In this approach, the concrete member is 
divided into a set of one-dimensional frame elements, sub-divided into concrete, steel 
and/or FRP layers, the properties of which are assumed to be constant within each 
element, and which are perfectly bonded. Non-linear material stress/strain relationships, 
concrete cracking and tension stiffening were included. The analytical approach was 
verified by comparing results from the reported tests of Swamy et a l ,  1989; Ritchie et 
a l ,  1989, and Saadatmanesh and Ehsani, 1991. Good agreement was observed between 
the analytical and experimental results for predicting flexural load-carrying capacity.
Varastehpour and Hamelin, 1995 used an iterative technique based on strain 
compatibility and equilibrium to predict plated beam behaviour which incorporated a 
bond/slip relationship at the concrete/plate interface. The properties of the interface were 
determined through compressive testing of concrete specimens bonded together with an 
FRP plate at the centre of the adhesive. The shear stress/slip relationship obtained from 
testing such specimens was incorporated into the analytical model, as well as cracking of 
the concrete and subsequent tension stiffening. Inclusion of the bond/slip effect was 
found to produce slightly more accurate predictions of ultimate strength when CFRP was 
used for the strengthening of 280 mm long plain concrete prisms, but made little 
difference when GFRP was used. In general, reasonable agreement was said to be 
attained in predicting strength, ultimate deflection and failure mode.
A  reliability study of concrete structures strengthened in flexure with external CFRP 
laminates has been carried out by Plevris and Triantafillou, 1995 in which the impact of
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possible variability in material and geometric parameters on flexural strength is assessed. 
Probability distributions were assumed for the design variables used in the equations 
derived previously to describe the ultimate strength of the member (Triantafillou and 
Plevris, 1992). It was found that variability in concrete strength and CFRP failure strain 
and area fraction influenced flexural strength to the greatest extent. The probability of 
failure was then studied to establish strength reduction factors for a given probability of 
failure. This analysis indicated that a general strength reduction factor of 0.8 should be 
used to achieve a uniform factor of safety of around 3 over a wide range of design 
conditions.
8 .2 .3  A ssu m p tio n s  m a d e  in  p re s e n t  a n a ly s is
The following assumptions were made in developing the analytical model;
• Cross-sections of the beam remain plane during bending.
• Longitudinal normal strains in the beam vary linearly with the distance from the 
neutral axis throughout the depth of the cross-section. This assumption, and that given 
above, are valid in the constant moment region of the beam where a pure bending regime 
exists.
• No slip occurs between the external plate and the base of the concrete beam; i.e. the 
adhesive ensures composite action and compatibility of strains between the materials up 
to failure.
These assumptions are justified based on the experimental distributions of longitudinal 
strain observed through the depth of the central section of the beams tested in this 
project, which demonstrated an approximately linear variation of strain through the 
thickness of the concrete section and a continuation downwards to the external plate (see, 
for example, Figure 4.4 on page 82). Such observations have been noted by many 
authors studying both steel and FRP plating.
• No slip occurs between the longitudinal reinforcing steel and the surrounding 
concrete. This assumes that effective bond, due to the combined effects of adhesion, 
friction and, for deformed bars, bearing, is achieved between the materials throughout 
the loading range. This assumption is valid if  the relevant anchorage requirements of 
Codes of Practice are met in the design of the beam.
• No premature modes of failure occur. Failure as a result of plate separation, vertical or 
horizontal shearing of the concrete, or shear step failure are not considered; failure can 
only occur in flexure. Predictions of the occurrence of premature failure are considered 
in Part B of this Chapter.
• As assumed throughout the beam testing work, compressive failure of the concrete 
occurs when the extreme fibre strain em reaches 0.0035, in agreement with the idealised 
stress/strain curve for concrete in compression of BS 8110, 1985 used for design 
purposes.
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Initially, calculations were carried out on the assumption that the concrete supports no 
tensile stress, i.e. a cracked concrete section was assumed. However, as a comparison, 
and since other authors have suggested that discrepancies between theoretical and 
measured results were partly due to this conservative approach, calculations were also 
carried out using a partially cracked concrete section as defined in BS 8110, 1985. The 
steel was initially assumed to behave in an elastic-perfectly plastic fashion, using the 
modulus of elasticity and yield values determined by testing samples of the material. 
However, in further calculations using the partially cracked section, strain hardening was 
included, since this represents the actual behaviour of the material tested more closely 
than the perfectly plastic approach.
The tensile strength of the adhesive was also ignored in the initial model development, 
i.e. a cracked adhesive layer was assumed. The effect of this assumption on the overall 
response was investigated, and is discussed, later.
It should be noted that no safety factors have been included in the calculations; for 
example, the steel is assumed to yield when the stress reaches the full yield value fr  not 
the design strength of 0.87fy. Sim ilarly, no partial safety factors were included on the 
concrete compressive strength, the fu ll cylinder strength being attained at crushing.
8 .2 .4  M a te r ia l  re sp o n se s  in c o rp o ra te d
8.2.4.1 Concrete
Since stress/strain data were not derived experimentally for the mixes used in the 
manufacture of the test beams, an idealised form was adopted for use in the analytical 
modelling. A  widely used approximation for the shape of the stress/strain curve of 
concrete before the maximum stress is reached is a second-degree parabola, such as that 
quoted by Hognestad, 1951, shown in Figure 8.1.
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Figure 8.1 Idealised stress/strain curve for concrete in uniaxial compression 
(Hognestad, 1951).
The values of the static modulus of elasticity E c have been experimentally determined 
for the mixes used and are given in Table 3.1 on page 51. In addition, the average cube 
strengths of the mixes at the time at which the beams were tested were also known. 
However, the compressive strength derived from standard cube tests is known to be 
higher than the actual compressive strength of the concrete as a result of the restraining 
effect of the platens used in cube testing. This restraint produces a multiaxial stress state, 
the effect of which is to increase the compressive strength of the concrete. Cylindrical 
specimens are believed to give a greater uniformity of results as their failure is less 
affected by the end restraint of the specimen. In addition, cylinders are cast and tested in 
the same position, while for a cube the line of action of the load is at right angles to the 
axis of the cube as-cast. For practical purposes, therefore, the cylinder strength may be 
taken as the uniaxial compressive strength of the concrete. Consequently, when the 
compressive strength has been used for predicting behaviour, the cube strength at the 
time of test has been converted to an equivalent cylinder strength. This conversion has 
been performed by three methods. According to Part 4 of BS 1881,1970, the strength of 
a cylinder is equal to four-fifths of the strength of a cube. However, experimental 
evidence suggests that there is no simple relationship between the strengths of the 
specimens of the two shapes, the ratio of strengths depending primarily on the level of 
strength of the concrete. Evans, 1943 presents a table of data, reproduced in Neville, 
1981, relating cube and cylinder strengths, whilst L’Hermite, 1955 suggested that the 
ratio of the strengths of a cylinder and a cube be taken as
f cu0.76 +0.21og (8.1)
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where fra is the cube strength in pounds per square inch. In the present investigation, the 
cylinder strengths were calculated by these three methods and the average taken as the 
compressive strength of the concrete f ”c in each case.
8.2.4.2 Steel
The steel material behaviour assumed in the analytical model is shown in Figure 8.2. The 
material properties derived from testing samples of the steel used in the 1.0 m and 2.3 m 
length beams have been given in Section 3.2.2 on page 52.
Figure 8.2 Assumed steel reinforcement behaviour.
8.2.4.3 Fibre-reinforced composite materials
The GFRP and CFRP materials used in the experimental work were assumed to behave 
linearly to failure as shown in Figure 8.3. The properties adopted in the analytical model 
for the GFRP and CFRP were determined through tensile coupon testing of the materials, 
as described in Section 3.3.3 on page 55.
A
----
Strain, £p(CFRP) £pu (GFRP)
Figure 8.3 Assumed composite plate material behaviours.
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8.2.5.1 Cracked concrete section
The assumed distributions of strains, stresses and forces for the cracked section analysis 
is shown in Figure 8.4. Initially, a value of concrete strain at the outer compression fibre, 
e’c is selected. The position or depth of the neutral axis x is then assumed and the 
corresponding strains in the internal steel £*, and the external plate Ep calculated by strain 
compatibility. The corresponding bending stresses for the concrete Pc, steel ^ and plate 
fp are then found using the material relations given above. Forces in the steel Ts and plate 
T p are then calculated, giving the total tensile force in the section. This is compared to 
the resultant compressive force in the concrete C , obtained by integrating for the area 
under the stress/strain curve for the concrete up to £’c. If  equilibrium within the section is 
not satisfied, a different location for the neutral axis is assumed and the process repeated. 
When the resultant force in the section is zero, the position of the centroid of the 
compressive stress block can be determined, from which the lever arm between the 
forces can be obtained. The internal moment and applied external load can then be 
calculated based on the loading configuration. The value of concrete strain at the outer 
compression fibre is then increased by a small increment and the procedure repeated, 
thereby establishing the theoretical flexural behaviour of the member up to failure, which 
occurs when either the concrete strain £’c reaches 0.0035, or the strain in the external 
plate reaches its ultimate value £pn. In this way, the load/plate strain and load/ 
compressive strain responses, and the serviceability, yield and ultimate loads can be 
obtained for each beam tested, as well as the predicted flexural mode of failure.
8 .2 .5  B asis o f  an a ly tica l m eth od
Figure 8.4 Typical strain, stress and force distributions for cracked section analysis.
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Classical theory on the characteristics of flexural cracking in reinforced concrete 
(Watstein and Parsons, 1943) assumes that tensile stress is present in the concrete 
between cracks as a result of transference from the reinforcing steel to the concrete by 
bond. The magnitude and distribution of bond stress between cracks determines the 
distribution of tensile stress in the concrete and the steel between the cracks. This 
characteristic is the basis for the derivation of equations for predicting crack spacings 
and widths in reinforced concrete subjected to pure tension (Hognestad, 1962; Beeby, 
1972) and flexure (Karr and Hognestad, 1965; Base et a l , 1966). Since the concrete 
between cracks can be effective at supporting tension, the second moment of area I  and 
thus the flexural rigidity of the member is increased above the value given through the 
use of a cracked section. This effect, often termed tension stiffening, gives rise to a 
reduction in the mean strain in the tension zone of the concrete. Beeby, 1972 presents the 
results of tests on reinforced concrete members subjected to pure tension, from which he 
calculated the average tensile stress in the concrete which would give rise to the same 
average strain as measured in the tests. He discovered that for deformed bars, there was a 
lim iting value of concrete stress of about 1.0 N/mm2. It is this value which was 
subsequently adopted in BS 8110 to define the partially cracked section for the 
evaluation of deflections.
The same general approach adopted by Beeby, 1971 was also used by Jones et al., 1986 
to determine the effective tensile stress in the concrete of RC beams externally 
reinforced with steel plates. This demonstrated that the stiffening effect produced by the 
application of a steel plate to the tensile face is much greater than would be expected if  
additional internal bars of the same area were used. The mean effective tensile stress in 
the concrete in the tension zone was considerably greater than the 1.0 N/mm2 suggested 
for conventional reinforced concrete; a value over six times this figure was obtained for a 
6 mm thick steel plate. This demonstrates that strengthened beams benefit not only from 
the added strength and stiffness provided by the external plate, but also from a better 
utilisation of the concrete within the tension zone. Swamy et a l , 1989 also showed that 
when plated, the concrete in the tension zone contributes to moment capacity, thereby 
developing a higher overall member stiffness compared to conventional beams.
The assumed distributions of strain, stress and force used in the partially cracked 
concrete section analysis is shown in Figure 8.5. In this case, some concrete tension still 
exists which has a specified value frt at the level of the internal steel. The value of 
given in Part 2 of BS 8110, 1985 for short-term loading conditions is 1.0 N/mm2, as 
discussed above. The concrete tensile stresses are therefore not determined from the 
strain diagram, but from the specified value of frt which is assumed to be independent of 
the magnitude of the bending moment acting on the section. The analysis method is the
8.2.5.2 Partially cracked concrete section
8.2. Part A: Prediction of flexural response 286
same as that given above for the cracked section except that an additional term is 
included in the equilibrium equation for calculating the position of the neutral axis, and 
also when determining the internal moment of the section.
Strain distribution Stress distribution and forces Concrete tensile stress
and force
Figure 8.5 Typical strain, stress and force distributions for partially cracked section 
analysis.
In addition to the tensile and compressive strain responses throughout loading, the 
deflection characteristics of each beam were established in the following way. From the 
standard bending equation for a linear elastic material obeying Hooke’s Law, the 
curvature of a beam in pure bending is defined by the ratio of strain to distance from the 
neutral axis, for example eVx. In addition, the flexural rigidity of the beam, E l, which is 
constant for such a material, is given by the gradient of the moment/curvature
relationship. Under four point loading, the central deflection of the beam can be
calculated from the expression
_ Pa 2 2
c “ 24EI ~ ) (Gere and Timoshenko, 1991) (8.2)
as long as the deflections are small, where L  is the free span of the beam, a is the length
of the shear span and P is half of the total applied load. Therefore, use of the moment/ 
curvature relationship allows the flexural rigidity to be obtained, from which the 
deflection can be calculated. Although reinforced concrete behaves linear elastically at 
low stress levels, the occurrence of tensile cracking and non-linearity of the concrete in 
compression, and yielding of the reinforcing steel in tension means that the position of 
the neutral axis and hence the second moment of area I  of the section varies throughout 
the loading history, and the expression given in (8.2) is rendered invalid. However, E l
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may be assumed to remain constant for a small increment of applied load, so that 
corresponding increments of deflection may be calculated. Summation of the deflection 
increments allows the load/deflection response to be obtained throughout the loading 
range right up to flexural failure.
In all cases, the analytical calculations described above were carried out using a 
spreadsheet.
8.2.6 D iscussio n o f results
8 .2 .6 . 1  1 . 0  m length beams
Each 1.0 m length beam configuration studied experimentally was analysed using the 
technique described above with the appropriate material and geometric properties. A 
selection of results obtained for the batch ‘B’ beams is presented here, since this 
illustrates differences in GFRP and CFRP response. In addition, the use of anchorage at 
the plate ends for these beams delayed or prevented the occurrence of premature failure, 
allowing comparison with the analytical responses over a greater loading range. Figure
8.6 compares the load/central deflection responses obtained for the batch ‘B’ beams 
strengthened with a GFRP plate of cross-section 80 x 1.2 mm with the behaviours 
derived analytically using both a cracked and partially cracked concrete section. A 
comparison of the strain responses obtained at the centre of the external plate for the 
same beams is shown in Figure 8.7, whilst the compressive strains at midspan are shown 
in Figure 8.8.
Central deflection (mm)
-------Beam B2
-------Beam B5
-------Analytical, cracked
-------Analytical, partially cracked
Figure 8 . 6  Analytical and experimental load/deflection responses for 1.0 m beams 
strengthened with a GFRP plate of cross-section 80 x 1.2 mm.
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-------Beam B2
-------Beam B5
------- Analytical, cracked
-------Analytical, partially cracked
0 2000 4000 6000 8000 10000 12000
Longitudinal strain at centre of plate (niicrostrain)
Figure 8.7 Analytical and experimental plate strain responses for 1.0 m beams 
strengthened with a GFRP plate of cross-section 80 x 1.2 mm.
Beam B2 
Beam B5
Analytical, cracked 
Analytical, partially cracked
Figure 8 . 8  Analytical and experimental compressive strain responses for 1.0 m beams 
strengthened with a GFRP plate o f cross-section 80 x 1.2 mm.
It can be seen from these three Figures that in general, both analytical models 
represented the flexural behaviour of the GFRP strengthened beams very well. When a 
cracked section is used in the analysis, the response is essentially bi-linear, with the 
member stiffness before concrete cracking not taken into account. When a partially 
cracked section is used, the response becomes tri-linear, with pre-cracking stiffness 
accounted for. The response obtained using the partially cracked section lies above that 
of the cracked case, a greater applied load being required to cause a given beam 
deflection or bending strain. Throughout the loading range, this is because the moment 
of resistance of the section is increased by the inclusion of the tension force in the
Longitudinal compressive strain
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concrete beneath the neutral axis. In addition, after the initiation of yielding of the 
internal steel, the inclusion of steel strain hardening behaviour for the partially cracked 
case causes the tensile force carried by the steel to increase above the yield value, 
increasing the moment of resistance further above the cracked section analysis, for which 
perfectly plastic steel behaviour was assumed after yield.
In terms of deflection response, Figure 8.6, it can be seen that the partially cracked 
analysis represented behaviour at low loads more accurately, as would be expected, 
whereas use of the cracked section was found to be more accurate after yielding of the 
internal steel. Consideration of the strain responses at the centre of the external plate 
shown in Figure 8.7 shows that the cracked section analysis overestimated the 
experimentally measured plate strains, especially for beam B5, for which the plate ends 
were anchored with steel clamps, at higher loads. Use of the partially cracked section 
with steel strain hardening represented the actual plate strain response more closely, 
lying between the experimental curves. The post-yielding response of beam B5 was 
particularly well modelled, as was the behaviour at low loads. The compressive strain 
responses for the same beams, Figure 8.8, shows similar characteristics as the plate strain 
responses, the partially cracked analysis producing a slightly closer representation of 
actual behaviour than the cracked section, which was more conservative.
The analytical and experimental load/deflection responses of beam B3, strengthened 
with a GFRP plate of reduced cross-sectional area, are compared in Figure 8.9.
Beam B3
Analytical, cracked
------- Analytical, partially cracked
Central deflection (mm)
Figure 8.9 Analytical and experimental load/deflection responses for 1.0 m beam B3 
strengthened with a GFRP plate of cross-section 30 x 1.2 mm.
Figure 8.9 shows that the flexural response of beam B3, strengthened with a GFRP plate 
30 x 1.2 mm, was slightly less well represented by the analytical models; both before and 
after yielding of the internal steel, the predicted beam deflections underestimated those
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measured experimentally. The plate and concrete bending strains were also 
underestimated by the models, a dangerous situation in terms of design. These results 
suggest that more accurate representations of actual behaviour are obtained for beams 
externally reinforced with plates covering a greater proportion o f the beam width, for 
which the strengthening and stiffening effects are increased.
The deflection, central plate strain and compressive strain responses of the batch ‘B’ 
beams strengthened with a CFRP plate 80 x 1.2 mm are compared in Figure 8.10 to 
Figure 8.12.
-------Beam B6
------- Beam B7
-------Beam B8
------- Beam B9
------- Analytical, cracked
------- Analytical, partially cracked
0 2 4 6 8 10 12 14
Central deflection (mm)
Figure 8.10 Analytical and experimental load/deflection responses for 1.0 m beams 
strengthened with a CFRP plate of cross-section 80 x 1.2 mm.
------- Beam B6
-------Beam B7
------- Beam B8
-------Beam B9
------- Analytical, cracked
-------Analytical, partially cracked
Longitudinal strain at centre of plate (microstrain)
Figure 8.11 Analytical and experimental plate strain responses for 1.0 m beams 
strengthened with a CFRP plate of cross-section 80 x 1.2 mm.
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-------Beam B6
-------Beam B7
------- Beam B8
------- Beam B9
------- Analytical, cracked
------- Analytical, partially cracked
0 0.0005 0.001 0.0015 0.002 0.0025 0.003 0.0035
Longitudinal compressive strain
Figure 8.12 Analytical and experimental compressive strain responses for 1.0m beams 
strengthened with a CFRP plate of cross-section 80 x 1.2 mm.
The deflection responses of these CFRP plated beams, Figure 8 .10, were underestimated 
before and after yielding by both analytical models. The post-cracking and post-yielding 
stiffnesses were found to be lower in the experimental cases than predicted analytically. 
However, in terms of strain response at the centre of the external plate for the same 
beams, Figure 8.11, it can be seen that both analytical models represented the responses 
very accurately, providing upper and lower limits to the strains measured under a given 
loading. The compressive strain behaviours of the CFRP plated beams were slightly 
more variable than the plate strain responses; however, those of beams B7 and B9 were 
very accurately modelled up to steel yield, as shown in Figure 8.12; thereafter, the strains 
measured experimentally increased at a greater rate than predicted by the analytical 
models. This observation suggests that in the assumed compressive behaviour of the 
concrete, Figure 8.1 on page 283, use of a greater reduction of stress against strain after 
the maximum compressive stress has been reached would have resulted in a more 
accurate representation of compressive behaviour at loads approaching failure.
The results obtained for beam B10, strengthened with a CFRP plate 65 x 1.2 mm 
anchored by the support reactions, demonstrated the same characteristics as those of the 
other CFRP plated beams described above. The deflection under a given load predicted 
analytically underestimated that obtained in practice, although the tensile strain response 
at the centre of the external plate and the compressive strains up to the yield point were 
very accurately represented. After yielding, the compressive strain rate measured 
experimentally increased to a greater degree than predicted analytically.
It can be seen from the Figures above that the inclusion of the concrete tension force and 
steel strain hardening in the analysis has less effect when CFRP is used for external
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strengthening. This is because the proportion of the tensile load carried by the FRP plate 
is increased when CFRP is utilised, and thus the behaviour of the concrete and steel in 
tension becomes less significant.
The analytical technique employed yields the moment of resistance of the beam section. 
This moment can then be equated to that externally applied to the beam to obtain the load 
in the assumed loading configuration. Clearly, the greatest moment, and hence critical 
sections, lie within the constant moment region of the member. However, the moment of 
resistance of the section can be equated to the applied moment at other positions along 
the beam; in these cases, greater loads must be applied at the loading points to produce 
this required moment, and hence material strain states, at the new position. By 
considering the positions along the external plate at which the ER strain gauges were 
located during testing (Figure 3.12 on page 72), analytical load against plate strain 
curves can be derived and compared with those obtained experimentally. A typical 
example is shown in Figure 8.13 for CFRP plated beam B6. The analytical responses 
were calculated with the partially cracked section since this method of analysis 
represents the initial response more closely.
-------End
-------End (analytical)
-------Shear span
-------Shear span (analytical)
-------Load point
-------Load point (analytical)
-------Centre
------ Centre (analytical)
Longitudinal strain (microstrain)
Figure 8.13 Strain responses at various positions along plate for beam B6.
It can be seen that the analytical model represents the strain responses at various 
positions along the external plate reasonably well. The occurrence of premature plate 
separation, preceded by reductions in the plate end strains, curtailed the experimental 
curves at a relatively early stage. Up to this point, the analytical model agrees closely 
with the plate end strain response, as well as the responses at the plate centre and just to 
the shear span side of the load point. However, at the centre of the shear span, the model 
was found to underestimate the actual recorded strains, particularly as the load increased, 
as shown in Figure 8.14.
8.2. Part A: Prediction of flexural response 293
70
-------Beam B6
-------Beam B7
-------Beam B8
-------Beam B9
------- Analytical
Longitudinal strain (microstrain)
Figure 8.14 Comparison of plate strain responses at centre of shear span for CFRP 
plated beams.
This behaviour reflects the observation made earlier in Chapter 4 that as the loading 
increases, the longitudinal strains in the shear spans do not follow the form of the 
bending moment diagram. This is attributed to the increased shear force acting on the 
section, which produces diagonal shear cracking in the shear spans, the proportion o f the 
shear force carried by the external plate increasing as the internal shear links and the 
effects of aggregate interlock become less dominant. The analytical representation is 
based on assumptions which are only valid for situations involving pure bending within 
the constant moment region, with no shear force acting on the section. In the case of non- 
uniform bending, the presence of shear forces produces out of plane distortion of the 
beam cross-sections, and a cross-section that is plane before bending is no longer plane 
after bending. Although shear effects greatly complicate the behaviour of a beam, it has 
been shown theoretically that the bending stresses calculated using the standard bending 
equation are not significantly altered by the presence of the shear stresses (Timoshenko 
and Goodier, 1970). Therefore, it is justifiable to use the theory of pure bending for 
calculating bending stresses even in the case of non-uniform bending.
The analytical models provide predictions of the serviceability, yield and ultimate loads 
for each beam configuration. The serviceability limit definition used for the analytical 
models was the same as that given earlier for the experimental cases themselves, 
allowing a direct comparison. The mode of failure obtained analytically depends on 
whether the concrete or external FRP plate reaches its failure strain value first; the 
applied load at which this occurs is then taken as the ultimate load-carrying capacity of 
the strengthened system. A comparison of the experimental and analytically derived 
serviceability and yield loads for the batch ‘B’ 1.0 m length beams is given in Table 8.1; 
in each case, the discrepancy of the cracked and partially cracked predictions compared
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to the experimental value is also given. A  comparison of the modes of failure is given in 
Table 8.2.
Table 8.1 Comparison of experimental and analytical serviceability and yield loads.
Beam Actual SL Analytical SL, Analytical SL, Actual Y L Analytical YL, Analytical YL,
(kN) (cracked) (partially cracked) (kN) (cracked) (partially cracked)
(kN) (kN) (kN) (kN)
BI (unplated) 11.3 11.22 (-0.7%) 13.63 (+20.6%) 13.0 15.07 (+15.9%) 17.48 (+34.5%)
B2 16.0 15.67 (-2.1%) 18.06 (+12.9%) 23.0 21.02 (-8.6%) 23.43 (+1.9%)
B3 13.0 13.44 (+3.4%) 15.10 (+16.2%) 17.0 18.04 (+6.1%) 19.45 (+14.4%)
B4 16.0 15.69 (-1.9%) 18.11 (+13.2%) 23.0 21.04 (-8.5%) 23.48 (-2.1%)
B5 16.0 15.67 (-2.1%) 18.06 (+12.9%) 25.0 21.02 (-15.9%) 23.43 (-6.3%)
B6 22.4 22.04 (-1.6%) 24.42 (+9.0%) 33.0 29.60 (-10.3%) 31.97 (-3.1%)
B7 22.4 22.04 (-1.6%) 24.42 (+9.0%) 33.0 29.60 (-10.3%) 31.97 (-3.1%)
B8 22.4 22.04 (-1.6%) 24.42 (+9.0%) 33.0 29.60 (-10.3%) 31.97 (-3.1%)
B9 22.4 22.04 (-1.6%) 24.42 (+9.0%) 33.0 29.60 (-10.3%) 31.97 (-3.1%)
BIO 20.3 20.00 (-1.5%) 22.38 (+10.2%) 27.0 26.86 (-0.5%) 29.22 (+8.2%)
Table 8.2 Comparison of experimental and analytical modes of failure.
Beam Actual mode of failure Predicted mode of failure
BI (unplated) Steel yield, concrete crushing Steel yield, concrete crushing
B2 Plate and concrete cover separation Steel yield, concrete crushing
B3 Plate separation Steel yield, concrete crushing
B4 Plate and concrete cover separation Steel yield, concrete crushing
B5 Horizontal shear at base of beam Steel yield, concrete crushing
B6 Plate and concrete cover separation Steel yield, concrete crushing
B7 Steel yield, concrete crushing Steel yield, concrete crushing
B8 Plate and concrete cover separation Steel yield, concrete crushing
B9 Horizontal shear at base of beam Steel yield, concrete crushing
B10 Steel yield, concrete crushing Steel yield, concrete crushing
Table 8.1 shows that when a cracked section was used to calculate the serviceability 
load, the analytical predictions were very accurate, the worst case being an overestimate 
of only 3.4% for beam B3. Use of a partially cracked section in the analysis resulted in 
much larger errors, all cases being overestimated by up to 16 % , beam B3 again being the 
worst case. However, overestimates of serviceability load would be expected using the 
partially cracked analysis since the bending equation used to calculate the actual 
serviceability load, given in the second column of Table 8.1, takes no account of the 
contribution to the moment capacity of the concrete in tension. The effect which 
including this tensile force has on the bending strains can be assessed by the magnitude 
of the errors obtained with the partially cracked section.
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In terms of yield load, Table 8.1 shows that the use of a cracked section underestimated 
the yield load for all beams except the unplated case B l and beam B3, the largest 
discrepancy being obtained for beam B5, the anchored GFRP plated beam, at 16 %. For 
the batch ‘B ’ beams strengthened with CFRP of section 80 x 1.2 mm (B6, B7, B8, and 
B9), the cracked section analysis resulted in an underestimate of the yield load of around 
10 % , although when the CFRP area was reduced to 65 x 1.2 mm for beam BIO, this 
discrepancy was reduced to only 0.5%. For the GFRP plated batch ‘B ’ beams B2, B4 and 
B5, use of the partially cracked section was more accurate at predicting the yield load 
than the basic cracked analysis. However, for the reduced plate area case B3 and the 
unplated beam B l, the discrepancies obtained with the partially cracked analysis were 
larger. The yield loads of the beams strengthened with a CFRP plate 80 x 1.2 mm were 
underestimated by only 3 % , although the value for beam BIO of reduced plate area was 
overestimated by 8% . These results suggest that when a partially cracked analysis is 
carried out on strengthened beams, the yield load can be accurately predicted, although 
the discrepancy increases as the plate area decreases. Use of a cracked section results in 
more conservative predictions of yield load; the unplated behaviour is also more closely 
represented by this analysis.
Both analytical models were found to predict that all batch ‘B ’ beams should ultimately 
fail in compression after the occurrence of steel yield, as shown in Table 8.2. This means 
that the final point on the derived flexural response curves presented above were that at 
which the extreme fibre compressive strain in the concrete at the centre of the beam 
reached 0.0035. Consideration of the actual modes of failure of each tested beam shows 
that, apart from beams B7 and B10, the CFRP plated beams anchored by the support 
reactions, none of the other beams achieved their full flexural strength, failing 
prematurely in some way. Consequently, large discrepancies were obtained between the 
analytically predicted values of ultimate flexural strength and the maximum loads 
recorded experimentally. As a result of the predominance of premature failures, it can be 
said that the validity of the analytical model for predicting ultimate flexural loads and 
modes of failure has not been adequately verified. However, it is possible to extrapolate 
the ultimate loads of the beams which failed prematurely using the rates of strain of the 
plate and concrete at the centre of the beam at the point of collapse. These strain rates 
were used to obtain an estimate of the loads at which the plate and concrete would have 
reached their respective ultimate strain values had premature failure not occurred, and 
are given in Table 8.3. No values for the concrete strain rate at collapse are given for 
beams B7 and B10 since for both of these cases the compressive strain readings reached 
0.0035, demonstrating the effectiveness of using the support reactions as anchorage.
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Table 8.3 Estimated failure loads of batch ‘B ’ heams from strain rates at collapse.
Beam Collapse Plate strain rate Estimated Concrete strain Estimated Predicted mode
load at collapse failure load rate at collapse failure load of failure
(kN) (pS/kN) (kN) (pS/kN) (kN)
B2 34.0 316.0 85.3 -95.0 49.8 Compression
B3 24.6 960.0 38.3 -735.0 25.5 Compression
B4 35.0 365.0 78.4 -104.0 49.2 Compression
B5 47.0 287.0 92.8 -316.0 47.6 Compression
B6 40.8 130.0 77.7 -52.0 74.2 Compression
B7 63.5 144.0 77.0 - 54.2 Compression
B8 52.1 140.0 74.8 -122.0 54.3 Compression
B9 51.4 136.0 76.4 -100.0 57.6 Compression
B10 55.5 165.0 63.6 - 51.5 Compression
This shows that in all cases, it was predicted that the concrete would reach its ultimate 
strain value of 0.0035, and thus fail in compression, before the plate failed in tension, in 
agreement with the results of the analytical model. It should be noted that the failure 
loads presented in Table 8.3 give only an approximation of likely behaviour, especially 
in the case of the concrete, since at high loads the concrete responds non-linearly in 
compression, with an increasing amount of strain for a given load increment. The fact 
that the estimated failure loads based on the concrete strain rate at collapse (column 6) 
were close to the actual collapse load values (column 2) for beams B5, B8 and B9 shows 
how effective the use of plate end anchorages were at delaying premature failure; the 
discrepancies were larger for the unanchored cases B2, B4 and B 6.
The loads at which the compressive strain in the concrete is predicted to reach 0.0035 as 
extrapolated from the experimental data are given in Table 8.4 with the analytical 
predictions of flexural strength for both the cracked and partially cracked sections. A ll of 
these values, in effect, ignore the possible occurrence of premature failure. The unplated 
batch ‘B ’ beam B l achieved a maximum load of 17.0 kN. The cracked section analysis 
predicted an ultimate load of 16.16 kN, an underestimate of 5 % , whereas use of a 
partially cracked section with steel strain hardening increased this value to 25.71 kN, an 
overestimate of beam strength of over 50%.
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Table 8.4 Comparison of estimated and analytical failure loads.
Beam Extrapolated Analytical failure Analytical failure load
failure load load (cracked) (partially cracked)
(kN) (kN) (kN)
B2 49.8 47.37 (-4.9%) 49.49 (-0.6%)
B3 25.5 37.65 (+47.7%) 36.90 (+44.7%)
B4 49.2 47.49 (-3.5%) 49.60 (+0.8%)
B5 47.6 47.37 (-0.5%) 49.49 (+4.0%)
B6 74.2 63.23 (-14.8%) 64.49 (-13.1%)
B7 54.2 63.23 (+16.7%) 64.49 (+19.0%)
B8 54.3 63.23 (+16.4%) 64.49 (+18.8%)
B9 72.3 63.23 (-12.5%) 64.49 (-10.8%)
B10 51.5 59.18 (+14.9%) 60.59 (+17.7%)
For beams B2, B4 and B5 it can be seen that there was very good agreement between the 
experimental and analytical predictions of ultimate load, the analytical results being 
within ± 5 %  of the experimental values. However, for beam B3, the discrepancies were 
much greater, the analytical loads being around 45% above the experimental value. This 
suggests that the analytical predictions are more valid for plates covering a larger 
proportion of the beam width, as noted earlier.
In general, the discrepancies between the experimental and analytical predictions of 
failure load were greater for the CFRP plated beams than those strengthened with GFRP, 
although all analytical predictions were within ±20% of the experimental values. For 
beams B7, B8 and BIO, the analytical predictions appeared to overestimate the actual 
plated beam strength, whereas for beams B6 and B9, the predictions of ultimate strength 
were conservative. Beams B7 and BIO were the only two cases for which ec reached 
0.0035, although the compressive strain of beam B8 was very close to this value when 
plate and concrete cover separation occurred. Consequently, most confidence is placed 
in these results since less extrapolation was involved in deriving the experimental beam 
strengths. These results appear to suggest that the analytical model overestimates the 
strength of CFRP plated beams. The compressive strain of beam B5 was also close to 
0.0035 when failure occurred; in this case there was good agreement between the 
experimental load at which this would have occurred and the analytical predictions of the 
compressive failure load.
Comparing the results of the cracked and partially cracked sections, it can be seen that 
there is little to choose between either method in terms of predicting failure load. The 
results show that the use of a partially cracked section appears to give slightly more 
accurate predictions for the GFRP plated beams, whereas the use of a cracked section 
appears more accurate for predicting ultimate load when CFRP is used as the plating
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medium. There is therefore no clear conclusion as to which method of analysis provides 
the most accurate prediction of failure load.
The distribution of longitudinal strain through the depth of the central section of a 
strengthened beam can be predicted at a given stage of loading by the analytical models 
using the extreme fibre tensile and compressive strains and the assumption that the 
section strains are proportional to the distance from the neutral axis. These predictions 
can then be compared to those obtained experimentally using the demec readings about 
the beam centre. A typical example is shown in Figure 8.15 for CFRP plated beam B7, 
for which the plate ends were anchored by the support reactions.
------- 15 kN
-------15 kN (an’cal, cracked)
   — 15 kN (an'cal, p.cracked)
------- 30 kN
------- 30 kN (an'cal, cracked)
   — 30 kN (an'cal, p.cracked)
------- 45 kN
------- 45 kN (an’cal, cracked)
 • — 45 kN (an'cal, p.cracked)
Microstrain
Figure 8.15 Comparison of experimental and analytical section strains for CFRP plated 
beam B7.
It can be seen that the analytical predictions of strain distribution at the load levels 
considered agree reasonably well with those measured during testing, especially in the 
cracked region beneath the neutral axis. The analysis technique involves determination 
of the neutral axis depth x from the compression face of the beam. Consequently, the 
variation of x with the applied load can be attained for any beam configuration. This can 
then be compared to the approximate neutral axis positions obtained during testing from 
the demec readings taken at the central section of each beam at various loading stages. 
Such a comparison is shown in Figure 8.16 for the batch ‘B’ beams strengthened with a 
GFRP plate of cross-section 80 x 1.2 mm. Figure 8.17 shows a similar comparison for 
the beams strengthened with a CFRP plate of the same cross-sectional area.
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 *---Beam B2
 o---Beam B5
-------Analytical (cracked)
-------Analytical (partially cracked)
0 10 20 30 40 50
Total applied load (kN)
Figure 8.16 Variations of neutral axis depth with applied load for beams strengthened 
with a GFRP plate 80 x 1.2 mm.
 a Beam B6
 * Beam B7
 * Beam B8
 * Beam B9
------- Analytical (cracked)
------- Analytical (partially cracked)
0 10 20 30 40 50 60 70
Total applied load (kN)
Figure 8.17 Variations of neutral axis depth with applied load for beams strengthened 
with a CFRP plate 80 x 1.2 mm.
For the cracked section analysis, the neutral axis depth initially increased, whereas for 
the partially cracked case, the neutral axis was initially at a greater depth, then gradually 
rose as loading continued. This behaviour reflects the fact that the tensile force in the 
concrete becomes progressively less significant as the forces in the internal steel, 
external plate and concrete in compression become more dominant. The neutral axis 
depth given by the partially cracked analysis lies above that of the cracked case 
throughout the loading range as a result of the additional tension force in the concrete, 
which lowers the neutral axis.
As the internal steel reaches its yield point, the external plate is forced to support an
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increased proportion of the tensile component in the section. The beam then continues to 
resist the increasing applied moment by an upward movement of the neutral axis, as 
shown in the Figures above by a decrease in the neutral axis depth, resulting in a 
somewhat increased lever arm. As loading continues, however, the neutral axis reaches a 
stable level before increasing in depth slightly just before compressive failure occurs. 
These variations are dependent to some extent on the shape of the assumed concrete 
compressive stress block.
It can be seen that the neutral axis was at a lower position in the section at a given load 
for the CFRP strengthened beams than when GFRP was used as the plating material. 
This reflects the increased area stiffness of the external CFRP plate. For a given applied 
load, and hence moment of resistance, the tensile component of force in the section was 
higher when CFRP was used, the lever arm, and hence the neutral axis depth, thereby 
being reduced for the same moment.
It can also be seen that for the GFRP plated beams, Figure 8.16, the neutral axis depth 
variations measured experimentally followed fairly closely the characteristics of the 
analytical curve obtained assuming a partially cracked section, with an in itially low 
neutral axis position, rising as loading progressed. Although there was greater variability 
for the CFRP plated beams, a sim ilar pattern could be observed. In general, the 
experimentally measured positions were at a greater depth than those predicted 
analytically, especially at low load levels and even when a partially cracked section was 
used in the analysis. This demonstrates that the concrete is even more effective at 
supporting tensile force beneath the neutral axis than assumed by the partially cracked 
model taken from BS 8110,1985 for normally reinforced concrete. This shows that the 
amount of tension stiffening is enhanced by the addition of the external plate, a greater 
amount of tensile stress being transferred to intact concrete by the combination of 
internal steel and external plate than by the steel reinforcement alone. Such a conclusion 
agrees with the observation of Jones et a l., 1986 and Swamy et alL, 1989.
8.2.6.2 2.3 m length beams
Analysis of an unplated and strengthened 2.3 m length beam was also carried out in the 
same way with the appropriate material and geometric properties given in Chapter 3 and 
Chapter 4, allowing comparison with the experimental results obtained from beams L I, 
L2 and L3, thereby testing the validity of the analytical technique for larger-scale beams. 
Both cracked and partially cracked concrete sections were again investigated; elastic- 
perfectly plastic behaviour was assumed for the steel in the cracked section analysis, 
whilst steel strain hardening was included for the partially cracked case. The self-weight 
of the beam was taken into account in all analyses.
Figure 8.18 compares the overall response of unplated 2.3 m beam L I with the
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behaviours derived analytically using both a cracked and partially cracked concrete 
section. A comparison of the compressive strains at the beam centre are shown in Figure
8.19.
Central deflection (mm)
Unplated beam Ll 
Analytical, cracked
------- Analytical, partially cracked
Figure 8.18 Analytical and experimental load/deflection responses for unplated 2.3 m 
beam Ll.
-------Unplated beam Ll
-------Analytical, cracked
-------Analytical, partially cracked
0 0.0005 0.001 0.0015 0.002 0.0025 0.003 0.0035
Longitudinal compressive strain
Figure 8.19 Analytical and experimental compressive strain responses for unplated 
2.3 m beam L l.
Figure 8.18 shows that both analytical models overestimated the post-cracking stiffness 
of the unplated 2.3 m beam. In addition, the partially cracked section analysis 
overestimated the member stiffness after yielding of the internal steel. This reflects the 
fact that the concrete beneath the neutral axis provides some tensile resistance, as does 
the internal steel which is undergoing strain hardening, allowing the moment of 
resistance of the section to increase and hence the beam to carry additional load. In the
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case of the cracked section, for which perfectly plastic steel behaviour was assumed after 
yielding, it can be seen that very little additional load could be supported beyond this 
point. Since collapse of the experimental unplated beam occurred shortly after the 
initiation of steel yield, it is difficult to determine which mode of analysis was most 
appropriate; the behaviour appears to lie somewhere between the two extremes.
Despite the discrepancies between the experimental and analytical deflection behaviours, 
the compressive bending strain response of beam Ll was very closely modelled in both 
cases up to steel yield, as shown in Figure 8.19. Beyond this point, the response derived 
from the partially cracked analysis lies above that obtained experimentally. These results 
seem to suggest that ignoring any steel strain hardening, as in the cracked section 
analysis, produces the closest representation of actual unplated behaviour.
The load/deflection responses obtained for the 2.3 m length beams strengthened with a 
CFRP plate of cross-section 90 x 1.3 mm are compared with the analytically derived 
behaviours in Figure 8.20. The strain responses at the centre of the external plate are 
compared in Figure 8.21, whilst the compressive strains are shown in Figure 8.22.
Central deflection (mm)
-------Beam L2 (unanchored)
-------Beam L3 (anchored)
-------Analytical, cracked
-------Analytical, partially cracked
Figure 8.20 Analytical and experimental load/deflection responses for 2.3 m beams 
strengthened with a CFRP plate of cross-section 90 x 1.3 mm.
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Beam L2 (unanchored) 
Beam L3 (anchored) 
Analytical, cracked 
Analytical, partially cracked
Figure 8.21 Analytical and experimental plate strain responses for 2.3 m beams 
strengthened with a CFRP plate of cross-section 90 x 1.3 mm.
-------Beam L2 (unachored)
-------Beam L3 (anchored)
-------Analytical, cracked
-------Analytical, partially cracked
0 0.0005 0.001 0.0015 0.002 0.0025 0.003 0.0035
Longitudinal compressive strain
Figure 8.22 Analytical and experimental compressive strain responses for 2.3 m beams 
strengthened with a CFRP plate of cross-section 90 x 1.3 mm.
The overestimation of flexural rigidity demonstrated by the analytical models for the 
unplated 2.3 m beam Ll was maintained when the beam was strengthened with CFRP, as 
shown in Figure 8.20. Although use of the partially cracked section was more 
representative at low loads, neither analytical method modelled the deflection responses 
accurately. The post-yielding stiffness of beam L3, for which the plate ends were 
anchored with bolted endplates, also appears to have been overestimated analytically. 
This is due to the fact that, during testing, crushing was initiated close to one of the load 
points after 110 kN, which reduced the overall member stiffness. Any localised 
concentrations of stress, such as at discontinuities in loading, are not accounted for in the 
bending theory on which the analytical techniques are based. As such, stresses obtained
Longitudinal strain at centre of plate (microstrain)
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in practice can be well in excess of those predicted from the flexure equations, and hence 
failure initiated at lower applied loadings. Figure 8.20 also demonstrates that the form of 
the behaviour adopted for the internal steel reinforcement after yielding has occurred is 
of greatly reduced significance when the member is externally strengthened, since the 
majority of the tensile component in the section is then supported by the plate.
As with the unplated beam L l, the discrepancies in deflection were not repeated by the 
bending strain responses. Figure 8.21 shows that both models represented the tensile 
strain behaviour at the centre of the plate before yielding very accurately, with the 
partially cracked section being slightly more representative initially. The compressive 
strain responses before yielding, Figure 8.22, were equally well modelled. After yielding 
of the internal steel, the tensile strain rate at the centre of the external plate for beam L3 
was found to increase by a greater amount than predicted by the analytical models 
(Figure 8.21). This was a result of the initiation of crushing failure in the experimental 
case, as shown by the sudden reduction in compressive strain for beam L3 in Figure 8.22 
as delamination of the surface layers of concrete occurred.
The predictions of deflection response calculated for the GFRP plated 1.0 m length 
beams of batch ‘B’ were in good agreement with the deflections observed during testing, 
as shown in Figure 8.6 on page 288. However, when CFRP was used to strengthen the 
beams, the deflection under a given load was underestimated by the analytical models, 
both before and after yielding, although the bending strain responses were accurately 
represented. This behaviour was also repeated for the larger-scale 2.3 m beams 
strengthened with CFRP as described above, and suggests that the method employed for 
calculating the central deflection is not valid when CFRP is used. Calculating increments 
of deflection using (8.2) on page 287, based on the assumption that the E l value remains 
constant over a given load increment, appears less accurate when CFRP is utilised, 
underestimating the actual deflections experienced and causing a substantially greater 
accumulation of error in deflection than when GFRP is used. This perhaps reflects the 
considerably higher flexural rigidity of beams strengthened with CFRP.
The longitudinal strain responses at the gauge positions along the external plate can be 
calculated for the strengthened 2.3 m beams as previously described for the 1.0 m length 
specimens. A comparison of the analytically derived curves and those obtained 
experimentally for beam L3 is shown in Figure 8.23. The gauge positions refer to those 
shown in Figure 3.13 on page 73. The analytical responses were calculated with the 
partially cracked section.
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-------End
-------End (analytical)
-------Shear span 1
-------Shear span 1 (analytical)
-------Shear span 2
-------Shear span 2 (analytical)
-------Shear span 3
------ Shear span 3 (analytical)
-------Centre
-------Centre (analytical)
0 1000 2000 3000 4000 5000 6000 7000
Longitudinal strain (microstrain)
Figure 8.23 Strain responses at various positions along plate for beam L3.
It can be seen that the same characteristics demonstrated by the strengthened 1.0 m 
length beams were also shown by the larger-scale specimens. Although initial agreement 
was good, as flexure/shear cracking became more dominant in the shear spans, the 
longitudinal strains recorded experimentally exceeded those predicted by the analytical 
model as a result of the increased shear force acting on the member. At the beam centre, 
in the region of pure bending unaffected by vertical shearing forces, it can be seen that 
the agreement between the experimental and analytical responses was much closer, as 
noted above.
A comparison of the experimental and analytically derived serviceability limit and yield 
loads for the 2.3 m length beams is given in Table 8.5; in each case, the discrepancies in 
the cracked and partially cracked predictions compared to the experimental value are 
also given.
Table 8.5 Comparison of experimental and analytical serviceability and yield loads.
Beam Actual SL Analytical Analytical SL Actual Y L Analytical Analytical Y L
(kN) SL (cracked) (partially cracked) (kN) Y L  (cracked) (partially cracked)
(kN) (kN) (kN) (kN)
LI (unplated) 40.4 45.29 (+12.1%) 46.35 (+14.7%) 74.0 73.26 (-1.0%) 77.22 (+4.4%)
L2 45.6 51.43 (+12.8%) 52.05 (+14.1%) not reached 95.27 99.21
L3 45.6 51.43 (+12.8%) 52.05 (+14.1%) 110.0 95.27 (-13.4%) 99.21 (-9.8%)
It can be seen that the serviceability loads of the plated and unplated 2.3 m length beams, 
which were governed by the compressive stress in the concrete, were overestimated by 
both analytical techniques by over 10%, the partially cracked analysis being slightly less 
accurate. The discrepancies in the serviceability loads obtained through the use of the
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cracked section demonstrates the effect of variations in the neutral axis depth on the 
calculations performed. The actual serviceability load values given in the second column 
of Table 8.5 were obtained using the neutral axis depth based on an elastic analysis of the 
cracked transformed section. In the analytical models, the position of the neutral axis 
changes with applied load level, for example as shown in Figure 8.16 on page 300 for the 
1.0 m length beams, in response to the non-linear behaviour of the concrete. The second 
moment of area of the section, I and the bending strains are thus also affected.
For the unplated beam L l, the yield load was accurately predicted, the cracked section 
analysis just underestimating the experimental value of 74.0 kN. For the strengthened 
beams, the yield load was not reached before failure for beam L2, whilst for anchored 
beam L3, both analytical models underestimated the yield load obtained in practice by up 
to 13%, the partially cracked analysis in this case producing the most accurate value.
The ultimate load of the unplated beam Ll was predicted as 75.86 kN using a cracked 
concrete section and 89.13 kN when a partially cracked section with steel strain 
hardening was assumed. These values compare with the experimentally measured value 
of 77.2 kN, the cracked analysis thereby underestimating load-carrying capacity by 2% 
while the partially cracked case overestimated member strength by 15%. Both models 
correctly predicted that failure of the unplated beam would occur in an under-reinforced 
manner, with concrete crushing following steel yield.
When the 2.3 m beam was strengthened with a pultruded CFRP plate of cross-section 90 
x 1.3 mm, the analytical predictions of ultimate flexural strength increased to 125.0 kN 
for the cracked section and 128.59 kN for the partially cracked case. In both cases, 
compressive failure was predicted, with crushing occurring after steel yield but before 
tensile failure of the external plate. Plated, unanchored beam L2 failed prematurely as a 
result of plate and concrete cover separation at a load of 108.7 kN, thereby producing 
large discrepancies in comparison to the predicted strengths. Beam L3, for which the 
plate ends were anchored, achieved a compressive flexural failure with a maximum 
applied load of 119.4 kN. Both analytical techniques therefore predicted the correct 
mode of failure and were accurate in estimating ultimate load, the cracked section 
analysis overestimating strength by 5% and the partially cracked case by 8%.
A comparison of the analytical and experimental longitudinal strain distributions through 
the depth of the central section at several load levels for plated 2.3 m beam L2 is shown 
in Figure 8.24. It can be seen that, as with the 1.0 m beams, there is reasonable 
agreement between the measured distributions and those derived analytically.
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Figure 8.24 Comparison of experimental and analytical section strains for 2.3 m beam
L3.
The variations of neutral axis depth x with applied load are compared in Figure 8.25 for 
the strengthened 2.3 m beams L2 and L3. The analytical curves derived for the 2.3 m 
beams demonstrated the same characteristics as those of the smaller-scale 1.0 m length 
beams, as discussed previously. The form of the experimental variations for beams L2 
and L3 are similar to that predicted by the analytical model utilising a partially cracked 
concrete section, the neutral axis initially rising at a high rate as the concrete cracks in 
tension before its position stabilises. Experimental readings were not taken up to the 
yield point for either plated 2.3 m beam, and thus the effect which this has on the 
position of the neutral axis could not be assessed. The curve for unanchored beam L2 lies 
below the analytical predictions, whereas that of beam L3, for which the plate ends were 
anchored, initially lies above. This type of behaviour was also exhibited by the CFRP 
plated batch ‘B’ beams, as shown in Figure 8.17 on page 300, the inclusion of 
anchorages apparently lowering the position of the neutral axis. The similarity in the 
responses of the plated 1.0 m and 2 .3 m length beams in terms of variation of neutral axis 
depth throughout the loading range can be seen by comparing Figure 8.17 with Figure 
8.25, demonstrating that the small-scale beams closely represent the response of more 
realistic size members.
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Figure 8.25 Variation of neutral axis depth with applied load for plated 2.3 m beams.
The neutral axis depths recorded experimentally from demec readings can also be used 
in combination with the extreme fibre compressive strain and the applied loading to 
calculate the experimental flexural rigidity of the member in question using the linear 
elastic bending equation
El = M “Y" (8.3)
8 c
These values can be compared with those derived analytically based on the same 
expression. A comparison at an applied load level of 50 kN is given in Table 8.6. This 
represents a load close to the serviceability limit conditions, at which it is fair to assume 
that the concrete in compression, as well as the steel and external plate were still 
behaving elastically, allowing (8.3) to be used. The analytical values were obtained using 
the cracked section.
Table 8.6 Comparison of experimental and analytical flexural rigidities.
Beam Experimental El Analytical El Expt’l/AnaFl
(xl012N . m m 2) (xl012N . m m 2) El
LI (unplated) 1.86 1.61 1.16
L2 1.82 2.03 0.90
L3 2.49 2.03 1.23
This shows that there is reasonable agreement between the experimental and theoretical 
rigidities, the analytical values underestimating those measured for beams LI and L3, 
but overestimating that of beam L2. The high experimental value of E l for beam L3 is a 
result of the low measured position of the neutral axis within the section; as shown in 
Figure 8.25, this was substantially lower than that of the plated but unanchored beam L2,
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the only difference between the plated systems being the inclusion of plate end 
anchorages for beam L3.
In all of the analyses presented above, the contribution to the tensile component of force 
in the section of the adhesive layer has been ignored; in effect, a cracked bondline, which 
supports no tensile stress has been assumed. The normal stress/strain behaviour of the 
adhesive cross-section as loading progresses is unclear; once the tensile strength of the 
material has been reached, the layer becomes cracked but, in the same way as the 
concrete beneath the neutral axis, still supports some tensile stress in sound material 
between cracks as transferred through bond by the adjacent adherends. A partially 
cracked adhesive layer would therefore probably be the closest approximation to actual 
behaviour. It can be shown, however, that the effect of the adhesive cross-section on the 
flexural behaviour of strengthened beams derived analytically is relatively insignificant. 
By assuming that the adhesive behaves linearly up to its tensile strength, with the 
stiffness taken as the initial modulus of elasticity of the response determined in tensile 
testing (Chapter 3), and thereafter behaves in a perfectly plastic manner supporting a 
constant tensile force, it was found that the ultimate load of the 1.0 m length beams was 
increased by less than 3%, and the strengths of the 2.3 m beams by only 1%. The 
maximum plate strains at flexural failure were decreased by similar amounts. It is 
therefore justifiable to assume a cracked adhesive layer for simplicity in theoretical 
calculations.
8.2.6.3 Comparison of ultimate capacity with rectangular stress block
The analytical model developed can be used to predict the flexural behaviour of 
strengthened beams for any combination of beam and external plate. The simplified 
rectangular stress block for concrete in compression of BS 8110, 1985 can be used to 
generate equations for ultimate moment of resistance, and hence ultimate load carrying 
capacity, of plated sections when failure involves concrete crushing. For example, the 
strain, stress and force distribution in the section when failure occurs by steel yield 
followed by concrete crushing, with the plate strain below its ultimate value is shown in 
Figure 8.26. It can be seen that a cracked concrete section is assumed.
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0.0035
Figure 8.26 Steel yield/concrete crushing failure mechanism; rectangular stress block 
By similar triangles,
0.0035 ( h - x )
and thus
By equilibrium,
e P =
0.0035Ep ( h - x )  
fp = x
(8.4)
(8.5)
x = fy A s +  fp A p0-6fcub (8.6)
Substituting for fp into (8.6) gives a quadratic in x:
0.6fcubx - x ( f yAs -0.0035E pAp)-0 .0 0 3 5 E pAph = 0 (8.7)
This can be solved to find the neutral axis depth x and hence the stress in the plate from 
(8.5) and the position of the centroid of the compressive stress block. The ultimate 
moment of resistance can then be found by taking moments about the compression force, 
and hence the load producing this moment using the loading configuration under 
consideration.
The external plate areas utilised in the 1.0 m length batch ‘B’ beams and also the 2.3 m 
beams were such that flexural failure is theoretically predicted to occur in compression
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after steel yield but before the plate has reached its ultimate strain value. The ultimate 
loads of all of the 1.0 m and 2.3 m length beams which failed in this way when tested to 
failure can therefore be compared to those calculated using the iterative analytical 
techniques described earlier, and also using (8.7) for the rectangular stress block, 
incorporating the appropriate material and geometric properties. In addition to the batch 
‘B ’ beams B7 and BIO and 2.3 m beam L3 which are considered above, this includes 
batch ‘A’ beam A2h and batch £C’ beam C5, both 1.0 m length specimens. The 
maximum longitudinal strains measured in the external FRP plate at these ultimate loads 
can also be compared to the values calculated theoretically. Such comparisons are 
presented in Table 8.7 and Table 8.8.
Table 8.7 Comparison of ultimate loads for beams which failed in compression.
Beam Actual U L Analytical U L Analytical U L U L  for rectangular
(kN) (cracked) (kN) (partially 
cracked) (kN)
stress block (kN)
A2h 49.0 42.21 (-13.9%) 44.08 (-10.0%) 39.27 (-19.9%)
B7 63.5 63.23 (-0.4%) 64.49 (+1.6%) 58.62 (-7.7%)
BIO 55.5 59.18 (+6.6%) 60.59 (+9.2%) 55.11 (-0.7%)
C5 55.0 51.15 (-7.0%) 52.09 (-5.3%) 45.65 (-17.0%)
L3 119.4 125.00 (+4.7%) 128.59 (+7.7%) 115.49 (-3.3%)
Table 8.8 Comparison of maximum plate strains at failure.
Beam Max. plate strain Analytical max. Analytical max. Max. plate strain for
recorded (pS) plate strain plate strain (partially rectangular stress block
(cracked) (pS) cracked) (pS) (MS)
A2h 8591 9692 (+12.8%) 8817 (+2.6%) 9069 (+5.6%)
B7 6395 7239 (+13.2%) 6889 (+7.7%) 6969 (+9.0%)
B10 6989 8054 (+15.2%) 7603 (+8.8%) 7757 (+11.0%)
C5 4100 4813 (+17.4%) 4597 (+12.1%) 4449 (+8.5%)
L3 6630 7227 (+9.0%) 6716 (+1.3%) 6695 (+1.0%)
It can be seen that the predictions of failure load derived using the analytical techniques 
were in general very good, all lying within ±10% of the value determined in testing 
except for beam A2h, for which the beam strength was underestimated by a slightly 
larger amount. This suggests that confidence can be placed in the iterative analytical 
technique for predicting the ultimate loads of externally strengthened RC beams 
irrespective of member size, type of external FRP plate or material properties of the 
system, as long as failure occurs in flexure. On average, the cracked section analysis 
underestimated beam strength by 2%, whereas use of the partially cracked section 
resulted in a negligible overestimate of only 0.6%. Use of the rectangular compressive
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stress block gave predictions of failure load which underestimated that found in practice 
by varying amounts up to 20%. This demonstrates the conservative nature of this 
method; inclusion of the partial safety factors on the material strengths normally 
associated with the design of RC members would reduce the estimated beam strengths 
further.
In terms of maximum plate strain at the associated failure load, it can be seen from Table 
8.8 that there was reasonable agreement between the measured values and those derived 
analytically, all theoretical values overestimating those observed in testing by up to 17%. 
It can be seen that use of the partially cracked section gave more accurate predictions of 
maximum plate strain; the average error in this case was 6.5%, whereas the cracked 
concrete section analysis resulted in more than double this value at 13.5%. This 
demonstrates that ignoring the contribution of the concrete to supporting the tensile 
component of force in the section leads to larger, more conservative overestimates of the 
state of strain in the external plate. The fact that even the BS 8110 partially cracked 
section slightly overestimated the plate strains shows that the proportion of tensile force 
carried by the concrete was greater than the assumed distribution for normal reinforced 
concrete, again demonstrating the enhanced tension stiffening resulting from the use of 
an externally bonded plate. Use of the rectangular compressive stress block resulted in an 
average overestimate of maximum strain of 7%, similar to that obtained with the 
parabolic stress block and partially cracked concrete section.
8 .2 .7  E ffe c t o f  e x te r n a l  p la te  a n d  in te r n a l  s tee l a re a s  o n  b e h a v io u r
The analytical techniques described in this Chapter can be used to investigate the effects 
which the area of external FRP plate provided has on the serviceability and ultimate load 
of the strengthened system, and the associated mode of failure, assuming that this occurs 
in flexure. The increases in flexural rigidity of the retrofitted member as a function of 
external plate area can also be predicted analytically.
The following Figures represent typical results obtained for the beam configurations 
studied; the appropriate material and geometric properties, as given in Chapter 3 have 
been used to derive the curves. However, such relationships could be generated for any 
combination of beam and external plate if  the properties of the system were known.
Figure 8.27 shows the variation of serviceability load with the area of external plate 
provided for the 2.3 m length beams. Figure 8.28 shows the effect of external FRP plate 
area on the load-carrying capacity of the 1.0 m length batch ‘B’ beams, while Figure 8.29 
considers the same relationship for the 2.3 m beams. Both GFRP and CFRP materials 
have been considered; although no 2.3 m length beams were strengthened with a GFRP 
plate in the experimental investigation, the analytical curves are presented as a 
comparison against the CFRP results. The effect of external plate area on the flexural
8.2. Part A: Prediction of flexural response 313
rigidity value El, calculated at the serviceability load level using (8.3) on page 309, is 
shown in Figure 8.30 for the 2.3 m beams. In all cases, the results are presented as area of 
external plate against increases in load or stiffness over the corresponding values of the 
basic, unplated member, to illustrate the magnitude of the strengthening or stiffening 
effect produced by plating. Thin FRP plates only are considered; increases in the lever 
arm to the centroid of the plate as a result of using thicker plates are not accounted for. A 
cracked concrete section has been assumed for all the cases shown.
Pultruded GFRP 
Pultruded CFRP
Cross-sectional area of external plate (in in 2)
Figure 8.27 Effect of external plate area on serviceability load of 2.3 m beams.
It can be seen in Figure 8.27 that the increases in serviceability load attained for the 2.3 
m beams through the use of CFRP are considerably greater than those associated with 
GFRP, especially for higher areas of external plate. Such an effect was noted for the 1.0 
m length beams of batch ‘B \ For both plating materials shown, the serviceability load is 
governed by the stress in the concrete reaching 0.5^ , largely because of the high yield 
strength shown in tests on samples of the reinforcing steel. If the serviceability load had 
initially been governed by the stress in the steel, the rate of increase of serviceability load 
with plate area would have been higher than those shown in Figure 8.27 until the area of 
external plate was such that the concrete strength governed serviceability. Although 
hardly apparent from the curves, there is a slight reduction in the rate of increase of 
serviceability load with plate area for both plating media.
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Pultruded GFRP 
Prepreg CFRP
Cross-sectional area of external plate (mm2)
Figure 8.28 Effect of external plate area on load-carrying capacity of batch ‘B ’ beams.
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Figure 8.29 Effect of external plate area on load-carrying capacity o f 2.3 m beams.
The curves shown in Figure 8.28 for the 1.0 m beams and Figure 8.29 for the 2.3 m 
demonstrate that for both types of plating material, the ultimate load increases with the 
external plate area, as would be expected. However, the rate of increase in ultimate load 
decreases as the plate area increases. For both beam geometries, strengthening with 
CFRP generally produces higher ultimate capacities than the use of GFRP. A 
comparison of the results obtained for the 1.0 m and 2.3 m length beams shows that 
much greater increases of ultimate load over the unplated case can be achieved for the 
smaller-scale beams. For example, increases of over 300% can be achieved by 
strengthening a 1.0 m beam with CFRP, whereas the possible gains achievable by 
similarly plating a 2.3 m beam are much more modest at around 80%. This reflects the 
fact that for the 1.0 m specimens, the plate thickness was not scaled down with the other
■ Pultruded GFRP 
Pultruded CFRP
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beam dimensions; physical constraints on the thickness of the composite which could be 
pultruded prevented the plate thickness being reduced further.
Pultruded GFRP 
Pultruded CFRP
Figure 8.30 Effect of external plate area on flexural rigidity of 2.3 m beams.
For the 2.3 m length beams, the increases in flexural rigidity which are attainable at the 
serviceability load through the use of external reinforcement can be seen in Figure 8.30 
to be considerably enhanced through the use of CFRP, reflecting the materials increased 
area stiffness. There is an almost linear relationship between the plate area and the 
increase in flexural rigidity for the cases considered. Covering the entire 2.3 m section 
width of 130 mm with pultruded CFRP 1.3 mm thick would theoretically result in an 
increase in flexural rigidity of 33% compared to the existing, unplated 2.3 m length 
member, implying reduced structural deformations and also greater control of cracking. 
The increase in flexural rigidity results in reduced beam rotation under a given load, 
hence lower bending strains, and consequent increases in serviceability load, Figure 8.27 
on page 314, and ultimate load, Figure 8.29.
When externally plating an existing beam, the effect is to increase the area of material 
resisting the tensile component of the moment couple. If premature forms of failure 
associated with debonding or shear effects are ignored, then externally reinforced 
members will fail in one of three flexural modes depending on the proportional areas of 
internal steel reinforcement and external plate. For low areas of reinforcing steel and 
plate, the failure mechanism will be by steel yield followed by plate rupture, with the 
compressive strain at the upper surface of the concrete being less than 0.0035. An upper 
limit to this failure mechanism will be when the steel has yielded and the plate ruptures 
at the same instant as the concrete strain reaches 0.0035. This represents the most 
balanced failure mode, since all three materials have reached their ultimate strain values. 
For larger plate areas, the failure mechanism will be by steel yield followed by concrete
Cross-sectional area of external plate (mm2)
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crushing, with the maximum tensile strain in the plate being less than that which causes 
rupture. For high areas of steel and plate, the failure mechanism will be by crushing of 
the concrete before the steel has reached its yield strain or the plate its ultimate strain. A 
lower limit to this failure mechanism will be when concrete crushing and steel yielding 
occur simultaneously, with the plate strain less than its ultimate value.
The occurrence of changes in failure mode are indicated on the curves shown in Figure 
8.28 and Figure 8.29 on page 315 by sudden changes in gradient as the plate area 
increases. For the 1.0 m length beams strengthened with GFRP of thickness 1.2 mm, 
Figure 8.28 suggests that the plate would fail in tension only at very low plate widths of 
less than 15 mm (total plate area < 1 8  mm2). Above this, compression failure precedes 
plate rupture. This reflects the high ultimate strain value of the GFRP and the relatively 
modest increases in member stiffness associated with its use. For a CFRP plate with 
lower strain to failure, this change in failure mode from tension to compression is 
predicted by the analytical model to occur at a width of around 60 mm (total plate area 
72 mm2). When the mode of failure is compressive, variations in the external plate area 
appear to have relatively less effect on the ultimate load than when failure is governed by 
tensile rupture of the external plate.
9
It can be seen in Figure 8.28 on page 315 that at plate areas less than 20 mm, 
strengthening the 1.0 m beams with GFRP provides the greatest increases in ultimate 
load. This reflects the fact that in this region failure is governed by ultimate plate strain, 
which is higher for the GFRP. However, at greater plate widths, when failure of the 
GFRP plated beam is governed by crushing of the concrete, the increase in ultimate load 
is much more significant when CFRP is used. Even when compressive failure of the 
concrete governs the ultimate state of the CFRP plated case (i.e. at widths greater than 60 
mm), the ultimate loads are much higher than those of beams strengthened with a GFRP 
plate of the same width. This is a result of the increased stiffness of the carbon 
composite; for a given plate area, the member will rotate less under the action of a given 
external load when strengthened with CFRP than for a beam strengthened with GFRP, 
and consequently the bending strains will be lower, with compressive failure delayed 
until a higher load is reached.
When GFRP is used to strengthen a 2.3 m beam, Figure 8.29 on page 315, the failure 
mechanism is always steel yield followed by concrete crushing; even with the smallest 
areas of plate, the longitudinal strains are not high enough to cause the plate to fail in 
tension before the concrete reaches its ultimate strain value. When CFRP is used as the 
plating material, the primary failure mechanism predicted by the analytical model for 
low plate widths is rupture of the plate in tension. However, at a plate width of around 80 
mm (total plate area 104 mm2), the failure mechanism changes to concrete crushing.
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The predictions of ultimate load and mode of failure given above apply to one specific 
steel reinforcement ratio. The areas of internal steel which were used in the 1.0 m and 2.3 
m length beams were such that theoretically, steel yield always preceded tensile failure 
of the plate or compressive failure of the concrete. However, predictions of failure mode 
can be extended to cover a wider range of reinforcement cases through the use of failure 
diagrams, whereby the type of failure is predicted for the geometry and materials used 
depending on the relative areas of internal reinforcing steel and external plate. Such a 
technique was also adopted by Triantafillou and Plevris, 1992. At the points at which the 
failure mode changes, the states of stress and strain in the section are known; at balanced 
failure, when the mode of failure changes from tension to compression, the concrete and 
external plate have both reached their respective ultimate strain values, whilst the stress 
in the steel is the yield value. At simultaneous steel yield/concrete crushing, the strain 
values in the extreme compressive fibre and the internal steel reinforcement are known. 
At both failure mode changes, the full compressive stress block of the concrete at failure 
is attained. The form of this stress block may be either parabolic, as assumed thus far, or 
rectangular, as assumed in the simplified case of BS 8110,1985.
By using similar triangles to calculate the neutral axis depth and applying the condition 
of equilibrium, equations can be derived from these known states of stress and strain in 
which the plate and steel areas are variables. Setting the values of As and Ap alternately 
to zero and solving the derived equilibrium equation establishes the boundary lines at 
which the mode of failure changes. The resulting relationship between reinforcement 
areas and failure mode are shown in Figure 8.31 and Figure 8.32 for the batch ‘B’ beams 
strengthened with, respectively, GFRP and CFRP, and in Figure 8.33 for the 2.3 m beams 
strengthened with CFRP. The results obtained from the analytical model using a 
parabolic compressive stress block and assuming cracked concrete behaviour below the 
neutral axis have been compared to those calculated using the simplified rectangular 
stress block of BS 8110, excluding all partial safety factors, which are shown in red. The 
failure mechanism boundaries have been calculated for both balanced failure and 
simultaneous steel yield/concrete crushing.
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Plate area ratio, Ap/bd
Figure8.31 Failure diagram for 1.0m batch ‘B’ beam plated with GFRP
Plate area ratio, Ap/bd
Figure 8.32 Failure diagram for 1.0 m batch ‘B’ beam plated with CFRP.
Plate area ratio, Ap/bd
Figure 8.33 Failure diagram for 2.3 m beam plated with CFRP
It can be seen that for GFRP plated 1.0 m length beams, Figure 8.31, there is a much 
smaller region below the balanced failure line, wherein the failure mechanism predicted 
is steel yield followed by plate rupture, than if CFRP were to be used as the
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strengthening medium. This demonstrates that, for practical cases, the desired increases 
in structural strength and/or stiffness could only be achieved with GFRP by using the 
material relatively inefficiently, operating at strains representing only a fraction of the 
failure value. For the 2.3 m beams, no such lower region exists for GFRP plated beams 
since in this case, concrete crushing always precedes tensile failure.
Since sudden rupture of the external FRP plate in tension represents the most 
catastrophic form of failure of a strengthened member, the amount of external plate 
provided which corresponds to balanced failure represents the desirable lower limit. For 
the 1.0 m length batch ‘B ’ beams, strengthening with a pultruded GFRP plate of width 
greater than 15 mm or a CFRP prepreg plate width greater than 60 mm should ensure 
flexural failure occurs in compression. For the 2.3 m beam configuration, a pultruded 
CFRP plate of greater than 80 mm width is recommended. It is further recommended 
that, in agreement with Triantafillou and Plevris, 1992, an upper limit to the area of 
external FRP provided be imposed which corresponds to the transition from the steel 
yield/concrete crushing to the compressive mode. This ensures that yielding of the 
internal steel occurs, enhancing ductility.
For a given area of internal steel, use of the rectangular stress block of BS 8110 
excluding partial safety factors predicts that both changes in failure mode would be 
achieved at a lower external plate area than if a parabolic stress block were assumed, and 
is therefore slightly more conservative.
8.2.7.1 Design considerations
The diagrams presented in this section represent potential tools for designing 
strengthening systems. For an existing structure, the geometry of the scheme is known 
and the properties of the materials involved could be obtained or assumed. The area of 
internal, longitudinal tensile reinforcing steel As could be taken from the initial design of 
the structure, if  available, or obtained from a covermeter survey. A failure diagram could 
then be constructed such as those shown above, from which an area of external plate 
could be taken to achieve the desired flexural mode of failure, likely to be steel yield 
followed by concrete crushing, with the plate strain below its ultimate value. The 
achievement of acceptable gains in serviceability load, ultimate strength or flexural 
rigidity could then be checked for the proposed system from diagrams such as those 
presented above against the specific requirements of the scheme, taking into account the 
appropriate loading cases likely to be encountered. Adequate factors of safety could then 
either be incorporated in the curves generated or applied to the predictions of actual 
response.
All of the relationships presented above, however, depend on the occurrence of flexural 
failure, either in tension or compression. It has been demonstrated experimentally that
8.2. Part A: Prediction of flexural response 320
the achievement of such failure, at least in compression, requires the inclusion of an 
effective anchorage system at the plate ends if the potential benefits of the strengthening 
system are to be exploited. It should also be considered in designing the scheme that the 
increases in flexural strength achievable may become limited by the shear capacity of the 
section unless adequate internal links are included or are provided externally within the 
strengthening programme to allow for the increased flexural capacity. Inadequate shear 
reinforcement may manifest itself either as catastrophic shear failure or by peeling off of 
the external plate as a result of vertical deformation across shear cracks.
8 .3  P a r t  B :  P r e d i c t i o n  o f  p r e m a t u r e  f a i l u r e
8 .3 .1  In tro d u c tio n
The analytical considerations presented above assume that failure of the externally 
strengthened member occurs ultimately in flexure, either in tension or compression, 
depending on whether the external FRP plate or the concrete reaches its respective 
ultimate strain value first. However, in addition to failure of the concrete or plate, a 
premature form of collapse may occur. If it is assumed that adequate shear reinforcement 
is provided to ensure that catastrophic shear failure of the section does not occur, then 
non-flexural collapse results from debonding of the external plate in some way. This may 
occur as a result of cohesive failure within the bondline, adhesive failure at the plate/ 
adhesive or adhesive/concrete interfaces, or peeling off of the plate as a result of vertical 
displacement across the base of shear cracks (shear step failure). In addition, horizontal 
shear failure within the bottom layers of concrete adjacent to the bondline, or failure at 
the level of the longitudinal steel reinforcement may occur, causing the external plate to 
peel away from the section with the concrete cover still attached. The premature forms of 
failure observed in the present programme of beam testing have been described in 
Chapter 4.
Premature failure of the strengthening system due to separation between the plate and the 
concrete has been widely reported in experimental investigations concerned with plate 
bonding utilising both steel and FRP plates. Experimental tests show that externally 
bonded plates have a tendency to peel away from the member after the formation of 
diagonal shear cracks or when the curvature of the member is increased. The 
mechanisms behind such failure have been studied experimentally; these studies can be 
categorised in terms of the forces that are present near the ends of the plate where 
separation generally initiates: Ong et a l 1982 tested specimens in which the plates 
terminated in regions of bearing stress; Van Gemert, 1981 in regions of pure shear; Jones 
et a l ,  1988 in regions of shear and flexure; and Johnson and Tait, 1981 in regions of 
shear, flexure and axial force. As a result of these investigations, all of which utilised 
steel plates, several simple design rules have been proposed for preventing premature
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peeling failure, such as restricting the x/d ratio (Swamy et al., 1987) and the b /t ratio 
(Macdonald, 1982; Swamy et al., 1987). This latter proposal has since been adopted for 
the design of steel plating schemes in BA 30/94,1994. Several investigations reported in 
the literature have proposed theoretical arguments to explain the occurrence of 
premature failure of the external strengthening system, and these are considered in this 
section.
When a beam is externally strengthened then loaded in flexure, the adhesive layer 
experiences shearing stresses. This shear, or bond stress is directly related to the 
variations of axial stress within the external plate. Considering equilibrium at the plate/ 
adhesive interface in a region remote from the plate end results in the following 
expression for bond stress;
= r ( S )  = V p©  <8-8>
r
where bp and tp are the width and thickness of the external plate respectively, Ep is the 
modulus of elasticity of the plate and dTp is the change in axial plate force causing a 
change in strain de. This implies a constant bond stress for a linear variation in plate 
strain and high shearing stresses where the strain gradient is high, which occurs where 
there is a sudden change of section or over a concrete crack. Several investigators have 
utilised this relationship by measuring increments of longitudinal strain on the outer 
surface of the external plate in its end regions to obtain an assumed distribution of bond 
stress, %
The shear formula
,  -  ^  < * »
can be used to calculate the elastic horizontal shear stress at the adhesive interface 
between the RC beam and the external plate. In this case, V is the vertical shear force 
acting on the section, A is the transformed area of the plate, y is the distance from the 
neutral axis of the cracked transformed section to the centroid of the plate, I  is the second 
moment of area of the section and bp is the external plate width. This expression is 
subject to the same restrictions as the flexure formula from which it is derived and is thus 
only valid for beams of linearly elastic materials under small deflections.
However, as noted in Chapter 2, the distribution of shear stress is significantly affected 
by the curtailment of the external plate, the stress levels being well in excess of those due 
to simple elastic considerations. Analytical and numerical solutions for the shear and
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normal stresses in adhesive joints subjected to bending indicate that concentrations of 
stress exist at the free ends of the adherends (Goland and Reissner, 1944; Cornell, 1953; 
Adams and Peppiatt, 1974; Crocombe and Adams, 1981). Significant normal, or peeling 
stresses are confined to a short length at the end of the joint, which depends upon the 
relative stiffnesses of the adherends and adhesive layer (Roberts, 1989).
For externally reinforced beams, high concentrations of these shear and normal stresses 
arise at the plate ends of beams subjected to flexure as a result of differences in the 
elastic moduli of the components of the system, which can only be accommodated by 
severe distortion of the adhesive layer. The discontinuity of the plate usually occurs in a 
region of high shear and low, but rapidly changing bending moment. This rapidly 
changing bending moment and distortion in the adhesive layer causes a rapid build up of 
axial force at the end of the external plate which induces high bond stresses on the 
adhesive/plate and adhesive/concrete interfaces as indicated by (8.8) above. It is 
generally accepted that such stress concentrations exist at the plate ends, being typically 
of the form shown in Figure 8.34, and that these are associated with the initiation of 
premature collapse if the magnitude of the stresses exceed limiting values. However, the 
variables involved create a complex region which is difficult to simulate either 
experimentally or theoretically. Several of the procedures proposed for designing against 
premature failure have therefore been either of an empirical or semi-empirical nature, 
using observations or calibration factors based on test data.
The effect of the plate aspect, or b/t ratio on the observed failure mode of steel plated 
beams has been discussed in Chapter 2. Macdonald, 1982 suggested that to combine the 
maximum increase in ultimate load with a progressive ductile failure, the b/t ratio had an 
optimum value of about 60. Based on similar observations during testing, Swamy et al. , 
1987 recommended that the b/t ratio should not be less than 50. Macdonald considered 
that wide plates not only reduce the horizontal shear stress in the concrete but also reduce 
peel stresses due to their lower inherent stiffness and because the eccentricity between 
the planes of forces in the steel and concrete is less.
Since strengthening with steel plates has been studied more extensively to date than any 
other plating media, the majority of the derived theories presented below have been 
developed with steel plating in mind. However, since the observed modes of failure 
appear to be very similar between steel and FRP, it may be possible to utilise the design 
procedures proposed for steel plating if  these can be shown to correlate with test data 
derived from FRP strengthened members. Consequently, where appropriate, the theories 
suggested to account for premature peeling failure have been applied to the results 
obtained in the present study for the beams which failed in this way, to assess their 
applicability.
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Figure 8.34 Stress concentrations within adhesive layer at external plate ends.
8 .3 .2  T h e o r ie s  p ro p o s e d  to  a c c o u n t  f o r  p r e m a tu r e  fa ilu re
8.3.2.1 Jones et al.
Jones et a l ,  1988 present a simple theoretical study of the force system at the plate/ 
adhesive and adhesive/concrete interfaces to identify the parameters affecting the 
magnitude of the stresses in the plate end region. Initially, the bond stresses at both 
interfaces in a region unaffected by the plate cut-off are considered using elastic theory. 
It is shown that the bond stresses at the adhesive/plate and adhesive/concrete interfaces 
can be assumed to be the same. The effect of the plate curtailment is then considered. An 
anchorage zone is defined as the region within which elastic theory does not apply. An 
expression for average bond stress in this region is derived to show that bond stresses 
increase towards the plate end.
The occurrence of peeling forces is then considered. The bond stresses at each interface
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are resolved into axial forces and moments, the moments being those which tend to peel 
the plate away. The effects at both interfaces are summed to obtain a distribution of total 
peel force at the adhesive/concrete interface. It is suggested that the peeling forces are 
relatively small, and begin to have a significant effect only after interface shear failure 
has been initiated. Failure is said to occur by progressive movement of the effective plate 
cut-off towards the load point after the principle tensile stress at the plate end has 
reached the tensile strength of the concrete. This produces the observed rapid separation 
of the plate from the beam with the concrete cover still attached.
The equations derived suggest that the peeling forces can be reduced by reductions in 
plate area and thickness, adhesive thickness, and the distance between the plate end and 
the support. Methods of reducing the plate area, Ap and thickness, tp were considered in 
subsequent experimental work on RC beams 2500 mm in length using a tapered mild 
steel plate and also multiple layer steel plates with the lowest cross-sectional area at the 
end regions. It was found that little benefit, compared with the constant thickness plate 
beam, was achieved by the use of tapered or multiple plate systems. Sudden plate 
separation still occurred at only slightly enhanced loads.
Measurements of axial strain towards the ends of the external plates showed that strain 
increased rapidly in these regions. Using these strain values, the bond stress distribution 
was determined using (8.8) on page 322. This showed that, in the anchorage zones, very 
high interface bond stresses occurred in comparison to the elastic values derived using 
(8.9) on page 322. These stresses tended to peak near the ends of the plate then, fall to 
values below the theoretical. The maximum bond stresses measured for the beams which 
failed prematurely were found to be consistent, suggesting a limiting value in the region 
of 4.9 N/mm2, or V2 x tensile strength of the concrete. The peak values measured 
appeared to have no consistent relationship with the values calculated using simple 
elastic theory. However, it was concluded that a factor of 2.0 would give a reasonable 
estimate of the peak value.
8.3.2.2 Roberts and Haji-Kazem i
Roberts and Haji-Kazemi, 1989 report a theoretical study of the behaviour of RC beams 
strengthened with externally bonded steel plates using linear elastic analysis. The theory 
is based upon earlier work by Roberts, 1985. A rigorous two-stage model is presented for 
analysing the partially composite behaviour of such beams and predicting both the linear 
elastic shear and normal stress distributions along the interface between the concrete and 
externally bonded steel plate throughout the beam length. Equations are developed based 
on the equilibrium of an element of the plated beam and compatibility at the interface 
between the two materials. The occurrence of slip at the interface is considered, although 
no account is taken of the effects of flexural or shear cracking, or the propagation of
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peeling cracks at the level of the internal tensile reinforcement. Closed form general 
solutions to these equations are obtained using the appropriate boundary conditions to 
give the distributions of displacement, strain and stress throughout the beam. The 
conditions in the region of the plate ends are then considered and the complete solution 
obtained by superimposing the solutions for the first and second stages.
The theory presented by Roberts and Haji-Kazemi, 1989 was validated by comparing the 
results with previously obtained analytical and finite element solutions for standard lap 
joints subjected to bending and axial forces (Goland and Reissner, 1944; Adams and 
Peppiatt, 1974; Allman, 1977). It was subsequently applied to a hypothetical RC beam 
under the action of a uniformly distributed load externally reinforced with a steel plate. 
The length and thickness of the plate, and the shear and normal stiffnesses of the 
adhesive layer were varied to investigate their influence on the distribution of shear and 
normal stresses in and adjacent to the adhesive layer. This demonstrated that both the 
shear and normal stresses in the adhesive layer increase rapidly towards the ends of the 
steel plate, where failures associated with the adhesive connection are most likely to be 
initiated. In addition, when the external plate is continued right up to the supports, the 
maximum shear and normal stresses are relatively small. Both shear and normal stresses 
were shown to increase with increasing plate thickness and also with increasing shear 
and normal stiffnesses of the adhesive layer.
The predicted stress distributions are consistent with the modes of failure observed in 
tests on steel plated beams, such as those described by Macdonald, 1982, and Swamy et 
a l ,  1987. It was concluded by Roberts and Haji-Kazemi, 1989 that the use of anchor 
bolts at the plate ends should not significantly reduce the magnitude of the normal 
stresses and therefore not substantially increase the strength of plated beams, although 
ductility should be enhanced. This agrees with the experimental observations of Jones et 
a l ,  1988, who found that bonded angles plates at the external steel plate ends were a 
more effective anchorage solution, as discussed in Section 2.3.3 on page 21. This is a 
consequence of the increased area of adhesive bond provided by the anchor plates, which 
reduces the shear and normal stress levels, thereby delaying the occurrence of premature 
failure.
The theory developed by Roberts and Haji-Kazemi, 1989 was used to analyse the results 
of Jones et a l ,  1988; details of the comparison are given by Roberts, 1988 and 1989. 
Good agreement was found between the theoretical and experimental results for the 
shear stresses in the adhesive layer up to approximately 75% of the ultimate load, despite 
possible errors in the experimentally measured values and the simplifying assumptions 
made in deriving the theoretical results.
The practical conclusions that can be drawn from this study are that the stress
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concentrations can be reduced significantly by using a more flexible adhesive, reducing 
the thickness of the steel plate and, for a simply supported beam, by terminating the steel 
plate as close as possible to the supports.
In a discussion on the theoretical investigation of Roberts and Haji-Kazemi, 1989, 
Oehlers, 1989 claimed that the work is of limited applicability as their theory does not 
model either the major zones or mechanisms of failure. Further, Oehlers argues that 
failure at the interface between the external steel plate and concrete beam normally only 
occurs as a the result of poor workmanship.
8.3.2.3 Roberts
Available analytical and numerical solutions to predict the magnitude of stress 
concentrations in adhesive joints are generally too complex to be used in design, and, in 
view of this, Roberts, 1989 presents a simplified, approximate analytical procedure for 
predicting the shear and normal stress concentrations in the adhesive layer of plated RC 
beams, which reduces the complexity of hand calculations.
The analysis technique is presented in three stages. In the first stage, stresses are 
determined assuming fully composite action between the concrete and bonded steel 
plate. The derivation assumes linear elastic material behaviour, with the neutral axis 
depth and second moment of area generated using an elastic analysis of the cracked 
transformed section. During the second and third stages, the analysis is modified to take 
into account the actual boundary conditions at the ends of the steel plate. The complete 
solution is then obtained by superposition. This revised theory was validated by 
comparing the predicted stress concentrations with the experimental results of Jones et 
al., 1988. This demonstrated good agreement for the interfacial shear stresses for the 
range of applied loads up to failure. Comparison with the rigorous analytical theory 
presented by Roberts and Haji-Kazemi, 1989 was also made; this also demonstrated 
good agreement for both the shear and normal stress concentrations within the adhesive 
layer.
8.3.2.4 Oehlers and Moran
A review of the experimental research carried out to investigate the plate peeling 
phenomenon of beams externally reinforced with steel plates appears to suggest that two 
distinct forms of peeling can occur (Oehlers, 1988); shear peeling, induced by the 
formation of diagonal shear cracks, and flexural peeling, induced by the increasing 
curvature of the member. Oehlers and Moran, 1990 considered the problem of flexural 
peeling; the theory developed is said to be applicable to plated beams subjected to shear 
and flexure, but not to beams in which diagonal shear cracking occurs. A semi-empirical 
method is proposed for determining the moment at which flexural peeling starts 
(serviceability peeling moment) and the moment at which the plate separates from the
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Initially, a mathematical solution is derived by the analysis of plated isotropic beams in 
which the plates are terminated in the constant moment regions. It is assumed that the 
normal forces present at the plate ends are induced by two effects; i) the curvature of the 
beam under load, and ii) the axial strains in the beam resulting from flexure. 
Mathematical expressions are derived for the maximum peeling stresses induced by 
these two effects. Since the position of these maxima coincide at the plate ends, peeling 
cracks are assumed to occur when the sum of these stresses reaches the tensile strength 
of the concrete. An expression is thus obtained for the moment at the plate ends that will 
cause peeling failure.
To account for non-linear effects associated with flexural cracking which, in practice, 
cause large local variations in the flexural rigidity and axial strain in the concrete, the 
derived expression was adjusted to give the best correlation with test data generated from 
57 strengthened beams, in which a range of geometric parameters were varied. The 
experimental work is described by Moran, 1988, and Moloney, 1986. The majority of 
beams were plated over their full width with an epoxy adhesive. With the exception of 
eight beams, all specimens were tested with the plates terminating in the constant 
moment region.
Correlation of the experimental data with the derived theory demonstrated that the 
serviceability peeling moment was most accurately represented by the expression
(E I) cpft
Msp “  0.827Est 8^ 10^
and the ultimate peeling moment by
(EI)cpft
MuP “  0.474Est 8^11^
where (E I)^ represents the flexural rigidity of the beam based on a linear elastic analysis 
of the cracked plated section, ft the tensile splitting strength of the concrete, Es the 
modulus of elasticity of the steel plate and t  the plate thickness.
Replacing the coefficient of 0.827 in (8.10) with 1.860 and the coefficient of 0.474 in 
(8.11) with 0.901 was found to give the 5% characteristic values for the serviceability 
and ultimate peeling moments for subsequent use in design. The large difference in the 
magnitudes of these coefficients indicates the large scatter of results associated with 
these prediction equations. This was attributed in part to the fact that the peeling strength
depends on the tensile strength of the concrete, its stiffness, and the formation of stress
beam (ultimate peeling moment).
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concentrations, factors which are difficult to control in practice. According to Oehlers, 
1989, progressive development of flexural and shear cracking, bond stress along the 
internal tensile reinforcement, and aggregate interlock across peeling cracks all play a 
potentially major role in the gradual propagation of peeling cracks and the eventual 
failure mechanism.
The prediction equation given above in (8.11) suggests that flexural peeling occurs at a 
beam curvature of f</(0.474Est), so that limiting the axial strain in the steel plate will not 
directly prevent flexural debonding. In the tests reported, flexural debonding occurred at 
plate strains between 128 - 1109 pS.
It was found that the peeling strengths of partially plated beams were higher than those 
plated over their full width. This was thought to be due to the increase in the width of the 
failure surface relative to the plate width, and the associated reduction in peeling stress 
for a given peeling force. For plates terminated outside the constant moment region, the 
peeling strength was reduced. Since no diagonal shear cracking was observed, it was 
suggested that this reduction in strength was due to the fact that the peeling crack 
propagates into a region of higher moment, which then causes failure. The effect of pre­
cracking was found not to effect the peeling strengths, and it was therefore concluded 
that the above equations can be applied to the strengthening of existing structures.
The conclusions from the work were that flexural peeling can be prevented either by 
reducing the thickness of the plate or extending the plate into regions of lower bending 
moment. The method, which is particularly attractive in view of its simplicity, can be 
used in design to determine the extent of plating or the thickness of the plate that is 
required to ensure that peeling failure does not occur.
8.3.2.5 Oehlers
In an extension of this investigation, peeling failure due to shear forces, and the 
interaction between shear and flexural peeling, was considered by Oehlers, 1992. In this 
work, experimental testing was carried out on RC beams of cross-section 130 x 175 mm, 
rigidly fixed at the centre to produce two cantilever members. Steel plates of 5 mm 
thickness were exclusively used, bonded with an epoxy adhesive to cover the full width 
of the section, thereby giving a b /t ratio for the plates of 26. The amount of shear 
reinforcement provided was varied, as were the length of the shear spans and the position 
of the plate ends relative to the point of load application, thus changing the ratio of 
moment to shear force M/V acting at the ends of the plate.
The propagation of cracks leading to peeling failure was found to be dependent on the 
ratio M/V at the plate ends. For low values of M/V, failure occurred by shear peeling, 
characterised by diagonal shear cracking at the plate ends, whereas higher values of M/V
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resulted in flexural peeling. Intermediate values of M/V were found to show a 
combination of these two peeling mechanisms. The shear strength of the member 
appeared to be independent of the extent of plating in the shear spans. In addition, 
although an increase in the amount of shear reinforcement increased the shear strength of 
the beam by up to a factor of six, the load at which peeling failure occurred was 
unaffected. Therefore, it appeared that shear peeling was a function of the shear strength 
of the unplated beam without stirrups, and that it is the formation of the diagonal shear 
crack at the plate end that causes shear peeling. This agrees with the observation noted in 
the programme of 1.0 m length beam testing carried out in the present investigation, in 
which it was found that the plate separation failure mode was relatively insensitive to the 
amount of shear reinforcement provided in the section.
When the ratio MA7 tended to infinity, peeling was found to occur when the moment at 
the end of the plate, Mp was equal to M ^, as given by (8.11) on page 328. When M/V 
tended to zero, peeling was found to occur when the shear force at the end of the plate Vp 
was equal to Vnc, where V^. was the shear strength of the beam without stirrups. The 
combinations of M p/M ^ and Y / V ^  at which peeling failure occurred were plotted 
against each other; this showed that a strong interaction existed between flexural and 
shear peeling, the failure envelope so obtained being given by the expression
m p v p
+ v "  -  1-17 (8.12)
up UC
where Mp < Mup and Vp < Vuc. This expression was recommended for determining the 
extent of external plating in design to ensure that debonding does not occur at the plate 
ends before the design load is reached. This is achieved by ensuring that the moment and 
the shear force applied at the ends of the plate lie within the above failure envelope. The 
value of M ^  can be taken from (8.11) on page 328 with the coefficient 0.474 replaced 
with 0.9, and the value of Y ne> the characteristic or nominal shear strength of the member 
without shear links, can be determined from relationships with compressive strength 
values given in Codes of Practice.
Hypothetical members were used to illustrate the design procedure; the plating 
configuration recommended to avoid premature peeling failure in an example of a beam 
subjected to a central point load utilised a steel plate with a b /t ratio of 36, in 
contradiction to the design guidelines recommended by Swamy et al., 1987, and 
Macdonald, 1982. It was concluded that shear peeling may be a greater restriction in 
increasing the flexural strength of beams since the design shear strength is generally 
greater than the shear strength of the member without stirrups, Vnc, which controls 
peeling.
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The shear strength of an unplated beam section without shear links, is given by 
vc.bv.d, where vc is the concrete shear stress acting over the effective area of the section 
bvd, and is defined in Table 3.9, Part 1 of BS 8110, 1985. For the 1.0 m length beams 
studied in this project, the characteristic value of vc is 1.16 N/mm2, although this can be 
increased by a factor of (40/25)173 to 1.36 N/mm2 in all cases since >25 N/mm2. The 
characteristic shear strength of the unplated section, thus has a value of 11.57 kN for 
all 1.0 m length beams tested. Similarly, for the 2.3 m length beams, vc has a value of 
1.15 N/mm2 and Vnc = 30.65 kN. For the beams tested in this investigation which failed 
prematurely by plate peeling, the values of the theoretical ultimate peeling moment at the 
plate ends can be calculated from (8.11) on page 328 with 0.474 being replaced by 0.9; 
these values are given in Table 8.9, along with the values of shear force Vp and moment 
Mp at the plate ends at the point at which premature peeling failure occurred. The 
interaction of these moments and forces are given in the final column of the Table.
Table 8.9 Interaction of moment and shear effects at plate ends.
Beam M p
(kNm)
Mup
(kNm)
V P
(kN) (kN)
Mp/Mnp+ V j/Vjic
Ale 0.440 6.269 22.00 11.57 1.97
A2b 0.367 4.887 18.35 11.57 1.66
A2c 0.373 4.887 18.65 11.57 1.69
A2e 0.396 4.887 19.8 11.57 1.79
A2f 0.401 4.887 20.05 11.57 1.81
B2 0.340 5.399 17.00 11.57 1.53
B4 0.350 4.054 17.50 11.57 1.60
B6 0.408 2.984 20.40 11.57 1.90
C2 0.295 2.622 14.75 11.57 1.39
L2 1.087 33.588 54.35 30.65 1.81
It can be seen that in all cases, failure of the FRP plated beams occurred at interaction 
values substantially higher than the figure of 1.17 suggested by Oehlers, 1992 for steel 
plated beams. This reflects the fact that, in all cases, the shear force at the plate ends, Vp 
exceeded the characteristic shear strength of the section without links, Vuc, in effect 
invalidating the use of the design envelope obtained by Oehlers, who stipulates that Vp < 
Vnc. This suggests that either the shear strength of the section Vuc exceeds the values 
calculated from the Code of Practice, or that the applied load which causes premature 
failure is well in excess of that which causes the formation of diagonal shear cracks. 
From observations of crack development during testing, this latter explanation seems 
most likely. Alternatively, it may be simply that the characteristics demonstrated by steel 
plated RC beams are not applicable to beams strengthened with FRP materials. Oehlers 
states that the design method is more suitable to members in which the applied loads 
cause high M /V ratios. For the beams tested in this project, Table 8.9 shows that the M /V
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ratios at failure were, in all cases, very low. Use of the recommended design envelope for 
FRP plated beams would appear to lead to grossly conservative plating configurations 
based on the results of the present investigation.
8.3.2.6 Zhang et al.
A non-linear theoretical model has been proposed by Zhang et al., 1995 to explain the 
mechanism causing premature plate and concrete cover separation of steel plate 
strengthened beams, by considering the behaviour of the concrete between the plate and 
the internal reinforcement
In the derivation presented, a linear variation of tensile stress in the strengthening plate is 
assumed in the shear spans of the member. As shown by (8.8) on page 322, this 
assumption results in a uniform distribution of shear stress between the plate and the 
concrete before initiation of plate peeling. A mode of plate peeling failure is then 
proposed, in which flexural cracks form in the concrete cover and propagate to the level 
of the internal steel reinforcement, resulting in ‘teeth’ of concrete along the base of the 
concrete beam. Failure is assumed to occur when the tensile strength of the concrete is 
exceeded at the underside of the reinforcement This mode of failure is said to be heavily 
dependent on the spacing of the flexural cracks in the concrete beam; the crack spacing 
used in the model was adapted from classical theory (Watstein and Parsons, 1943; Nawy, 
1992) wherein a minimum crack spacing lniill is reached when a tensile force great 
enough to form an additional crack between two existing cracks can no longer be 
transferred by bond from steel to concrete. The maximum crack spacing is then taken as 
2 1 ^ . The effect of the external steel plate on crack spacing was incorporated by 
assuming that, at a given section, the bond stress acts on a length which includes the 
external plate width. Consequently, the average bond stress is assumed to be the same 
between the internal steel reinforcement and the external plate.
A single isolated tooth of concrete is considered to behave elastically to failure under the 
action of a shear stress applied at the concrete/plate interface. The maximum shear stress 
which can be sustained before peeling is said to depend upon the spacing of flexural 
cracks in the concrete cover. By using the expressions for maximum and minimum crack 
spacing, upper and lower bounds for the shear stress causing failure are derived. These 
shear stress values are then equated to the tensile force in the plate, so that upper and 
lower bounds to the axial plate stress which causes peeling failure are obtained. This 
gives, as a lower bound to the stress beneath the load point:
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 ____________ p b
s (min) 6h't\i(2,Obaxs +  b 1) b 1 (8.13)
The upper bound is then taken as 2crs(niin). From these stresses, the corresponding upper 
and lower bounds to the ultimate peeling bending moment can be found.
Based on this derived equation, the parameters controlling peeling failure are said to be:
• Depth of concrete cover, h ’
• Effective concrete area in tension, Ae
• Beam width, b
• Plate width and thickness, b2 and t
• Total perimeter of rebars 2 0 bars
• Concrete tensile strength, f ’t
• Steel/concrete bond strength u, and
• Length of plate in shear span, Lp.
The effective area of concrete in tension for a rectangular cross-section is defined as 2(h 
- d).b (Park and Pauley, 1975), where h is the section depth, and d the effective depth. 
The tensile strength of the concrete, f ’t is taken as the splitting strenglh, as defined in BS 
8110, 1985 as 0.36Vfcn. In the derivation, the average bond stress, assumed to be the 
same between the internal steel reinforcement and the external steel plate, was taken as 
0.28Vfcu, corresponding to the value given in BS 8110,1985 for plain round steel bars.
The implication of the theory derived by Zhang et al., 1995 is that limiting the axial 
strain, and hence stress, in the external plate will prevent peeling failure. This disagrees 
directly with the analysis of Oehlers and Moran, 1990, who suggested that failure occurs 
at a limiting curvature, independent of plate strain. In addition, the crack spacing is due 
solely to the tensile stresses acting on the concrete in flexure, with no account taken of 
the effects of shear. This implies that the shear strength of the member is not a factor 
contributing to peeling failure, in disagreement with Oehlers, 1992. The model takes no 
account of the possible occurrence of either shear or normal stress concentrations 
towards the plate ends, postulated by other researchers to be a contributory factor in the 
mechanism of peeling failure, and which account for the initiation of such failure at the 
plate ends. There also seems little evidence for assuming that the bond strength to 
concrete which can be attained with an epoxy-bonded steel plate is equivalent to the 
bond strength of a steel bar embedded in the concrete. It was concluded that owing to the 
large influence of the flexural crack spacing on the proposed plate peeling phenomenon, 
a wide degree of scatter in the test results is to be expected.
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The theory developed by Zhang et a l, 1995 was used to analyse the experimental results 
of Oehlers, 1992, whose plates were all terminated within the constant moment region. It 
was found that the theory successfully predicted the upper and lower bounds to the 
applied moment which caused peeling failure. Results were also predicted for the tests 
carried out by Jones et a l ,  1982, whose beams were over-reinforced in shear to ensure 
flexural failure, and again it was found that the experimentally measured value of plate 
stress at peeling failure was within the theoretical bounding estimates. It was concluded 
that, as a result, the underlying assumptions used in developing the model were all 
reasonably correct. A lower bound approach for estimating the maximum allowable plate 
tensile stress was suggested for design.
If it is assumed that the bond attained between the concrete and the external plate is 
dependent on the properties of the adhesive used, then the material utilised as the 
external reinforcement should be irrelevant. The theory developed by Zhang et a l ,  1995 
can then be used to calculate a lower bound for the tensile stress to initiate peeling failure 
in the FRP plates studied in this project; these values can then be compared to the results 
obtained experimentally for the beams which failed prematurely by plate separation 
without plate end anchorage. Such a comparison is made in Table 8.10,
Table 8.10 Comparison of theoretical and experimental plate strains at peeling failure.
Beam Theoretical Theoretical Experimental
°s(min) ^niiii)
(N/mm2) (MS) (MS)
A le 413.6 8272 8408 (+1.6%)
A2b 320.4 6407 5349 (-19.8%)
A2c 320.4 6407 4845 (-32.2%)
A2e 320.4 6407 6039 (-6.1%)
A2f 320.4 6407 5729 (-11.8%)
B2 360.4 7197 5425 (-32.7%)
B4 421.6 8433 5500 (-53.3%)
B6 359.9 3037 3247 (+6.5%)
C2 332.2 2461 1808 (-36.1%)
L2 697.5 5167 3727 (-38.6%)
This comparison shows that, apart from 1.0 m length beams A le  and B6, premature 
failure by plate separation occurred at external FRP plate strains which were lower than 
the minimum value predicted by the theory of Zhang et a l ,  1995 for the initiation of such 
failure by up to 50%. Perhaps of most significance is the result obtained for the more 
realistic size 2.3 m beam L2, for which failure occurred with the plate strain some 40% 
below the predicted value. It therefore appears that, for the cases studied, such a model is 
appropriate for designing against plate peeling failure when FRP is utilised as the
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strengthening material.
A more detailed analysis of the bond distribution at the adhesive/concrete interface of 
FRP strengthened beams, and the effect which this has on the spacing of flexural cracks 
would result in closer agreement between theory and practice. The external bond 
strength of the FRP plate to the concrete is likely to be well in excess of the bond 
strength of the internal bars, if this is taken as The small-scale shear pull-off
tests using GFRP bonded to concrete carried out in the present study and described in 
Section 3.3.4.3 on page 59, gave average pull-off stresses of between 5 - 8  N/mm2. 
Therefore, if  the internal steel and external plate bond strengths are separated in (8.13) 
on page 333, the following expression is obtained
_ A e (ft)2L p b
*  6h't (£O barsus + bjup) b,
where up represents the bond strength of the external plate. Use of up > Ug would result in 
reductions in o(min), and consequently better general correlation between the 
experimental and theoretical values given in Table 8.10. By rearranging this equation for 
up, the dependence of the plate stress which initiates failure, on the external plate 
bond stress can be assessed. Converting the maximum plate strains measured at failure 
(column four of Table 8.10) to values of a (min), and substituting into this rearranged 
equation, gives values of plate bond stress corresponding to premature failure for the 
beams tested. The values derived in this way are shown in Table 8.11 along with the 
internal steel bond strength values derived from the expression 0.28Vfcu.
Table 8.11 Maximum bond stress values derived from Zhang et al., 1995.
Beam Plate bond stress, Steel bond
Up at failure strength
(N/mm2) (N/mm2)
A le 2.28 2.34
A2b 2.43 1.81
A2c 2.81 1.81
A2e 2.00 1.81
A 2f 2.18 1.81
B2 3.18 2.04
B4 4.15 2.04
B6 1.81 2.04
C2 3.29 2.04
L2 3.62 1.88
It can be seen that, with the exception of beams A le  and B6, the external plate bond 
stress exceeds the internal bar bond strength as defined in BS 8110, implying that the
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bonded connection is able to sustain higher levels of shear stress before failure than the 
internal steel. The values of plate bond stress at failure can be seen to lie within the range 
1.81-4.15 N/mm2, with an average of 2.78 N/mm2. Good agreement is shown between 
the batch ‘A’ 1.0 m length beams, suggesting that there may exist a maximum bond 
stress at the adhesive layer for a given set of geometric and material parameters at which 
premature failure is initiated. This issue is discussed later in more detail in Section 8.3.3.
Errors in the procedure of Zhang et al., 1995 may also be related to the assumption that 
there exists a linear variation of tensile stress in the plate within the shear span, and 
hence a uniform distribution of shear stress at the bonded interfaces. It has been 
demonstrated experimentally in the present study that deviations from this linear 
distribution occur in practice (see, for example, Figure 4.6 on page 84), especially at 
higher loads, because of the increased effects of vertical shear. As a result, the expression
used in the derivation of Zhang et al., 1995 may not be used. The magnitude of Lp, the 
effective length of the plate within the shear span over which the shear stress acts to 
balance the axial stress in the plate, then needs to be determined for use in (8.13) on page 
333. This issue has been discussed by Raoof and Zhang, 1996; (8.13) was rearranged for 
Lp and the values of os taken from the experimental results of Oehlers and Moran, 1990 
were substituted to obtain Lp. These values were correlated with those used in the actual 
tests to obtain a best-fit, semi-empirical expression for Lp, which can then be used in 
(8.13) for general cases.
8.3.2.7 Triantafillou and Plevris
Triantafillou and Plevris, 1992 have proposed a simple model to represent the occurrence 
of FRP peeling off as a result of the horizontal and vertical opening of shear cracks. For 
a given amount of shear link reinforcement, the opening of cracks is assumed to be 
controlled by the areas of longitudinal steel and FRP sheet through dowel action. Peeling 
off then occurs at a critical shear strain, characteristic of the FRP/concrete bond, given 
by the ratio of vertical to horizontal displacement at the base of the crack. This is 
dependent on the vertical shear stiffness of the steel reinforcement and FRP plate and 
requires calibration from tests on members for which the shear stiffness is varied and the 
debonding load recorded.
8.3.2.8 Sandwich beams
Several theoretical investigations into the failure of open sandwich beams have been 
reported in the literature. In these cases, since the plate is continuous and anchored by the 
reactions at the supports, the concentrations of shear and normal stress associated with
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the plate curtailment, and the peeling mode of failure, do not require consideration. 
However, premature debonding failure of these beams may take place as a result of the 
propagation of cracks along the adhesive layer; such a form of failure is also 
theoretically possible for conventionally strengthened members if anchorage capable of 
preventing peeling failure is provided.
This form of failure has been studied theoretically by Anandarajah and Vardy, 1985, and 
Hamoush and Ahmad, 1990b, in which it is assumed that interfacial cracks will exist as a 
result of imperfections in the adhesive layer, flexural cracking of the concrete or as a 
result of fatigue. Such cracks, which may occur at either interface or within the adhesive 
itself, are assumed to develop from the bottom tip of the flexural crack in the concrete 
nearest the support and extend horizontally outwards. Both investigations adopt a 
fracture mechanic and finite element approach. Brittle fracture mechanics have also been 
used by Theillout, 1986, and Triantafillou and Plevris, 1992 for modelling crack 
propagation at the interface. Debonding is assumed to occur when the strain energy 
release rate at the interfacial crack tip reaches a critical value which is dependent on the 
fracture toughness of the adhesive and the steel/adhesive interface. The parameters 
studied in both cases were the position of the applied load, the number and position of 
flexural cracks, the position and length of interfacial shear cracks and the thickness of the 
adhesive layer, the effects of these variables on the strain energy release rate being 
assessed in each case.
In the case of Hamoush and Ahmad, 1990b, the finite element model developed was 
used to predict the debonding load for an actual open sandwich beam tested 
monotonically to failure. This beam had been prepared with induced flexural cracking 
and interfacial cracks during casting (Hamoush, 1988; Hamoush and Ahmad, 1990a). 
Good agreement in terms of overall behaviour was observed between the derived theory 
and the tested specimen, providing limited verification of the model.
It was concluded from both investigations that for a beam with no flexural cracking, the 
strain energy release rate for an interfacial crack between plate and adhesive is 
negligible, resulting in a high interface debonding load. In addition, the strain energy at 
an interfacial crack tip is largely released by the presence of flexural cracks, and 
therefore there is little danger of interfacial shear cracks propagating in a region 
containing many flexural cracks. The beams were found to be relatively insensitive to the 
thickness of the adhesive layer, whilst the critical load case occurred with a central point 
load. Anandarajah and Vardy found that the critical case was obtained when interfacial 
cracks occurred within a short region of flexural cracks close to midspan. Hamoush and 
Ahmad found that the strain energy release rate reached a maximum when the length of 
the interface crack was approximately equal to the height of the flexural cracks.
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The analyses allow assessment of the length which an interfacial crack can be allowed to 
grow before remedial measures are required, or alternatively, for a particular 
configuration and critical strain energy release rate, the applied load at which debonding 
failure would occur. It was concluded that with appropriate adhesives and surface 
preparation techniques, open sandwich beams have an adequate factor of safety against 
debonding of the steel plate by the catastrophic propagation of cracks along the adhesive 
layer.
A review of the theories proposed to account for premature failure demonstrates that 
there appears to remain a basic disagreement concerning the nature of the mechanisms 
involved and also the influence of material or geometric parameters to be used in 
developing appropriate design recommendations. However, all of the theories developed 
through consideration of the plate end regions agree that the stress levels in these 
locations are reduced by reducing the plate thickness and extending the plate as close as 
possible to the supports. The use of thinner section FRP as opposed to steel should 
therefore be expected to be beneficial from a premature failure viewpoint.
8 .3 .3  M agn itu d e  o f  p la te  en d  stresses
Although the existence of shear and normal stress concentrations towards the ends of 
steel plates has been demonstrated both theoretically and experimentally, as discussed 
above, there remains some doubt as to the actual values of these stresses which are 
associated with premature plate separation.
8.3.3.1 Review of previous work
Suggestions for the maximum shear stress which can be resisted by a plate/adhesive/ 
concrete connection have been obtained through theoretical studies, finite element 
analysis, measurements taken from plated members under load, and from small-scale 
shear tests utilising plates bonded to concrete prisms. The variety of methods employed 
reflects the complexity of the anchorage zone, which is difficult to accurately represent. 
The overall strength of such a connection will be subject to an upper limit determined by 
the lowest strength of the three materials involved which, in a properly prepared joint, 
should imply failure through the concrete. Therefore, the joint shear strengths obtained 
by the methods described have been related to the ultimate shear, tensile or compressive 
strength of the concrete. Proposals for quantifying the relationship between the measured 
peak shear stress and the value obtained through elastic analysis have also been 
suggested.
As reported earlier, Jones et a l , 1988 found that the maximum bond stress obtained 
through measurements in the end regions of steel plates externally bonded to RC beams 
in flexure had a limiting value around 4.9 N/mm2, or ^ 2 x tensile strength of the concrete.
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Since, for normal strength concrete mixes, the tensile strength is unlikely to exceed 4 - 5  
N/mm2, this results in a maximum ultimate shear strength of around 6 - 7  N/mm2 This is 
considerably higher than the value obtained in an earlier study by Jones et al., 1982, in 
which it was found that steel plate separation occurred when the interface shear stress 
reached a limiting value of about 2.15 N/mm2, although it is unclear how these values 
were measured and at which locations. Macdonald, 1982 also calculated the interfacial 
shear stresses at failure from the strain gradient recorded towards the ends of external 
steel strengthening plates. The values obtained in this case ranged from 0.13 - 0.8 N/ 
mm2, considerably lower than those of Jones et al. Roberts and Haji-Kazemi, 1989, after 
applying their derived analytical theory to the experimental results of Jones et al., 1988, 
stated that failure of epoxy-bonded steel plates is likely to occur at shear stresses 
between 3 - 5  N/mm2 combined with normal stresses between 1 - 2  N/mm2, although 
these limits are said to depend upon the strength of the epoxy adhesive and adjacent 
concrete, and on the method of surface preparation. Triantafillou and Plevris, 1992 
claimed that debonding occurs when the peak interface shear stress reaches a limiting 
value that, for normal strength concrete, is around 8.0 N/mm2. This conclusion is based 
upon investigations by Kaiser, 1989, and Ladner and Weder, 1981.
An alternative method for the approximate determination of the shear and normal 
stresses within the adhesive layer has been proposed by Mays and Turnbull, 1992, based 
on the work of McHenry, 1943b, and West, 1973, in which a lattice beam analogy is 
used. This analogy represents the actual beam, adhesive and reinforcing plate as a 
Virendeel girder composed of discrete prismatic bars, the section properties of which are 
assigned values such that the behaviour of the frame under load is approximately similar 
to the behaviour of the actual externally reinforced beam. The interface bond stresses 
derived in this way showed good agreement with the experimentally measured values of 
Jones e ta l ,  1988.
Several investigators have reported on the shear strength of epoxy adhesive to concrete 
through small-scale lap joint-type tests on bonded steel/concrete specimens. Bresson, 
1971b derived a mathematical model to represent the behaviour of the joint from which 
the distribution of longitudinal force and shear stress could be predicted up to failure. 
This suggested that such distributions along the joint in pure shear were exponential, 
with the maximum close to the loaded face of the specimen. This was confirmed through 
experimental testing, and such behaviour has also since been noted by other researchers 
(Solomon, 1975; Burkhardt et al., 1975; Van Gemert, 1980; Swamy et al., 1986). In 
general, failure has been observed to occur through the concrete, the more highly 
stressed end of the joint failing first, reducing the effective length of the joint. The 
ultimate shear strength of these specimens has been related to either the ultimate shear 
strength of the concrete, as reported by Bresson, 1971b, Burkhardt et al., 1975, and
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Swamy et al., 1986, its tensile strength, as suggested by Solomon, 1975, and Van 
Gemert, 1980, or its compressive strength (Ranisch and Rostasy, 1986).
Van Gemert, 1980 reports small-scale tests to study the way in which the force in a steel 
plate is transferred into the concrete by the adhesive layer through tests designed to 
simulate the real stress situation in practical applications. In these tests, the bonded joint 
was subjected to either pure shear or shear/flexure. In the pure shear tests, the test piece 
consisted of an unreinforced concrete prism onto which two pairs of steel plates were 
bonded.
The shear stress distribution along the joint was obtained using the expression given in 
(8.8) on page 322. It was found that at the loaded face, a shear stress of 1.5 N/mm2 could 
be sustained before cracking began, although values up to 6.0 N/mm2 were recorded 
away from the loaded face of the specimen before failure. The value of 1.5 N/mm2 was 
said to correspond to the concrete surface strength as measured by pull-off tests. It was 
concluded that pull-off tests should give an average strength of 1.0 N/mm2 to ensure safe 
external reinforcement.
Van Gemert, 1980 also reports a shear/bending test in which two separate concrete 
prisms are linked by a steel plate bonded to their lower surfaces, then placed in bending. 
At the ends of the plate, a concentration of shear stress was found to exist, with values 
rising to between 1.5 - 2.0 N/mm2 before plate separation occurred. The measured shear 
stress at the plate end was compared with the value derived from elastic theory and was 
found to be more than twice the theoretical value at a given load. This agrees with the 
observations from larger-scale beam tests of Swamy et a l , 1989, as reported earlier, who 
claim that the peak bond stress is twice the theoretical value.
Swamy et a l,  1986 have also reported small-scale shear pull-off tests to investigate the 
shear bond strength of epoxy resin adhesives to concrete and steel adherends. In these 
tests, a pair of steel plates were sheared horizontally from a concrete prism for which the 
loaded face was restrained. For the range of compressive strengths used in the tests (25 - 
70 N/mm2), both the mean and maximum shear stresses varied almost linearly with the 
concrete strength, the maximum shear stress from 6.0 - 8.3 N/mm2. These ultimate shear 
stresses were higher than the tensile splitting strength of the concrete used, which varied 
from 3.1 - 4.0 N/mm2.
Anchorage studies have been carried out by Ranisch and Rostasy, 1986 in which the 
design of the anchorage length of steel to concrete systems was developed through tests 
on steel/concrete lap joints and by theoretical analysis. These tests showed that the 
distribution of shear stress along the anchorage length was very non-uniform and 
dependent on many parameters, with a peak shear stress in the proximity of the loaded 
end of the plate, in agreement with similar studies presented above. The peak value of
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the bond stress is said by the authors to depend on the compressive strength of the 
concrete, and to amount to 8.0 N/mm2 for a mean cube strength of 30 N/mm2. This is 
higher than the value of just over 6.0 N/mm2 quoted by Swamy et al., 1986 for a material 
of comparable compressive strength. The distribution of bond stress along the bonded 
plate was calculated analytically and showed that the maxima of bond stress does not 
increase with the load, but travels towards the unloaded end of the plate, an observation 
common to all such studies.
The investigations noted above have all utilised steel plates to transfer shear stress to the 
adhesive and concrete. However, Sharif et a l, 1994 report tests on double-lap FRP/ 
concrete specimens in which it was found that the maximum sustainable shear stress was 
3.5 - 4.0 N/mm2, with failure occurring in the concrete in all cases. In addition, Chajes et 
a l,  1996 utilised a single-lap specimen to study the bond strength and force transfer of 
FRP plate materials bonded to concrete. Similar characteristics to those demonstrated by 
specimens prepared with steel plates were noted, with progressive failure within the 
concrete initiating at the loaded face. A maximum shear stress of 6.2 N/mm2 was 
recorded; in comparison to the results of Swamy et a l ,  1986, it was found that 
approximately 20% higher average shear stresses at failure were obtained. Since the 
failure mode was governed by shearing of the concrete directly beneath the bond, the 
value of the ultimate bond strength was assumed to be proportional to Vf?c, where f ’c is 
the compressive cylinder strength of the concrete.
In the present investigation, single-lap shear pull-off tests have been carried out using 
GFRP as the composite adherend, bonded using an epoxy adhesive to a concrete prism of 
cube strength 65 N/mm2, as reported in Section 3.3.4.3 on page 59. These tests gave an 
average bond strength (pull-off force divided by bond area) of 6.4 N/mm2 when the 
loaded faces were restrained, with failure occurring in all cases within the concrete 
adjacent to the bondline.
Using a two-dimensional linear elastic finite element model of a steel plated concrete 
beam, Mays, 1993 found that the peak shear stress, which occurred at the plate ends, was 
about 4 times the shear stress calculated using elastic theory, while the peak normal 
stress was about 3.5 times this value. This suggestion for the peak shear stress is higher 
than that proposed by Swamy et al., 1989, who claim that although the peak values 
measured appeared to have no consistent relationship with the values calculated using 
simple elastic theory, a factor of 2 would give a reasonable estimate of the peak value.
The review of previous work on this subject presented above indicates that there remains 
uncertainty as to the maximum values of shear and normal stress which can be supported 
towards the plate ends of externally strengthened members before premature peeling 
failure is initiated. No comparable analyses of the stress levels which cause premature
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peeling failure to occur at the ends of FRP plated beams have, as yet, been reported in the 
literature, although Hutchinson and Rahimi, 1993 concluded, after performing finite 
element analyses of beams externally reinforced with CFRP, that the stresses at the plate 
ends will be lower than those associated with thick steel plates. Attempts were not made 
in the present investigation to measure the shear stresses within the adhesive layer at the 
FRP plate ends, and consequently it has not been possible to propose an upper limit 
value for use in design. However, the methods of assessment proposed for designing the 
anchorage of steel plated beams have been applied to the results obtained in the 
experimental study, and the values compared with suggested allowable maxima.
8.3.3.2 Analysis of results obtained in present study
Swamy et a l,  1989 have proposed a method of assessment based on conventional elastic 
theory to ensure that anchorage failure does not occur for steel plated beams. The peak 
interface shear stress is said to be twice the ultimate elastic shear stress v, this is then 
checked against the ultimate interface shear strength, defined as V2 x tensile strength of 
the concrete, to give the factor of safety against anchorage failure. Such a comparison is 
made in Table 8.12 for the unanchored beams tested in the present investigation which 
failed prematurely by plate separation. The ultimate elastic shear stresses are calculated 
from (8.9) on page 322 using the short-term modulus of elasticity of the concrete; 
although it is recommended elsewhere that the long-term value be used in practice, it can 
be shown that this has relatively little effect on the value of z  obtained. The allowable 
shear stresses are based on the uniaxial tensile strength of the concrete in each case, a 
more conservative value than the indirect splitting strength.
Table 8.12 Method of anchorage assessment of Swamy et al., 1989.
Beam Ultimate elastic 2 x t Allowable FoS against
shear stress, t (N/mm2) shear stress anchorage
(N/mm2) (N/mm2) failure
A le 0.86 1.72 3.68 2.13
A2b 0.71 1.43 3.68 2.58
A2c 0.73 1.46 3.68 2.52
A2e 0.79 1.57 3.68 2.34
A2f 0.78 1.55 3.68 237
B2 0.70 1.34 6.36 4.75
B4 0.92 1.84 6.36 3.46
B6 1.41 2.81 636 2.27
C2 1.13 2.26 636 2.81
L2 0.70 1.40 3.68 2.63
It can be seen that the use of this method of assessment results in factors of safety against 
anchorage failure at the plate ends in excess of 2.0 in all cases, suggesting that this
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procedure is inappropriate for FRP strengthened members. It appears that, if 
concentrations of stress at the plate ends are responsible for the premature failure of 
these beams, then the peak value of shear stress is well in excess of 2t. Mays, 1993 
suggested that the peak shear stress for steel plated beams is 4% although even these 
values would still be below the allowable of V2 x tensile strength suggested by Swamy et 
al., 1989.
In Table 31, Part 4 of BS 5400,1990, values for the allowable ultimate longitudinal shear 
stress for composite bridge construction are defined. These values are recommended in 
BA 30/94, 1994 as a check against which the ultimate elastic shear stress T is to be 
compared for proposed external steel plating schemes to ensure that horizontal shear 
failure does not take place within the bottom layers of concrete. For grade 40 concrete or 
above, the allowable shear stress is 0.8 N/mm2. The figures given in the second column 
of Table 8.12 can therefore be compared to this limit value. It can be seen that for the 
majority of cases, including the 2.3 m length beam L2, the ultimate elastic shear stress 
values did not reach this level and hence, theoretically, horizontal shearing failure should 
not have occurred.
BA 30/94, 1994 also stipulates that, in addition to this requirement, fixings should be 
provided within a defined anchorage area at the plate ends, dependent on the cross- 
sectional dimensions of the external plate, to resist three times the ultimate elastic shear 
stress taken over this anchorage area. These requirements should ensure that premature 
peeling failure of steel plated members does not occur at the ultimate limit state. If 
applied to FRP plated beams, for example 2.3 m length beam L2, which was 
strengthened with a CFRP plate of b/t ratio 69, then the effective anchorage length 
defined in BA 30/94 is 1.2b, or 108 mm. Anchorages should therefore be provided at 
each end to resist a force of 3 x 0.7 x 90 x 108 = 20.4 kN. The number of bolts required 
to provide this anchorage will depend upon the capacity of fixing into the concrete. 
However, it was found that a flexural failure could be achieved for beam L3 when an 
endplate incorporating two bolts at either end of the plate was utilised, suggesting that 
this arrangement provided adequate capacity.
The simplified theory of Roberts, 1989 has also been used for predicting the stress 
concentrations in the adhesive layer of the beams tested in this investigation which failed 
prematurely as a result of peeling failure (Quantrill et al. 1996b). The derivation of this 
theory has been briefly considered earlier in Section 8.3.2.3 on page 327. In this work, 
the following notation applies:
As total cross sectional area of tensile reinforcing steel
Ap total cross sectional area of externally bonded plate 
bc width of concrete cross section
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ba width of adhesive
bp width of externally bonded plate
dp depth to centroid of externally bonded plate from compression face of beam
ds depth to centroid of tensile reinforcing steel from compression face of beam
tg thickness of adhesive
tc thickness of concrete section
tp thickness of externally bonded plate
Ea modulus of elasticity of adhesive
Ec modulus of elasticity of concrete in tension and compression
Ep modulus of elasticity of plate material
Es modulus of elasticity of reinforcing steel
Ga shear modulus of adhesive
I second moment of area of cracked section transformed to plate material
Ip second moment of area of plate cross section
Kn normal stiffness of adhesive per unit length
Ks stiffness of adhesive per unit length
M* bending moment at distance (tp + tJ/2 from plate ends
P0 total applied load at which premature plate separation occurs
V0 shear force at plate ends at failure
x depth to neutral axis from compression face of beam
to maximum shear stress at plate ends
Ob maximum normal stress at plate ends
The maximum linear elastic shear and normal stresses at the plate ends are said to be 
given approximately by
(8.16)
(  K 0^.25n
(8.17)
where
(8.18)
and
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E ab aKn = - f - a (8.19)
a
The shear modulus of the hardened adhesive, Ga has not been determined experimentally 
in this project. However, the modulus of elasticity has been determined through tensile 
testing of dumb-bell specimens, as described in Section 3.3.5 on page 62, and hence the 
shear modulus can be obtained using the expression
Ea
G = —  r (Adams and Wake, 1984) (8.20)
1 V 1 +  V a '
if a value is assumed for the Poisson’s ratio, ua.
The expressions given in (8.16) and (8.17) may be used in two ways. Firstly, if test data 
provides the plate separation load, so that V0 and M* are known, then Tq and <r0 can be 
calculated directly. Alternatively, if To is known or assumed, then the externally applied 
load P0 which would cause plate separation can be predicted prior to testing using the 
rearranged equation
p« = -
2t0
1 +
Ks W *
. E b t  , v p p p /
lpbp
ib ~ (dp - x>
a
(8.21)
assuming a four point loading configuration. This latter approach was adopted by Sharif 
et a l, 1994, who used a value of To = 3.5 N/mm2 as the maximum shear stress at the 
curtailment of FRP plated beams, as determined from small-scale shear tests (Ghaleb, 
1992). Of the two unanchored beams which failed prematurely by plate separation in the 
wofk of Sharif, the ultimate load of one case was well approximated, while the strength 
of the other was overestimated.
Since there remains uncertainty concerning the maximum shear stress which can be 
supported at the plate ends for a particular strengthening system, the dependence of the 
plate separation load P0 on the theoretical value of To has been evaluated using (8.21) for 
each beam configuration tested in the present investigation. The results obtained for the
1.0 m length batch ‘B’ beams are shown in Figure 8.35.
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CFRP, 80 x 1.2 mm 
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Figure 8.35 Dependence of premature failure load on joint strength for 1.0 m batch ‘B’ 
beams (after Roberts, 1989).
It can be seen that there is a linear relationship between the plate separation load and the 
shear strength of the bonded connection, stronger bonded joints implying higher failure 
loads as would be expected. It can also be seen that for a given joint shear strength, a 
GFRP plated beam would fail at a higher load than a beam strengthened with a CFRP 
plate of the same cross-sectional area. This is a result of the higher modulus of elasticity 
Ep of the CFRP material and the increased second moment of area of the cracked 
transformed section I.
Since the load at failure P0 is known for each beam which failed prematurely, (8.16) and
(8.17) on page 344 have been used to directly calculate the values of the shear and 
normal stresses at the plate ends by substitution of the appropriate material and 
geometric properties as given in Chapter 3 and Chapter 4. The results are presented in 
Table 8.13. The stress concentration factors are calculated by dividing the theoretical 
maximum shear and normal stresses by the ultimate elastic shear stress. Hussain et al., 
1995 followed a similar approach in analysing the results of their tests on steel plated 
beams. In this case, the values of maximum stress calculated and the associated modes of 
failure were found to agree reasonably well with the stress limits at the plate ends 
suggested by Roberts and Haji-Kazemi, 1989 for steel plated beams.
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Table 8.13 Plate end stresses for beams which failed prematurely.
Beam Ultimate elastic Theoretical Shear stress Theoretical Normal stress
shear stress, x shear stress -r0 concentration normal stress, <y0 concentration
(N/mm2) (N/mm2) factor (N/mm2) factor
Ale 0.86 10.99 12.8 8.05 9.4
A2b 0.71 12.57 17.7 10.95 15.4
A2c 0.73 9.31 12.8 6.82 9.3
A2e 0.79 10.01 12.7 7.34 9.3
A2f 0.78 9.89 12.7 7.25 9.3
B2 0.70 8.38 12.0 6.14 8.8
B4 0.92 10.13 11.0 7.98 8.7
B6 1.41 11.72 8.3 6.89 4.9
C2 1.13 853 7.6 4.95 4.4
L2 0.70 3.69 5.3 2.14 3.1
It can be seen that the theoretical shear and normal stresses calculated in this way are 
high in all cases in comparison to the ultimate elastic shear stress values. The values of 
theoretical peak shear for the 1.0 m length beams lie in the range 8.4 - 12.6 N/mm2, while 
those of normal stress lie between 5.0 - 11.0 N/mm2 It should be noted that these 
theoretical values of normal stress are well above the tensile strength of the concrete, 
immediately calling into question the validity of the calculation method. By far the 
highest values were obtained for the 1.0 m length, batch ‘A’ beam A2b, incorporating the 
thinner, 1.0 mm bondline. The values calculated for beam A2b suggest that higher peak 
shear and normal stress levels can be resisted with a narrower bondline before premature 
failure occurs. This is in agreement with the theory of Jones et al., 1988.
A comparison of the values calculated for beams A le and A2c demonstrates the effect of 
concrete strength on the peak stress levels. The lower strength case, beam A2c, gave 
peak shear and normal stress values at failure which were lower than those of the higher 
strength beam A le. This was also true for the other low strength beams A2e and A2f, 
both of which were strengthened in the same way as beam A2c, but which also had 
GFRP side plates bonded in the plate end regions. These results suggest that higher 
strength concrete is able to sustain higher levels of both shear and normal stress before 
failure occurs by plate separation, as would be expected.
The addition of side plates around the soffit plate ends was found to slightly increase the 
peak shear and normal stresses calculated at failure in comparison to beam A2c; 6% for 
both shear and normal stresses for beam A2f, and 8% for beam A2e. This presumably 
reflects the fact that the side plates help to strengthen the bottom layers of concrete 
where cracking and failure appears to be initiated, thereby allowing failure to occur at a 
slightly enhanced load.
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For the batch ‘A’ beams, it can be seen that, whilst varying with adhesive thickness, the 
stress concentration factors at failure were identical for all beams incorporating a 2.0 mm 
thick adhesive layer, at 12.7 for shear stress and 9.3 for normal stress. The relationship 
between the peak and ultimate elastic stress levels therefore appears to be little affected 
by the strength of the concrete involved.
The values of peak stress obtained for the GFRP plated batch ‘B’ beams B2 and B4 
varied considerably. Beam B4, although having the same plate cross-sectional area as 
beam B2, was strengthened with a narrower and thicker plate. It would be expected that 
beam B4 would fail prematurely at a lower applied load than beam B2, since the 
longitudinal stress in the external plate was being transferred into the concrete over a 
reduced area. However, in practice, both beams failed in the same way at almost 
identical loads. As a result of the narrower plate and comparable failure load, the 
theoretical peak stresses were higher for beam B4 than for beam B2. This appears to 
suggest that plating over a reduced width can allow higher stress levels at the plate ends 
to be sustained before failure occurs. Such an observation was also noted by Oehlers and 
Moran, 1990, who found that the peeling strengths of partially plated beams were higher 
than those plated over their full width. This was attributed to the fact that the width of the 
failure surface within the concrete is increased relative to the external plate width.
Comparison of the theoretical values calculated for beams B2 and B6, both of which 
were strengthened with a plate 80 x 1.2 mm, suggests that higher peak stresses were 
supported before failure by the CFRP plated beam B6 than when GFRP was utilised. The 
peak shear stress at failure of beam B6 was 40% higher than that of beam B2, while the 
peak normal stress was 12% higher. This perhaps reflects the increased curvature of the 
GFRP plated beam under the action of a given load; Oehlers and Moran, 1990 have 
suggested that flexural debonding is related to beam curvature rather than actual levels of 
axial stress in the external plate. Although the theoretical stress levels at failure were 
increased through the use of CFRP, the stress concentration factors were reduced 
considerably from 12.0 to 8.3 for shear stress, and from 8.8 to 4.9 for normal stress. This 
reflects the fact that the ultimate elastic shear stress of beam B6 was double the value 
obtained for GFRP plated beam B2 as a result of the increase in the first moment of area 
about the neutral axis of the higher stiffness plate.
As shown in Table 8.13, the theoretical shear and normal stress values calculated at 
failure for the unanchored, CFRP plated 2.3 m length beam L2 were considerably lower 
than those obtained for the 1.0 m length beams, at 3.69 N/mm2 and 2.14 N/mm2 
respectively. In terms of the relationship with the ultimate elastic shear stress, the stress 
concentration factors obtained were also lower, at 5.3 for shear stress and 3.1 for normal 
stress.
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The fact that the ultimate shear stress appeared to be dependent on concrete strength is in 
agreement with other authors, as discussed earlier. The batch ‘A’ 1.0 m length beams had 
a cube strength at the time of testing of around 42 N/mm2, whereas that of the batch ‘B’ 
beams was 53 N/mm2 and the 2.3 m beams 45 N/mm2. In small-scale shear tests using 
steel plates, Swamy et al., 1986 found that for comparable cube strengths, the ultimate 
shear stress was 7.0 - 7.5 N/mm2. This range falls below the theoretical values calculated 
for both the batch ‘A  and batch ‘B’ beams, but exceeds the value of 3.7 N/mm2 obtained 
for the 2.3 m length beam L2.
Comparison of the theoretical peak shear stresses given in Table 8.13 on page 347 with 
the maximum allowable level defined by Swamy et al., 1989 of V2 x tensile strength of 
the concrete shows that, for all 1.0 m length beams, the peak stresses are well in excess 
of the allowable limit. Consequently, it can be said that designing the beams according to 
this recommendation would have ensured that, at the ultimate limit state, premature 
failure would not have occurred. However, for 2.3 m beam L2, the theoretical peak shear 
stress just attained a value which corresponded to V2 x tensile strength before peeling 
failure occurred, indicating that, if Roberts’ values are to be used, a more stringent stress 
limit would be required in design to prevent premature failure.
The theoretical values of peak shear and normal stress calculated for the 1.0 m length 
beams tested in this project were also well in excess of those suggested as upper limits by 
Roberts and Haji-Kazemi, 1989, who suggest that premature failure of steel plated 
beams is likely to occur at shear stresses between 3 - 5  N/mm2 in combination with 
normal stresses between 1 - 2  N/mm2. However, this appears to be a very satisfactory 
recommendation for the larger-scale, CFRP plated 2.3 m beam L2.
The maximum sustainable shear stress levels suggested by Ranisch and Rostasy, 1986, 
and Triantafillou and Plevris, 1992 of 8.0 N/mm2, and of Van Gemert, 1980 of 6.0 N/ 
mm2 can be seen to underestimate the theoretical peak values obtained for the 1.0 m 
length beams, but overestimate the value of 3.7 N/mm2 for 2.3 m beam L2. A similar 
situation exists for the maximum shear stress value obtained by Chajes et a l,  1996 in 
shear tests utilising FRP plates of 6.2 N/mm2, and also that obtained in similar tests using 
GFRP in the present study of 6.4 N/mm2 However, the maximum sustainable shear 
stress found by Sharif et al., 1994 in tests on double-lap FRP/concrete specimens of 3.5 -
4.0 N/mm2 agrees well with the peak value calculated for beam L2.
The stress concentration factors calculated for the beams tested were much higher than 
the values suggested in the literature for steel plated beams. As discussed earlier, Swamy 
et al., 1989 claimed that the peak shear stress is 2t, while Mays, 1993 suggested a value 
of 4t. Using Roberts’ equation, the stress concentration factors calculated were in the
8.33.3 Discussion
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In summary, the values of shear and normal stress at failure calculated using Roberts’ 
equation were considerably higher for the 1.0 m length beams than the 2.3 m length case. 
Whilst the predicted peak shear stress values of the 1.0 m beams were well in excess of 
the maxima suggested by other researchers, and also well above the tensile and likely 
shear strength of the concrete, the value predicted for the 2.3 m length case was low in 
comparison to suggested shear strengths. Although the validity of the calculation method 
is unclear, the 1.0 m length results seem to suggest that FRP strengthened beams are able 
to sustain higher levels of both shear and normal stress at the plate ends before failure 
occurs by plate separation than if steel was used as the plating medium. However, the 
opposite seems to be true based on the 2.3 m length result. It is therefore unclear whether 
the use of the theory derived by Roberts’ with steel plate strengthening in mind can be 
used when FRP plates are employed.
The theory developed by Roberts assumes linear elastic behaviour for the materials 
involved. Although failure occurred prematurely for all test cases at load levels well 
below the flexural capacity of the strengthened system, it occurred after yielding of the 
internal steel in all cases except 1.0 m beam C2 and 2.3 m beam L2. After this point the 
assumption of linear elasticity is not applicable, and hence use of this assumption may 
cause the peak stresses at the plate ends to be overestimated. The values obtained for 
beam C2 and particularly 2.3 m beam L2, neither of which reached the yield point before 
collapse, were found to be lower in comparison to the other specimens tested.
A greater amount of tests are required to verify the relationship between the ultimate 
elastic shear stress and peak stress levels at the plate ends. If a reliable relationship could 
be established, then for a proposed strengthening scheme in which the ultimate design 
loads and hence the ultimate elastic shear stress were known, the peak stress levels at the 
plate ends could be calculated and checked against an allowable shear strength for the 
materials to be used. Anchorages could then be installed at the plate ends to further 
increase the factor of safety against premature failure of the system.
8.4 Conclusions
An iterative analytical procedure has been developed for predicting the flexural response 
of externally strengthened members, using the principles of strain compatibility and 
equilibrium, and the constitutive relations for the materials involved. For the beam 
configurations adopted in the present investigation, analysis has been carried out using 
both a cracked and a partially cracked concrete section, and the responses derived 
compared with those generated experimentally. The following observations were made:
• Use of the partially cracked section in the analysis represented deflection and bending
range 5.3 - 17.7 for peak shear and 2 .1-11 .0  for peak normal stress.
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strain responses at low load levels more accurately, as would be expected. Assuming a 
cracked concrete section resulted in more conservative results.
•  The post-cracking stiffness of both the unplated 1.0 m and 2.3 m length beams were 
overestimated to some extent by the analytical models. Use of the cracked section 
predicted unplated behaviour most accurately in terms of serviceability and yield load, 
and response after yielding.
• For the 1.0 m length beams plated with GFRP, the deflection characteristics were 
accurately represented by the analytical models. However, when CFRP was used to 
strengthen both 1.0 m and 2.3 m length beams, it was found that the analytical models 
underestimated the deflection under a given load.
• Despite the discrepancies in the deflection behaviours obtained for the CFRP 
strengthened beams, it was found that both tensile and compressive bending strain 
responses at the beam centres were very accurately represented by the analytical models. 
It is therefore concluded that the procedure adopted for calculating the deflection is 
inappropriate when CFRP is used as the strengthening medium; this is attributed to the 
higher flexural rigidity achieved through its use.
• It was found that the analytical models represented GFRP strengthened 1.0 m 
response more accurately when the external plate covered a greater proportion of the 
beam width.
• It was found that the longitudinal strains in the external plate predicted analytically 
outside the constant moment region underestimated those recorded in testing. This is 
attributed to the effects of shear cracking, which is not accounted for by the predictive 
methods.
• Reasonable agreement was demonstrated for both beam sizes between the 
experimentally measured distributions of longitudinal strain through the depth of the 
central section, and those predicted analytically.
• Comparisons of the variations in the neutral axis depth with applied load were also 
made. It was found that the characteristics obtained through the use of the partially 
cracked analysis were demonstrated experimentally, although in general, the measured 
positions were at a greater depth than those predicted. For both 1.0 m and 2.3 m length 
CFRP plated beams, the inclusion of anchorages at the plate ends appeared to affect the 
measured position of the neutral axis, causing it to occur at a greater depth.
• The partially cracked analysis was found to be slightly more accurate at predicting the 
yield loads of the strengthened members, although for the 1.0 m length specimens, it 
appeared that greater discrepancies were obtained as the plate width decreased.
• When failure of the strengthened beams occurred in compression, the predictions of 
failure load derived using the analytical techniques were, in general, very good, lying 
within ±10% of the value determined in testing. These results suggest that confidence 
can be placed in the analytical method for predicting the ultimate loads of externally 
strengthened RC beams irrespective of member size, type of FRP plate, or material 
properties of the system, as long as failure occurs in flexure.
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• For the 1.0 m length beams which did not achieve a flexural failure, the strain rates of 
the concrete and plate at the point of collapse were used to extrapolate the mode of 
failure and ultimate load. The modes of failure obtained in this way agreed with those 
predicted analytically, whilst the failure loads were all within ±20%.
• The effect of the behaviour assumed for the adhesive layer can be shown to have little 
effect on overall response, and consequently it is justifiable to assume a cracked adhesive 
layer for simplicity in theoretical calculations.
• For the 1.0 m length specimens strengthened with GFRP, the method of analysis had a 
significant effect on the characteristics of the deflection and strain responses obtained. 
However, the inclusion of the concrete tension force and steel strain hardening in the 
analysis had less influence on behaviour when CFRP was utilised, since the proportion 
of the tensile load carried by the external plate is increased in this case, and thus the 
behaviour of the concrete and steel in tension becomes less significant.
• The partially cracked concrete section approximates the behaviour of externally 
strengthened members more closely than adopting a cracked analysis. This is because the 
external plate enhances the tension stiffening effect, transferring a greater amount of 
tensile stress to intact concrete at the base of the section than the internal steel 
reinforcement alone, allowing more of the concrete to be effectively utilised.
• Correlation between the experimental and analytically derived results proves the 
validity of the assumptions made in the analysis, demonstrating that the structural 
response of both sizes of externally plated beams studied conform to simple, basic laws 
of mechanics. The similarity of the characteristics obtained by analysing the 1.0 m and 
2.3 m length beams suggests that the small-scale specimens, which are easier to prepare 
and test, adequately represent the behaviour of larger size members.
The analytical technique adopted has been used to investigate the effect of the external 
plate and internal steel areas on flexural response at the serviceability and ultimate load 
levels, to demonstrate its potential use in the design of such strengthening systems. This 
shows the advantages which may be obtained through the use of CFRP as opposed to 
GFRP in plating, providing flexural failure can be achieved.
Although comparison and correlation with a considerably greater number of specimens 
achieving flexural failure is required to further validate the type of procedure adopted in 
this investigation, it is felt that the results presented demonstrate the potential 
applicability of this simple analysis in accurately designing external strengthening 
systems.
Various theories have been developed to account for the premature plate peeling mode of 
failure observed in tests on externally strengthened members. These have been either of 
an empirical, semi-empirical or theoretical nature, and have varied in their complexity. 
The approaches reported have considered the levels of stress within the adhesive layer at 
the plate ends, the behaviour of the concrete between the external plate and the internal 
steel reinforcement, or the catastrophic propagation of horizontal shear cracks at the
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bonded connection.
It is suggested that concentrations of shear and normal stress exist within the adhesive 
layer at the plate ends when the strengthened member is loaded in flexure, and that these 
are associated with the subsequent mechanisms which initiate failure. The existence of 
high levels of shear stress has been demonstrated experimentally by measurements in the 
plate end regions of beams strengthened with steel plates, and good agreement between 
the predicted and measured distributions has been shown.
A review of the theories derived demonstrates that there remains a basic disagreement 
concerning the nature of the mechanisms involved in premature failure and also the 
influence of the various material or geometric parameters. However, all agree that 
reducing the plate thickness and terminating the plate as close as possible to the supports 
is beneficial from a stress level viewpoint.
Based on the results obtained from the analyses, design procedures have been proposed 
to ensure that peeling failure of steel plated beams does not occur under ultimate loading 
conditions. Where possible, these procedures have been applied to the results obtained 
for the beams tested in the present investigation. It appears that such methods are 
inappropriate, and that specific procedures need to be developed for the design of FRP 
strengthening systems.
If concentrations of stress at the plate ends are associated with peeling failure of 
externally strengthened members, the question remains, despite a variety of experimental 
and theoretical investigations, as to what levels of stress can be tolerated in these regions 
before failure is initiated, especially when FRP materials are utilised. The methods of 
assessment proposed for designing the anchorage of steel plated beams have again been 
applied to the test data generated in the present investigation. Whilst the predicted peak 
shear stress values of the 1.0 m beams were found to be well in excess of the maxima 
suggested by other researchers, the value predicted for the 2.3 m length case was low in 
comparison to suggested peak shear strengths. The 1.0 m length results seem to suggest 
that FRP strengthened beams are able to sustain higher levels of both shear and normal 
stress at the plate ends before failure occurs by plate separation than if steel was used as 
the plating medium. However, the opposite seems to be true based on the 2.3 m length 
result It is therefore unclear whether these design procedures, which were developed 
with steel plate strengthening in mind, are applicable when FRP plates are employed. A  
greater amount of test data is required to verify the relationship between the ultimate 
elastic shear stress and peak stress levels at the plate ends for FRP strengthened beams, 
which will then allow design guidelines to be proposed.
If satisfactory correlation could be obtained between the occurrence of premature failure 
and limiting levels of shear and normal stress at the plate ends, and the relationship
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between such stresses and the applied load established, the iterative analytical procedure 
described in the first half of this Chapter could be adapted to include calculation of these 
stresses. This could then be used to demonstrate that, for a given configuration, 
premature collapse would or would not occur before flexural failure and hence whether 
additional anchorages would be required.
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Chapter 9
N u m e r i c a l  f in i t e  e l e m e n t  i n v e s t i g a t i o n
9.1 Introduction
The finite element (FE) method was first introduced in the 1950’s, and it is now an 
extremely sophisticated tool for solving numerous engineering problems. It has been 
extensively described in the literature, for example by Zienkiewicz and Taylor, 1989, 
and only a summary of the basic principles will be given in the following paragraphs.
The basic principles underlying the FE method are simple. The distribution of an 
unknown variable over a body, such as displacement or temperature, is required. The 
region under consideration is firstly divided into an assembly of sub-divisions called 
elements, which are considered to be interconnected at joints, known as nodes. A given 
distribution of the unknown variable through each element is assumed. The equations 
defining the approximating distribution are known as interpolation functions, usually 
defined by a polynomial (for example, linear or quadratic), or a trigonometric function. 
The number and type of elements are chosen so that the variable distribution through the 
whole body is adequately approximated by the combined elemental representation.
After the problem has been discretised, the governing equations for each element are 
calculated and then assembled to give the global equations which describe the behaviour 
of the body as a whole. The element equations for a specific type of problem, such as a 
stress analysis, have a constant format. Thus, once the general format of the equations of 
an element type is derived, the calculation of the equations for each occurrence of the 
element in the body is straightforward; it is simply a question of substituting the nodal 
coordinates, material properties and loading conditions of the element into the general 
format.
The global equations generally take the form
[k] {U } = {F } (9.1)
where [k] is the stiffness matrix, (U) is the vector of unknown nodal displacements and
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{F} the vector of applied nodal forces. The boundary conditions of the problem are then 
incorporated into the global equations and the relationship given in (9.1) is inverted to 
solve for {U}. After solving for the unknown nodal values, it is then possible to use the 
displacements to find the strains and then the elemental stresses.
Equilibrium analysis, in which a body under equilibrium conditions is analysed and its 
distortion predicted, is the most common use of the FE method. It is rare for an FE model 
to represent the unknown displacement field precisely, and the results will therefore 
invariably only approximate the true solution. The amount of error obtained depends 
primarily on the representation chosen to best resemble the continuous behaviour of the 
actual structure and the size of the elements employed. As such, the accuracy of a model 
can be improved in two ways; either the mesh density can be increased, or the accuracy 
of the elements themselves can be improved by using higher-order interpolation 
functions. As the number and complexity of the elements increases, so the 
approximation should improve and eventually converge to the ‘true’ solution. However, 
the gains in accuracy decrease as the number of elements increases, and increasing the 
element order leads to a significant increase in the computer time needed to analyse the 
structure.
If the geometric interpolation function, used to describe the geometry of a particular 
element, and the displacement interpolation function are of the same order, then the 
element is known as isoparametric. The two functions then prove to be similar to each 
other which simplifies their application significantly. Using quadratic elements with 
mid-side nodes allows curved boundaries to be modelled, of particular use in bending 
problems. This implies not only an improvement in the geometric accuracy of the model, 
but also an increase in the order of the interpolation function used for the element, thus 
leading to a significant increase in the complexity of the model.
The FE method potentially offers a powerful and general analytical tool for studying the 
behaviour of reinforced concrete. The initial aim of the FE investigation carried out in 
the present study was to obtain a model, verified in terms of overall and local response 
and mode of failure by a limited number of basic experimental tests, which could then be 
used in an extensive parameter study of the proposed strengthening system. The model 
could also be used in conjunction with further experimental testing; the critical 
parameters and locations within the system which govern overall failure could be 
identified so that measures could be taken to prevent their occurrence in actual tests, for 
example through additional strengthening or anchorage systems. In this way the number 
of experimental tests could be reduced, thereby saving time and money.
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9.2 Modelling of reinforced concrete
9.2 .1  In trod u ction
The application of the FE method to the analysis of RC structures was first introduced by 
Ngo and Scordelis in 1967, and an extensive literature is now devoted to the subject. A 
number of state-of-the-art publications have been written (for example, Scordelis, 1972; 
Wegner, 1976; Al-Mahaidi and Nilson, 1979; ASCE, 1982; CEB, 1983; Hinton and 
Owen, 1986), many of which contain numerical examples and comparisons with 
experimental data. A comprehensive list of references on the application of FE analysis 
to RC structures is also given by Chen, 1982. The intention of this section is not to 
reproduce such surveys, but to present a summary of the problems encountered in the 
numerical modelling of reinforced concrete and to demonstrate the areas requiring 
consideration in the development of FE representations of the material, to provide a 
background to the work carried out in the present study. The approach to modelling 
reinforced concrete adopted by ABAQUS, the proprietary analysis package used 
throughout the programme of numerical work, is also outlined. A review of reported 
numerical work concerned specifically with plate bonding is given, before the results 
obtained in the present investigation are presented.
9 .2 .2  D ifficu lties a sso c ia ted  w ith  m o d ellin g  re in forced  concrete
Special problems are introduced into the FE method when it is applied to the analysis of 
RC members (Al-Mahaidi and Nilson, 1979; Scordelis et al., 1982). The two materials 
involved, concrete and steel, have widely different properties; while those of the 
reinforcement are generally known within narrow limits, those of the concrete can vary 
considerably. Concrete is a highly heterogeneous material whose behaviour is influenced 
by disintegration processes in the form of micro and macrocracking, as well as chemical 
changes. The reinforcement, which may experience yielding during the analysis, can be 
considered to be uniaxially stressed, while the concrete is generally in a biaxial or even 
triaxial state of stress. The characteristics of concrete under such conditions are non­
linear and anisotropic and, although considerable experimental data is available, not 
fully understood.
Tensile cracks develop in concrete at relatively low loads and can propagate throughout 
the material, profoundly affecting both local and overall behaviour. In terms of a FE 
analysis, this means the topology of the structure being analysed is continuously 
changing as the load applied increases. Non-linear bond slip between the concrete and 
reinforcing steel can occur, especially adjacent to flexural cracks. In addition, post­
cracking shear transfer mechanisms such as dowel action and aggregate interlock are 
difficult to determine and incorporate into a general numerical model. Additional causes
9.2. Modelling of reinforced concrete 357
of non-linearities are time-dependent effects such as creep, shrinkage, temperature and 
load history. Material properties may also be affected by strain rate and repeated cyclic 
loading. The relative importance of each parameter varies from problem to problem.
Most test data generated are from plain concrete specimens, the behaviour of which may 
not accurately represent that of an element restrained by reinforcement. The addition of 
reinforcement to concrete produces a composite material with greater strength and 
ductility than plain concrete due to confinement effects, which are dependent on the 
dimensions and location of reinforcement; the larger the diameter of bars and the more 
dense the reinforcement, the greater will be the confining action (Cheng, 1995). The 
presence of stirrups also helps to confine the concrete by establishing a triaxial stress 
state under which the concrete strength is increased.
It is apparent that it is necessary to include many complex effects in the material model 
to describe the behaviour of concrete adequately. In addition to these difficulties, the best 
way of incorporating the characteristics outlined above into a FE analysis also remains to 
be resolved. The results obtained will be influenced by a variety of factors including the 
element type, mesh size, load step size, solution method and convergence criteria 
adopted.
9 .2 .3  M o d ellin g  con sid era tion s
Realistic numerical simulation of the response of a reinforced concrete structure requires 
that its complex behaviour be taken into account throughout the analysis process. 
Consideration must be given to, amongst other things, the constitutive relations and 
failure theories which govern overall behaviour of the concrete and steel, the 
representation of cracking and post-cracking behaviour of the concrete, the 
representation of the reinforcement and its interaction with the concrete, and shear 
transfer mechanisms such as aggregate interlock and dowel action.
9.2.3.1 Constitutive relations and failure theories for concrete
Many text books consider the behaviour of concrete under combined stress states, for 
example Cohn, 1973; Park and Pauley, 1975; Neville, 1981, and Aoyama and Noguchi, 
1979. Under high levels of stress, concrete exhibits highly non-linear behaviour which 
can considerably affect the response of RC structures. For accurate representation of 
concrete, knowledge of the multiaxial stress/strain and failure characteristics of the 
material under load are required. Under multiaxial loading, concrete exhibits strength 
and stiffness properties which differ from those displayed under uniaxial compression. 
However, experiments for determining the response of concrete under two- or three- 
dimensional states of stress are difficult to perform. It appears that the failure of concrete 
cannot be related solely to the stress state; it is also influenced by factors such as the
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water/cement ratio and the moisture content of the concrete, and by the method, rate and 
sequence of applying the stresses (Kong and Evans, 1987). Whilst considerable 
experimental data are now available regarding the strength, deformation and 
microcracking characteristics of concrete subjected to uniaxial and biaxial states of 
stress, limited data from triaxial tests are available.
As described in the previous Chapter, a widely used approximation for the shape of the 
stress/strain curve of concrete in uniaxial compression before the maximum stress is 
reached is a second-degree parabola such as that shown in Figure 8.1 on page 283, 
although the form of this curve is dependent on the rate of loading as well as the concrete 
strength. Strain softening effects have been observed in experiments after the maximum 
stress has been reached. Under uniaxial tension, although the modulus of elasticity is 
somewhat higher and the Poisson’s ratio somewhat lower than in compression (Kupfer et 
al., 1969; Tasuji etal., 1978 and 1979), for practical purposes they are assumed to be the 
same, with an ultimate strength which is typically between 7 - 10% of the ultimate 
compressive strength. Experimental evidence on plain concrete specimens in tension 
shows that the tensile strength decreases gradually after cracking (Evans and Marathe, 
1968; Petersson, 1981).
Many structures, including beams, may be approximated as being in a state of plane 
stress, so that information regarding behaviour under biaxial loading is required. 
Reviews on the biaxial behaviour of concrete are given by Nelissen, 1972, and Tasuji et 
al., 1978. Figure 9.1 illustrates a typical biaxial strength envelope for concrete subjected 
to biaxial loading. The maximum compressive strength and stiffness are increased in a 
biaxial compression state (Kupfer et al., 1969). A maximum strength increase of 
approximately 25% is achieved at a stress ratio = 0.5, reducing to around 16% at an 
equal biaxial compressive state. In the biaxial tension/compression region, the presence 
of tensile stress in one direction decreases almost linearly the compressive strength in the 
perpendicular direction. In the biaxial tension region, however, concrete exhibits a 
constant or slightly increased tensile strength (Kupfer et al., 1969; Tasuji et al., 1978) 
compared with values obtained under uniaxial loading. Concrete ductility under biaxial 
stress also has different values depending on whether the stress states are compressive or 
tensile.
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Figure 9.1 Biaxial strength of concrete (Kupfer et a l, 1969).
Experiments indicate that, when subjected to triaxial loading, concrete appears to 
generate a fairly consistent failure surface that is a function of the three principal stresses 
(Gerstle et a l,  1978). Although the characteristics of behaviour depend on the level of 
the confining stress, the strength and ductility are greatly increased under conditions of 
triaxial compression. With very high lateral stresses, extremely high axial strengths have 
been recorded (Price, 1951). Increases in lateral pressure also cause very significant 
increases in ductility (Richart et al., 1928) due to the lateral pressure confining the 
concrete and reducing the tendency for internal cracking and volume increase just prior 
to failure. A lateral tensile stress has a similar influence but in the opposite direction.
To theoretically represent and thus analyse the behaviour of reinforced concrete, 
constitutive equations describing the characteristics of plain concrete under multiaxial 
stress conditions are required. Constitutive relations for concrete under generalised states 
of stress have been the subject of extensive experimental research, and a wide variety of 
mathematical models possessing varying levels of sophistication have been proposed to 
characterise the plain concrete behaviour (Chen and Ting, 1980). These are considered in 
detail by Bazant e ta l ,  1982, Chen, 1982, and, most recently, by Januszka, 1994 amongst 
others, and will not be discussed at length herein. The majority of the proposed theories 
broadly fall into the categories of curve fitting and interpolation, linear and non-linear 
elasticity, and perfect or work hardening plasticity, although damage and endochronic 
theories and hybrid formulations have also been developed.
Empirical mathematical representations of biaxial or triaxial failure envelopes have been
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proposed, many based on the biaxial strength enveloped obtained by Kupfer et a l, 1969 
(for example, Kupfer and Gerstle, 1973; Berg et a l ,  1973; Wiliam and Warlike, 1974; 
Hinton, 1988; Zhang et a l ,  1994) or Liu et a l,  1972, and Tasuji et a l ,  1976 (Al-Mahaidi 
and Nilson, 1979). The drawback of empirical criteria are that they require test data 
which, with the exception of uniaxial tests, are difficult to obtain. Consequently, 
procedures have been adopted whereby the biaxial behaviour may be predicted from that 
under uniaxial conditions, for example the equivalent uniaxial strain model of Darwin 
and Pecknold, 1977, in which the equivalent uniaxial strain can be considered as the 
strain which would exist in one direction when the stress in the other is zero 
(Sathurappan et a l ,  1992; Foster et al., 1996). This approach is appealing because of its 
simplicity and broad database. Early representations of concrete behaviour assumed 
either linear material properties or simply incorporated no modification to account for 
biaxial stress conditions (Nilson, 1968; Franklin, 1970; Houde and Mirza, 1974).
Elasticity-based models with a Hookean formulation were first developed, either linear 
(Ngo and Scordelis, 1967; Ngo et al., 1970) or incrementally elastic with variable moduli 
(Nilson, 1968; Franklin, 1970), which significantly improved the representation. A 
comprehensive review of the elasticity-based constitutive models is given by Chen and 
Saleeb, 1981. Such elasticity models must be combined with criteria defining failure of 
the concrete under multiaxial conditions. Despite extensive research, a universal failure 
criterion for concrete which allows for all possible states of triaxial stress has not yet 
been found, although many have been proposed which have certain inherent advantages 
and disadvantages depending on their particular application. Chen, 1982 discusses some 
of the most important, including maximum stress and strain criteria, the shearing stress 
criteria of Tresca and von Mises, the Mohr-Coulomb criterion, the Drucker-Prager 
criterion and fracture mechanics approaches. Failure criteria for design purposes have 
been proposed by Hannant, 1974, and Hobbs et a l,  1977, amongst others.
Although elastic formulations can be reasonably accurate, they fail to identify inelastic 
deformations when the material experiences unloading. Consequently, plasticity-based 
models were developed, with the stress/strain behaviour separated into a recoverable 
component, treated using elastic theory, and an irrecoverable component based on the 
theory of plasticity. Perfectly plastic models were first developed (Cervenka and Gerstle, 
1971; Yuzugullu and Schnobrich, 1973; Argyris et a l, 1974; Chen and Chen, 1975; 
Agrawal et a l ,  1976), reflecting the fact that, under triaxial compression, concrete can 
flow like a ductile material before reaching its crushing strains. Such models require 
definition of the initial yield criterion and the strain condition for fracture, as well as a 
flow rule to describe the stress/strain relation in the plastic range.
Alternatively, concrete can be considered as an elastic-plastic hardening material (Chen
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and Chen, 1975; Buyukozturk, 1977; Chen and ling, 1980) to account for the hardening 
behaviour up to the ultimate strength. An appropriate hardening and flow rule are then 
required in the formulation, as well as a subsequent failure criterion. The hardening rule 
defines the motion of the subsequent yield surfaces during plastic loading, and may be 
assumed to be isotropic, kinematic or a combination of the two. A crushing surface in 
terms of strains must also be postulated to define the complete collapse of the concrete.
Various criteria have been employed in plasticity theory to establish the yield surface of 
the concrete and the failure surface if hardening behaviour is incorporated. The failure 
criteria for concrete mentioned above may be used; a considerable amount of work has 
been carried out using, for instance, the Druker-Prager function (Argyris et al., 1974; 
Frantzeskakis and Theillout, 1989). The Mohr-Coulomb yield criterion has been found 
to be successful for shear critical beams (Cedolin and Dei Poli, 1977; Abassi et al., 
1992). More advanced functions that fit the experimental evidence better have also been 
suggested (Argyris et al., 1974; Chen and Chen, 1975). In general, perfectly plastic 
behaviour is assumed when the failure surface is attained, ignoring the strain softening 
behaviour observed in experiments, which is considered to have an insignificant effect 
on overall behaviour (Bedard and Kotsovos, 1985). However, some investigators 
advocate the importance of including strain softening behaviour after the maximum 
load-carrying capacity is reached (Rudnicki and Rice, 1975; Dougill, 1976; Balakrishnan 
et al., 1988). A comprehensive review of the plasticity-based constitutive models is 
presented by Chen, 1982, and Chen and Saleeb, 1982.
Plasticity theory, which was originally developed to describe the ductile behaviour of 
metals, has been widely used to establish a constitutive relationship for concrete in 
compression. However, the non-linearity of concrete is mainly due to microcracking and 
hence the use of such theory is conceptually incorrect (Al-Mahaidi and Nilson, 1979). 
Indeed, yield criteria cannot account for the decreases in stress at constant strain which 
result from the microcracking of concrete. Plastic-fracturing theory (Bazant and Kim, 
1979) has been developed to account for the contribution to inelastic behaviour of the 
concrete due to microcracking which, in contrast to plastic phenomena, is accompanied 
by a decrease in elastic moduli. Endochronic theory, in which the viscosity of the 
material depends not only on the stress and strain but also on the strain rate, has also 
been developed to account for the non-linear behaviour of concrete (Valanis, 1971; 
Bazant, 1978).
Unfortunately, the available test data do not support a single constitutive theory, and 
consequently models which reproduce the most important characteristics of the 
behaviour of concrete without violating fundamental principles of continuum mechanics, 
and which are simple enough to be applicable to available computer codes have become
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generally accepted. The implementation of these models into FE formulations is 
considered by Chen, 1982. The plasticity-based models are probably the most reliable 
and suitable constitutive laws for use in practical applications (Bazant et al., 1982). The 
material parameters involved can be determined relatively easily from available test data 
and they allow a reasonably good overall fit of concrete property data. Since most 
constitutive models are based on a limited number of experimental data obtained from 
principal stress type of tests, the behaviour in shear dominated situations is still a matter 
of considerable discussion and disagreement amongst the research community 
(Pilakoutas e ta l ,  1995).
9.2.3.2 Cracking of concrete
The weakness of concrete in tension and the resultant cracking is a major factor 
contributing to the non-linear behaviour of RC members. An adequate representation of 
cracking in a FE model requires considerable effort because of the difficulty which arises 
from the continued propagation of cracks with increasing load. The number of cracks 
and their propagation pattern is unique for every beam and hence impossible to predict 
accurately. A number of different models have been developed to represent cracking, 
most of which utilise a maximum tensile stress or strain criterion to represent crack 
initiation. Two methods of crack representation (discrete or distributed) and two criteria 
for crack propagation (strength and fracture toughness) have been developed; any 
combination of these is possible (Cedolin et al., 1982) depending on the purpose of the 
analysis.
The first FE models of reinforced concrete to include the effects of cracking utilised 
discrete cracks at pre-defined locations, with the cracks modelled along element 
boundaries by the separation of nodal points (Ngo and Scordelis, 1967; Ngo e ta l,  1970). 
The location and inclination of such cracks were based on experimental observations. 
This approach, for which the stress in the vicinity of the crack tip is mesh dependent, was 
modified to allow the model to predict the location and width of cracks by separating 
nodes when tensile strains in adjacent elements reached their ultimate values (Nilson, 
1968). If the tensile strength was exceeded, the elements were disconnected at their 
common comers. This resulted in progressive formation of discrete cracks with 
increasing load. After each crack formed, the structure was unloaded and the newly 
defined structure reloaded. The solution process was then continued until further 
cracking was detected.
Further refinements to the discrete crack representation were made by Franklin, 1970, 
and Mufti et al., 1970, who partially automated the process and utilised two nodes at one 
point along a pre-defined crack connected by a link element. These nodes were originally 
rigidly joined until cracking was detected in adjacent elements. When this occurred, the
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nodes were released by reducing the stiffness of the link element to zero, thereby 
allowing the crack to open. Al-Mahaidi and Nilson, 1979 followed a similar approach 
with either two or four nodes at a single point to allow cracking in one or two directions.
The disadvantages of the discrete cracking approach are discussed by Cedolin et a l ,  
1982. Crack direction is dependent on mesh geometry and the type of elements used. 
Crack lengths can be overestimated, whilst redefinition of the structural topology 
following the formation of a crack greatly increases the computational effort required for 
the solution. Although this can be avoided to some extent if a pre-defined crack pattern is 
utilised, this obviously introduces a bias into the final solution with regard to the 
distribution of stresses and failure mode of the member. The use of higher order elements 
results in poor quality comer stress definitions which do not combine well with the edge 
cracking associated with the discrete cracking concept.
The method of discrete cracking is based on the concept of displacement discontinuity 
across a crack. The distributed or smeared crack approach, introduced by Rashid, 1968, 
assumes that cracked concrete remains as a continuum. When the tensile strength is 
reached within an element, the concrete is treated as an orthotropic material with the 
modulus of elasticity reduced to zero in the direction of the principal strain (Chen and 
Saleeb, 1982; Hinton and Owen, 1984). Rather than representing a single crack, this 
procedure effectively represents many finely spaced cracks, for which the locations and 
spacings are arbitrary. When cracking occurs at a point, the principal axes may be rotated 
to coincide with the cracking direction, so that further cracks are constrained to occur 
orthogonally at that point (Milford and Schnobrich, 1985; Massicotte et a l,  1990), or 
remain fixed in direction (Chen et a l ,  1980; Owen et a l ,  1983; Buyokozturk and 
Shareef, 1985).
This representation of cracking has been more widely utilised than the discrete 
representation because of its automatic crack generation and generality in crack 
directions. However, bond slip, aggregate interlock and dowel action cannot directly be 
represented unless special connecting elements and double noding are used. It has been 
argued that the distributed crack approach is inappropriate for the analysis of structures 
when their behaviour is predominantly dictated by one or a few dominant cracks (Al- 
Mahaidi and Nilson, 1979; Frantzeskakis and Theillout, 1989), for which a discrete 
cracking approach may yield a more realistic representation.
9.2.3.3 Strain softening/tension stiffening
The modelling approach adopted may take into account the softening behaviour of the 
concrete in tension once the peak stress has been attained, and also the tension stiffening 
effect produced by the reinforcement passing through cracked concrete. The 
reinforcement transfers tensile stress to intact concrete between cracks through bond,
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increasing the effective stiffness of the member. The ability to restrain the unloading of 
concrete in tension is a function of reinforcement/concrete bond, with enhanced bond 
properties increasing the stiffening effect, and also the amount, distribution and 
orientation of the reinforcement (Massicotte et al., 1990). If a large amount of well- 
distributed reinforcement is included, then considerable tensile stress should remain in 
the concrete after cracking.
The inclusion of these tension effects has been found to both improve the numerical 
stability of the solution, and have a significant effect on the overall response obtained. 
Although they were neglected in early representations of reinforced concrete, various 
approaches for accommodating the post-cracking behaviour of concrete have since been 
reported. Jofriet and McNiece, 1971 used an empirical effective second moment of area 
for the cracked section to account for tension stiffening between cracks. In a smeared 
crack approach, post-cracking response may be accounted for in an indirect way by 
assuming that the loss of tensile strength in the concrete takes place gradually over a 
specified strain range after cracking is detected at a point (Scanlon and Murray, 1974; 
Halvorsen, 1976; Owen and Figueiras, 1984; Fariborz and Schnobrich, 1986). This has 
been the approach most widely adopted, although the form of the post-cracking stress/ 
strain relation has varied. A stepped approach was adopted by Scanlon, 1971, whereas 
Lin and Scordelis, 1975 used a cubic polynomial to define the tensile stress unloading 
curve. Bergan and Holand, 1979 assumed that the descending branch began at a strain of 
0.55 x that at the peak stress to account for tensile microcracking. No significant 
improvement could be attained in this case by using a curved rather than a linear 
descending branch.
In studies for which a linear reduction of stress with strain is assumed after cracking, the 
gradient of the descending branch (the softening parameter) has varied from worker to 
worker, the objective often being to fit experimental results. Crisfield, 1984 studied the 
effects of various softening parameters and concluded that, from the point of view of 
numerical stability, gentle, rather than steep softening curves should be adopted.
Massicotte et al., 1988, after analysing the test results of various authors, found that a 
reasonable compromise between accuracy and simplicity could be achieved with a bi­
linear softening curve after cracking, with the change of slope of the descending branch 
occurring at one-third of the tensile strength, as proposed by Hillerborg, 1985. Stevens et 
al., 1991 proposed that the average tensile stress in the concrete should reduce 
exponentially from the cracking value to a limiting value at large strains dependent on 
the reinforcement ratio and distribution. This dependence on the reinforcement ratio 
follows the non-linear approach proposed by Massicotte et al., 1990. Di Tommaso et a l ,  
1994 advocated a tri-linear softening curve based on correlation with experimental data.
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In many studies, the same post-cracking behaviour has been assumed throughout the 
model. However, Gilbert and Warner, 1978 point out that the degree of tension stiffening 
in any region depends not only on the properties of the concrete but also on the proximity 
of the reinforcement. A layered approach to modelling RC slabs was proposed whereby 
the rate at which the tensile stress was reduced after cracking increased with the distance 
from the reinforcement. Balakrishnan et al., 1988, who assumed a linear reduction in 
tensile stress with strain, also employed a steeper descending branch for elements not 
containing reinforcement.
As an alternative approach to modelling tension stiffening within the concrete, the steel 
stiffness may be increased following cracking so that the subsequent stress in the steel 
represents the total tensile force carried by both the concrete and the steel between 
cracks. This approach was followed by the CEB, 1985, as well as Gilbert and Warner, 
1978; Van Greunen, 1979; Frantzeskakis and Theillout, 1989; Mang and Meschke, 1991, 
and Zhang et a l, 1994.
The relative effects of different representations of tension stiffening have been studied by 
Gilbert and Warner, 1978; Van Greunen, 1979, and Cosenza, 1990. The importance of 
the inclusion of tension stiffening has been emphasised by many workers, for example 
Liebengood et a l, 1986. Disregarding the effect of tension stiffening may cause 
underestimates of failure load and overestimates of the stress levels in the reinforcement 
passing through cracked regions (Mang and Meschke, 1991). However, Balakrishnan et 
a l,  1988 argued that the stress/strain behaviour of the concrete in tension after cracking, 
and also the tensile strength of the concrete is only influential for shear critical beams, 
and has little or no influence on flexural failures. Mang and Meschke, 1991 concluded 
that all of the models proposed to represent tension stiffening are crude approximations 
of a complex physical state, while Choi and Kwak, 1990 point out that many of the 
proposed tension stiffening schemes have not been fully verified.
9.2.3.4 Fracture energy approach to cracking behaviour
The distributed crack approach, although simple to apply and widely accepted, 
inherently introduces mesh sensitivity into the analysis, with mesh refinement producing 
narrower crack bands unless the stress/strain properties are related to the mesh (Bazant 
and Cedolin, 1980; Crisfield, 1984). It has been proposed (Bazant and Oh, 1983; 
Crisfield, 1986; Bazant, 1986) that a brittle fracture concept, such as that presented by 
Hillerborg et a l, 1976, is adequate to overcome such problems. In this approach, 
concrete is assumed to be notch sensitive, with cracks propagating when the stress at the 
tip reaches the tensile strength. Since experiments have shown that concrete is not a 
perfectly brittle material in tension, the stress across a crack is assumed to decrease with 
increasing crack width, falling to zero at some width u, as shown in Figure 9.2. The
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amount of energy required to open unit area of crack from zero to u is taken as a 
fundamental material property of the concrete which is dependent on its tensile strength 
(Bazant and Oh, 1983; Nallathambi et al., 1984), and which corresponds to the area 
under the stress/crack width curve (0.5.11.1*,). Hillerborg et al., 1976 suggested that u is 
of the order of 0.01 - 0.02 mm for normal strength concrete.
Figure 9.2 Fracture mechanics approach to post-cracking behaviour.
The implementation of this fracture mechanics concept in a FE model requires the 
definition of a characteristic length from which the stress/strain response normally 
obtained can be converted to an equivalent stress/displacement response (Hillerborg et 
a l , 1976; Nilsson and Oldenburg, 1982; Jiang, 1983). In a distributed crack model, the 
characteristic length is associated with the integration point at which cracking is 
detected, and hence some mesh-dependency remains. However, dependence on the 
characteristic length can be avoided by making the steepness of the softening curve 
inversely proportional to the characteristic length (Crisfield, 1984 and 1986). Choi and 
Kwak, 1990 have proposed an energy criterion which automatically adjusts the slope of 
the descending branch of the stress/strain curve of concrete in accordance with the mesh 
size used.
By adopting such a softening approach and relating the enclosed area to the fracture 
energy, it is possible to produce a mesh-independent crack propagation and allow the use 
of coarser meshes, since the amount of energy absorbed in opening unit area of crack is 
not sensitive to mesh size (Hillerborg et a l , 1976; Choi and Kwak, 1990). The 
objectivity of this approach has been verified by Glemberg et al., 1986, who modelled 
the tensile specimen tested by Petersson, 1981 to determine the value of the fracture 
energy with various mesh sizes. The effects of tension stiffening produced by the 
inclusion of reinforcing steel in the cracked region can be incorporated by increasing the 
fracture energy required to open a crack.
Such a fracture energy approach to crack propagation has also been adopted for discrete
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crack models. Much research has been carried out to determine the energy release rate 
causing crack propagation in concrete (for example, Walsh, 1972; Modeer, 1979). A 
review of the research into discrete crack modelling using fracture mechanics 
approaches is described by Cedolin e ta l ,  1982.
9.2.3.5 Representation of reinforcement and bond
The transfer of forces across the concrete/steel interface by bond is of fundamental 
importance to many aspects of RC behaviour, directly influencing the width and spacing 
of tensile cracks, the distribution of stress in the concrete and reinforcement, and the 
effective stiffness and strength of the member. The characteristics of the interface 
depend on the type of bar used, that of deformed bars being fundamentally different to 
that of plain bars. As the bond stress increases, damage at the interface may result in 
relative slip between the concrete and steel, especially in regions of cracking. For 
accurate representation of RC behaviour, it is therefore necessary to provide not only the 
constitutive relationships to describe the behaviour of the concrete and steel, but also to 
incorporate an adequate relationship for the interface between the two materials.
The determination of bond/slip relationships has been extensively investigated, for 
example Watstein, 1941; Mains, 1951, and Bresler and Bertero, 1968. Various models 
have been proposed to formulate the behaviour of the interface, mainly based on 
determination of empirical bond stress/slip relationships. These are reviewed by Gerstle 
et a l ,  1982. Various experimental techniques have been developed based on pull-out 
tests for measuring local bond stress and slip for the purpose of deriving empirical 
constitutive relations (Tanner, 1971; Mirza and Houde, 1979).
There are three common representations for the steel reinforcement in reinforced 
concrete; distributed, embedded or discrete, although for a particular application, 
combinations of these representations may be used. For a distributed representation 
(Cervenka and Gerstle, 1970; Zhang et a l ,  1994), the steel is assumed to be distributed 
over the concrete element in a specified direction, and a composite concrete/steel 
constitutive relation is used. To derive such a relation, perfect bond must be assumed 
between the concrete and the steel. In embedded representations, the reinforcing bar is 
considered to be an axial member built into the element such that its displacements are 
consistent with those of the element (Philips and Zienkiewicz, 1976). Such a method 
allows the concrete and steel to be considered separately, the reinforcement included 
without affecting the layout of the concrete mesh (Allwood and Bajarwan, 1989). Perfect 
bond is again assumed. Neither distributed or embedded reinforcement is suitable for use 
with discrete cracking because of the displacement discontinuities which exist in this 
case. Alternatively, one-dimensional beam or bar elements may be used to represent 
discrete reinforcement, connected to the plain concrete mesh at nodal points. Discrete or
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distributed cracking can be used in this case. The use of beam elements with bending 
stiffness allows dowel effects to be considered. However, the necessity of passing 
through nodes in the concrete elements may produce complex meshes for heavily 
reinforced structures.
The representation adopted for the bond/slip relationship depends on the choice of 
element used to represent the reinforcing steel. If discrete elements connected at nodal 
points are used to model the reinforcement, then a bond stress/slip relationship may be 
directly incorporated into the model. Ngo and Scordelis, 1967, and Scordelis et al., 1974 
utilised linear elastic link elements to model bond. This element consisted of two 
orthogonal springs which connect and transmit shear and normal forces between 
adjacent nodes at the concrete/steel interface. These forces are related to the nodal 
displacements by the spring stiffnesses representing interface shear stiffness and dowel 
action. Nilson, 1968; Al-Mahaidi and Nilson, 1979; Eligehausen et al., 1983, and 
Stevens et al., 1991 utilised non-linear bond stress/slip relationships for use with discrete 
reinforcement based on experimental observations. A disadvantage of this representation 
is that the discrete link element located at the nodes is used to model behaviour which 
occurs all along the contact surface. Interface elements may alternatively be adopted, 
which avoids the discreteness of the bond link element, allowing more rational use of 
bond/slip relationships (Ngo, 1975; Saouma, 1981). For a distributed or embedded 
reinforcement approach, the amount of tension stiffening can be adjusted to account for 
the effects of bond slip (Gilbert and Warner, 1978; Owen et a l, 1983). Foster and 
Gilbert, 1990 embedded the bond/slip relationship into the stress/strain behaviour of the 
reinforcing steel bar elements to average the effects of slip over the length of the element 
and to make it consistent with the distributed cracking approach.
The importance of incorporating a bond/slip relationship has been advocated by Stevens, 
1991 and demonstrated by Foster et al., 1996; in considering a reinforced concrete beam, 
inclusion of bond/slip resulted in a failure load 10% lower than that of a perfect bond 
model and very close to the experimental result. Balakrishnan et al., 1988 found that, in 
general, models including bond/slip produced better results than those without.
9.2.3.6 Transfer of shear stress
Detailed consideration of shear mechanisms in reinforced concrete are given by Hsu, 
1982; Kotsovos, 1984, and Regan, 1985. Cracked concrete is still able to transfer shear 
through aggregate interlocking and dowel action of the longitudinal reinforcement. A 
review of experimental studies concerning these mechanisms is presented by Al-Mahaidi 
and Nilson, 1979. These demonstrate their important contribution to the total shear- 
carrying capacity of RC members. For a typical RC beam, the dowel action supports 
around 15 - 25% of the shear force (Broms, 1965; Jimenez et a l ,  1979; Mirza and 
Houde, 1979), while the aggregate interlock accounts for between 35 - 50% (ASCE-ACI,
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1973; Taylor, 1974). Their relative contribution depends on the type and proportions of 
the member, amount and size of reinforcement, concrete strength and mode of failure.
Once a crack has formed, the texture of the cracked surface becomes an important 
parameter influencing the load which can be transmitted across the surface by aggregate 
interlock (Hamadi and Regan, 1980). As the strength of the concrete increases, the 
strength of the cement paste can approach that of the aggregate, and the cracked surface 
becomes smoother. Post-cracking behaviour is then affected. The crack width is the 
primary variable governing the extent of aggregate interlock as loading proceeds, smaller 
crack widths corresponding to higher shear stiffness and strength (Cedolin et al., 1982). 
The size and type of aggregate, reinforcement ratio, bar size and concrete strength are 
also influential.
Several researchers have carried out experimental and analytical investigations to study 
the nature of dowel action, including Dulacska, 1972, and Houde and Mirza, 1974. In 
general, dowel action capacity increases with the concrete strength and tension steel 
ratio, although the factors influencing the performance of dowel action are dependent on 
the type of structural member under consideration. For shallow beams, where dowel 
failure is caused mainly by splitting along the main reinforcement, dowel cracking loads 
directly depend on beam width, concrete tensile strength and the amount of shear 
reinforcement provided (Cedolin etal, 1982).
The numerical modelling of these shear transfer mechanisms depends primarily on the 
representation adopted for cracking. Across a discrete crack, special link elements with 
orthogonal springs have been used (Ngo et al., 1970; Mufti et al , 1972; Al-Mahaidi and 
Nilson, 1979). The stiffness value for such springs can be obtained from experimental 
observations. When smeared cracking is employed, a reduced shear stiffness may be 
used in the constitutive relation for cracked concrete. The choice of the reduction factor 
has often been empirical, selecting the factor which gave predictions closest to 
experimental results. A constant reduction in shear stiffness has been used by many 
workers, for example Yuzugullu and Schnobrich, 1973; Hand et al , 1973; Lin and 
Scordelis, 1975; Suidan and Schnobrich, 1973; Agrawal etal, 1976; Crisfield, 1984, and 
Choi and Kwak, 1990. This implies that a crack can continue indefinitely to transmit 
increasing shear. As a more realistic approach, the reduction may be related to the tensile 
strain across an open crack (Fenwick and Pauley, 1968; Kolmar and Mehlhom, 1984). A 
linear reduction in the shear stiffness with tensile strain after cracking has been 
advocated by Cedolin and Dei Poli, 1977; Owen et al., 1983; Balakrishnan et al., 1988, 
and Abassi et al , 1992, whilst Al-Mahaidi and Nilson, 1979 suggested a hyperbolic 
expression for the reduced shear modulus.
The significance of the representation adopted for shear transfer remains unclear. Hand
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et al., 1973 showed that although retention of some shear stiffness was necessary, the 
proportion retained was not critical. Lin and Scordelis, 1975 similarly found that the 
response of RC slabs was insensitive to the shear reduction factor over the range 0 -1 .0 . 
Vidosa et al., 1991, and Kotsovos et al., 1986 argued that the effect of aggregate 
interlock on the load-carrying capacity of a member is insignificant, and based on this, 
Seraj et al., 1992 adopted a constant shear reduction factor of only 0.1, sufficient only to 
ensure numerical stability. Frantzeskakis and Iheillout, 1989 concluded that the shear 
reduction factor is an inadequate mechanism for representing the nature of the 
phenomenon.
9.2.3.7 Solution techniques
As a result of the non-linear aspects of the material modelling of reinforced concrete, the 
associated FE equations are also highly non-linear. A wide range of methods exist for 
solving non-linear FE problems, as considered in detail by Zienkiewicz and Taylor, 
1989, and Hinton, 1992, amongst others. However, for path-dependent materials such as 
reinforced concrete, in which the structural behaviour depends on the history of the 
structural response as the load is applied, an incremental loading procedure together with 
equilibrium iterations to bring the amount of unbalanced load to an acceptable level has 
proven to be most effective (Bazant et al., 1982) and is most widely reported. A brief 
discussion is given in the following paragraphs.
In the full Newton-Raphson method, the structural stiffness is updated for every load 
increment and iteration cycle. Modified Newton-Raphson methods (Zienkiewicz and 
Taylor, 1991; Hinton, 1992) differ from the standard Newton algorithm in that the 
stiffness matrix is only updated occasionally, thereby requiring less computational effort. 
The initial stiffness method is such a solution procedure in which the initial, linearly 
elastic, small deformation stiffness matrix is used throughout the analysis. This method 
results in a slow rate of convergence for the solution of such highly non-linear problems 
as reinforced concrete. Better convergence properties can be achieved if the stiffness is 
updated once per increment (Choi and Kwak, 1990) or, more efficiently, in response to 
changes in a solution monitoring device. Balakrishnan et al., 1988 utilised a modified 
Newton-Raphson technique which converted to full Newton-Raphson when 
convergence became slow. Other methods, such as the quasi-Newton method, in which 
an approximation to the tangential stiffness matrix is used, have also been developed for 
the purpose of improving the computational efficiency of non-linear FE analyses 
(Crisfield, 1979; Mathies and Strang, 1979).
The step-by-step load incrementation procedures outlined above, however, are not 
suitable for situations which involve unstable response, which may occur during 
cracking and/or crushing of a concrete structure. Suitable solution strategies for 
overcoming this difficulty have been evolved and are considered by Hinton, 1992. Such
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methods include constrained solution or arc-length methods, as introduced by Wempner, 
1971, and Riks, 1979, and adapted and reviewed by Crisfield, 1981, 1983, 1984, and 
1985. Constrained methods are non-linear solution procedures in which the solution is 
constrained to follow a certain path during the iterative procedure. The load level is 
modified at each iteration rather than remaining constant during a load increment. 
Essentially, all constrained methods involve the addition of an auxiliary equation which 
constrains the iterative displacements to follow a specified path towards a converged 
solution. Various constraining surfaces have been proposed (Wempner, 1971; Riks, 
1979; Crisfield, 1981; Ramm, 1981; Padovan and Moscarello, 1982). Those suggested 
by Wempner and Riks are examples of the normal plane method, in which the iterative 
process is constrained to follow a plane perpendicular to the tangent at the beginning of 
each solution step, as illustrated in Figure 9.3.
Figure 9.3 Normal plane solution technique.
9.2.3.8 Conclusions
It is clear that it is necessary to include many complex effects in the material model to 
adequately describe the behaviour of concrete. Although many publications exist 
describing the development of non-linear FE analysis methods for reinforced concrete, a 
great diversity in the approaches adopted is apparent. Various assumptions have been 
made for the multiaxial behaviour, failure criteria, cracking and post-cracking behaviour, 
bond, dowel action and aggregate interlock. Uncertainty remains as to which parameters 
are most important, and how best they should be incorporated. Shear retention factors 
and tension stiffening characteristics are often arbitrarily chosen to suit experimental 
results. In some areas, particularly with regards to the constitutive relations of concrete, 
fundamental differences of opinion continue to exist between specialists. The methods 
developed have been applied in non-linear analysis of various types of structure and
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structural elements, the results being compared with experimentally derived responses 
with varying degrees of success.
In addition to variations in aspects of the material modelling, various numerical 
formulations and solution techniques have been extensively developed for non-linear 
problems in reinforced concrete structures. Despite progress, numerical analysis of 
concrete structures still meet with significant difficulties. Although a powerful tool, the 
applicability of the FE technique is limited to some extent by the inadequacy of available 
constitutive models and the lack of generality in the problems encountered (Vidosa et al., 
1991); material parameters are required as input which are not readily obtainable and 
which vary with problem type.
As a result of the complexities involved in the analysis of reinforced concrete by the FE 
method, the development of constitutive models for concrete and interfacial phenomena 
have somewhat out-paced the ability to obtain reliable, converged solutions in numerical 
analyses (Mang and Meschke, 1991). Consequently, most available general purpose FE 
codes employ much less refined models which may fail to describe the material 
behaviour accurately and may ignore some important effects. This discrepancy has been 
discussed in a report by Scordelis, 1986. Due to the difficulty in isolating the cause and 
effect of individual aspects of the behaviour of reinforced concrete, a single model for its 
analysis is yet to be developed (Foster et al., 1996), and the study of concrete structures 
by the FE method is still under progress.
9 .2 .4  A B A Q U S  ap p roach  to  m o d ellin g  rein forced  concrete
9.2.4.1 General description
The general purpose FE package ABAQUS (version 5.3) was used throughout this 
investigation. The concrete material model available in ABAQUS is designed to provide 
a general capability for non-linear modelling of plain and reinforced concrete under 
essentially monotonic loading. Reinforced concrete modelling is achieved by combining 
standard elements of plain concrete with one-dimensional reinforcement elements with 
the appropriate material properties of steel. These are embedded on the mesh of plain 
concrete elements at the required locations. With this approach, the behaviour of the 
concrete is considered independently to that of the reinforcement
In compression, the response of the concrete is modelled by an elastic-plastic theory, 
using a simple form of Mises yield surface, associated flow and isotropic hardening. 
Although HKS Inc., the producers of ABAQUS, concede that the assumptions made in 
this representation significantly simplifies the behaviour of concrete, they are said to be 
introduced for the sake of computational efficiency. A set of four failure ratios are 
required by the model to generate the failure surface in multiaxial stress states. Default 
values are provided which match the surface to experimental data such as that provided
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Cracking is assumed to be the most important aspect of the behaviour. A smeared crack 
approach is adopted whereby the presence of cracks manifest themselves by affecting the 
stress and material stiffness at individual integration points at which the tensile strength 
of the concrete has been reached. The orientation of each crack, and hence the damaged 
elasticity associated with it, is dependent on the direction of the principal stress. Cracks 
can close completely when the stress across them becomes compressive. However, once 
a crack has occurred at a point, it remains throughout the rest of the calculation.
After cracking has occurred, tension stiffening may be included to represent post-failure 
response. In this case, the tensile stress carried, rather than falling abruptly to zero at 
cracking, is allowed to decay linearly as loading continues. The fracture energy approach 
of Hillerborg et al., 1976, as discussed in Section 9.2.3.4 on page 366, is adopted in 
ABAQUS to represent post-cracking behaviour and overcome problems of mesh 
sensitivity. The tensile stress then falls linearly to zero at a given crack opening, u, as 
shown in Figure 9.2 on page 367. Typical values for u are said to be 0.05 mm for a 
normal strength concrete, to 0.08 mm for a high strength concrete; these values are 
higher than those suggested by Hillerborg et a l ,  1976.
A shear retention option is included which assumes that the shear stiffness of cracked 
concrete reduces linearly to zero as the crack opening increases to represent aggregate 
interlock and dowel action. A reduced shear modulus may also be defined for 
subsequently closed cracks. The use of embedded reinforcement in the model means that 
effects associated with the concrete/steel interface such as bond slip, cannot directly be 
included. However, aspects of the plain concrete behaviour can be modified to account 
for such effects, for example by varying the amount of tension stiffening included to 
simulate load transfer across cracks by the reinforcement.
A modified Riks method for the constrained solution of non-linear equations is 
incorporated in ABAQUS and recommended for use in reinforced concrete analyses. 
This is designed to overcome difficulties associated with obtaining solutions during 
unstable phases of the response. In this procedure, shown in Figure 9.3 on page 372, a 
given distance, determined by the automatic incrementation algorithm, is moved along 
the tangent line to the current solution point. During the iteration process, equilibrium is 
searched for in the plane that passes through the point thus obtained and that is 
orthogonal to the same tangent line. If equilibrium cannot be achieved within the defined 
number of iterations, the distance along the tangent line is reduced and the process 
repeated.
by Kupfer et al., 1969, shown in Figure 9.1 on page 360.
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The capability of AB AQUS for modelling RC structures is illustrated with two examples 
(HKS, 1993); the Jain and Kennedy slab, 1974, which has also been analysed 
numerically by Gilbert and Warner, 1978, and Crisfield, 1982, and the McNiece slab, 
1967, previously analysed by Hand et a l , 1973; Lin and Scordelis, 1975; Gilbert and 
Warner, 1979; Hinton etal., 1981, and Choi and Kwak, 1990.
The RC slab tested by Jain and Kennedy, 1974, was reinforced in one direction, simply 
supported on two edges and subjected to two equal line loads. The overall dimensions of 
the slab were 18” x 30”, with a thickness of 1.5”. In the ABAQUS verification, the slab 
was modelled as a beam, as a shell and as a continuum using two-dimensional solid 
elements. For the beam and shell models, five elements were used for half of the slab 
The continuum model used second order elements in a mesh of 5 x 2. The RC slab tested 
by McNiece, 1967 was 36” x 36” and 1.75” thick, reinforced in two directions, supported 
at its four comers and subjected to a central point load. One-quarter of the slab was 
modelled with a 3 x 3 mesh of eight-noded shell elements.
Both of these examples were used to illustrate the importance of the tension stiffening 
parameter on the load/deflection responses of the slabs. When little or no tension 
stiffening was included, the occurrence of first cracking was accompanied by a loss of 
strength of the slab. The stiffness of the response following cracking was then lower than 
the experimental case. Inclusion of a ‘reasonable’ amount of tension stiffening 
eliminated this drop of load at cracking and produced results which correlated well with 
the actual behaviour, especially in terms of ultimate load. The inclusion of too much 
tension stiffening caused the numerical response to be over-stiff. The amount of tension 
stiffening included which produced the best correlation with the experimental behaviour 
varied between the two problems considered. The examples also demonstrated that 
increasing the amount of tension stiffening included allowed the analysis to progress 
further.
Full shear retention was used in both of these examples, said to provide a more efficient 
numerical solution and have no influence on the results. The modified Riks method was 
used for the solution of the non-linear equations. The uniaxial compressive behaviour of 
the concrete was approximated in by a tri-linear curve, with changes of stiffness at an 
assumed yield point and at the ultimate stress.
9.3 Review of numerical work on plate bonding
Whilst there is an extensive literature devoted to the numerical modelling of reinforced 
concrete, there is little reported on its specific application to externally strengthened 
beams. Mays, 1993 developed a two-dimensional linear elastic FE model to illustrate the
9.2.4.2 Verification
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magnitude of the shear and normal stresses within the adhesive layer of steel plated 
beams. The concrete was assumed to behave linear elastically in tension and 
compression; no cracking representation was adopted. Analysis of this basic system 
showed that the peak shear stress at the plate end was about 4 times the longitudinal 
elastic stress calculated using simple beam theory, while the peak normal stress was 
about 3.5 times this value. The model was also used on a comparative basis by Mays to 
investigate the effect of changes in the elastic properties of the adhesive on the 
magnitude of the stress concentrations. It was found that reducing the modulus of 
elasticity of the adhesive reduced the peak stress levels and was therefore beneficial. 
This is in agreement with the analytical work of Roberts and Haji-Kazemi, 1989 and the 
experimental results of Jones et a l ,  1985. The effect of varying the modulus of elasticity 
of the adhesive on the stiffness of the member was also studied, which suggested that 
above a modulus value Ea = 1.0 x 103 N/mm2, variations in Ea has little effect on flexural 
rigidity. To allow for long-term effects which could lead to effective reductions in Ea, 
Mays suggested that an initial modulus of at least 2.0 x 103 N/mm2 would seem 
desirable.
Hutchinson and Rahimi, 1993 also utilised the FE method to study the stress 
distributions in the regions of plate curtailment. The LUSAS general purpose FE 
package was used to generate a two-dimensional linear elastic model of an externally 
strengthened beam. The non-linearity of the concrete in tension and compression was 
again ignored. The shear and normal stresses within the adhesive layer were predicted 
for both a CFRP and a steel plate to demonstrate that, for a given thickness of external 
plate, both the normal and shear stresses would be higher in steel plated joints than when 
composite materials were utilised. No experimental verification of the FE models used 
by either Mays, 1993 or Hutchinson and Rahimi, 1993 were presented.
In a later publication, Hutchinson and Rahimi, 1996 report on the use of LUSAS for the 
two- and three-dimensional modelling of FRP strengthened beams in which smeared 
crack and damage models were adopted for the concrete in tension. The predictions of 
the load/deflection behaviour of 2300 mm length strengthened beams were deemed 
satisfactory, although from the graphical results presented, use of the smeared crack 
approach appears to have produced considerably higher beam stiffness and strength than 
found in practice.
A combined experimental/numerical approach was adopted by Ziraba et al., 1995 to 
characterise the bond between steel plates and concrete. Small-scale half-beam 
specimens were tested in which a steel plate was bonded to the tension face of a concrete 
prism loaded in bending. Instrumentation of the specimens enabled an average shear 
stress versus slip relationship to be obtained from which the shear modulus of the
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adhesive was estimated. A numerical model was used in conjunction with the 
experimental failure loads to estimate combinations of shear and normal stress which 
cause interfacial failure. A specially developed interface element was used to model the 
adhesive.
In addition to the half-beam specimens tested in the investigation, the shear pull-off tests 
of Swamy et a l , 1986 and the steel plated beam tests of Charif, 1983; Jones et a l,  1982, 
and Swamy et a l,  1987 were also analysed numerically for the ultimate load levels 
experienced. From the results obtained it was proposed that the interface could be 
characterised by a Mohr-Coulomb failure law,
Tmax = c " cytan(l) (9.2)
as long as the stress normal to the bondline, <j< 4 N/mm2, where is the ultimate shear 
strength of the interface, c is the cohesion and <j) is the angle of internal friction. The 
value of c was found to lie between 4.8 - 9.5 N/mm2, the large scatter being attributed to 
different standards of surface preparation. The angle of internal friction was found to be
28°.
The results obtained from this investigation were utilised in a non-linear FE model 
formulated to predict the response of RC beams strengthened with externally bonded 
steel plates (Ziraba and Baluch, 1995). The developed interface element with the 
experimentally determined shear modulus was used to represent the adhesive layer, with 
the failure law described above governing the ultimate conditions within the connection.
Elastic-plastic hardening behaviour was assumed for the concrete in compression with 
the yield surface attained when the stress reached 0.3 x the cylinder strength (Hsu et a l, 
1963). Multiaxial behaviour was extrapolated from simple uniaxial tests (Hinton and 
Owen, 1984). A smeared cracking representation with tension stiffening was used, the 
tensile stress reducing linearly with strain across the crack. After cracking, a shear 
modulus which reduced linearly with the crack opening was employed. Discrete bar 
elements were used to represent the internal steel reinforcement. The behaviour of the 
interface in this case was defined by shear modulus and bond strength values reported in 
the literature (Balakrishnan and Iyengar, 1988; Al-Sulaimani et a l,  1989; Ziraba et a l ,  
1991).
Four of the beams tested by Jones et al., 1982 were analysed with the developed 
numerical model, one of which was unplated. Close correlation was obtained for the 
ultimate loads of the beams, whilst reasonable agreement was found in the load/ 
deflection behaviours, although in two of the plated cases, the predicted responses 
overestimated the stiffness of the member before yield of the internal reinforcement. It 
was concluded that the model was adequate to demonstrate the essential characteristics
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Based on this verification, a numerical parametric study was carried out (Ziraba et al., 
1994) which indicated the occurrence of interfacial failure at lower loads as the plate 
thickness and distance of plate end from support increases, as demonstrated 
experimentally by other workers. Expressions were developed based on the FE results 
for the peak interface shear (To) and normal stresses (<70); these were similar to those of 
Roberts, 1989 but additionally incorporate the influence of concrete compressive and 
tensile strength and of cracking on the redistribution of stresses. A design method for the 
strengthening of RC beams using externally bonded steel plates was suggested in which 
the ultimate flexural load of the proposed strengthening system is calculated and used in 
the derived expressions to obtain values of To and a0. These are then substituted into (9.2) 
to check they are within allowable limits. The extent of plating may be increased until 
the equality in (9.2) is reached.
Arduini et al., 1995 used a distributed cracking approach to model the behaviour of 
small-scale unplated and FRP strengthened steel fibre-reinforced concrete beams 560 
mm in length. The tension stiffening behaviour adopted was found to be an important 
parameter in the numerical response of the unplated specimens (Di Tommaso et al., 
1994); a bi-linear response was found to give close agreement with the experimental 
results in these cases and was thus adopted for predicting the response of the plated 
specimens. Both two- and three-dimensional models were generated. The adhesive layer 
was modelled using non-linear springs to enable a shear stress/slip relationship, 
determined from shear pull-off tests, to be incorporated. These models were found to 
represent the actual behaviours reasonably closely in terms of central deflection, central 
plate strain and crack patterns. However, ultimate conditions could not be studied since 
extensive cracking of the concrete precluded numerical convergence. It was found that 
cracking substantially modified the interface stress distribution.
Kolsch, 1995 carried out two-dimensional numerical analyses of plain concrete beams 
upgraded with composite fabrics using the proprietary package DIANA. Plasticity of the 
concrete in compression was described by Drucker-Prager theory, while distributed 
cracking was used for the tensile behaviour. Tension stiffening and a reduced shear 
modulus after cracking were incorporated in the analyses. The model generated was 
found to predict the experimental deflection responses of seven strengthened beams of 
length either 700 mm or 1400 mm reasonably accurately up to ultimate conditions.
Kaliakin et a l ,  1996 have numerically analysed the T-beams 1200 mm in length tested 
by Chajes et a l,  1995c which were strengthened in shear with composite fabric. The 
beams were modelled in three-dimensions using ABAQUS. The unplated member was 
initially considered; in this case, although the beam strength was well predicted, the
of the behaviour of steel plated beams to failure.
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ultimate deflection, cracking load and response after cracking were all significantly 
different from the experimental behaviour. When strengthened, reasonable correlation 
was obtained when aramid properties were used for the fabric. However, poor agreement 
was obtained for E-glass and particularly for carbon, for which the a grossly over-stiff 
response was obtained numerically. The smeared crack approach was unable to represent 
localised concentrations of stress in the fabric in the vicinity of macrocracks. An 
assessment of whether the fabrics were approaching their ultimate strains was therefore 
not possible. It was also found that the numerical results were somewhat conservative in 
predicting ultimate loads, with differences averaging 23%. The authors concluded that 
the FE method appears ‘fairly effective’ in predicting the global response of T-beams.
Peshkam and Leeming, 1996 present some of the preliminary FE results of the on-going 
ROBUST project utilising the ANSYS FE package, which incorporates a dedicated 
three-dimensional reinforced concrete solid element. Both 1.0 m and 2.3 m length 
beams, plated or unplated, were modelled and encouraging results in terms of load/ 
deflection and longitudinal plate strains were obtained.
9.4 Description of numerical analyses
9.4 .1  In trodu ction
The initial aim of the numerical work was to represent the response of an unplated 
reinforced concrete beam, since this would provide verification o f the concrete material 
model contained within ABAQUS for our purposes. Refinements to this analysis could 
then be made to include the FRP plate and, if  possible, the adhesive bondline. This 
would allow not only overall member response to be studied under flexural loading, but 
also detail o f localised stress conditions associated with the bonded system.
9.4 .2  M ateria l p rop erties and  in p u t req u irem en ts
The input requirements for defining plain concrete material properties in ABAQUS are 
as follows:
• The concrete elastic properties; modulus of elasticity and Poisson’s ratio.
• The uniaxial compressive stress/strain relationship.
• Definition o f the failure surface, by giving failure ratios o f the material in various 
combined stress states. Default values are provided by the program.
• The post-failure behaviour after cracking using the tension stiffening sub-option.
• The reduction of shear modulus as a function o f tensile strain across a crack. Default 
is full shear retention.
The modulus o f elasticity for the mixes used were determined through testing and are
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given in Table 3.1 on page 51. In all cases, a Poisson’s ratio of 0.18 was assumed 
(Neville, 1981). Uniaxial compressive stress/strain data were not derived experimentally 
for the mixes used, and hence an idealised form was adopted in the numerical modelling. 
This was based on the parabolic curve proposed by Hognestad, 1951, shown in Figure
8.1 on page 283 and used in the analytical work described in Chapter 8. However, the 
response was initially considered linear, with the determined modulus of elasticity, up to 
one-third o f the cube strength, since this was found to produce more stable numerical 
behaviour than assuming a parabolic response throughout. The overall behaviour of the 
beams considered was found to be insensitive to the number o f points defined on the 
compressive stress/strain curve. Of the failure ratios required, that o f uniaxial tensile 
stress at failure to uniaxial compressive stress at failure was the only value which was 
determined, default values being used for the remaining three ratios which required 
measurements under biaxial stress conditions. The uniaxial strengths in tension and 
compression for each mix are given in Section 3.2.1 on page 49. The cube strengths were 
converted to equivalent cylinder strengths in the manner described in Chapter 8. The 
effect of the amount o f tension stiffening included was studied and is described below. 
Full shear retention was used in all cases, since it was established that reducing the shear 
stiffness after cracking had a negligible effect on overall response but caused numerical 
difficulties at an early stage o f the analysis. The modified Riks method was used for all 
analyses.
After defining the plain concrete properties, the stress/strain behaviour and positioning 
of the reinforcement elements within the plain concrete mesh is given. The 
reinforcement is considered as an embedded layer smeared across the full width of the 
section. Details of the reinforcement properties and positions within the 1.0 m and 2.3 m 
beam cross-sections are given in Chapter 3. Longitudinal reinforcement in both the 
tension and compression regions was included in the analyses. The self-weight of the 
concrete beam was also included, based on an assumed concrete density of 24 kN/m3.
9.5 1.0 in length beam analyses
The dimensions o f the basic unplated 1.0 m length beam are shown in Figure 3.3 on page 
53, while the loading configuration adopted is shown in Figure 3.12 on page 72. A  
selection o f results obtained for the batch ‘B ’ 1.0 m length beams, for which a range of 
parameters had been experimentally investigated, is presented here. The experimental 
results obtained for these beams are given in Section 4.4 on page 105; the test parameters 
are summarised in Table 4.6 on page 105. The numerical and experimental results are 
primarily compared on the basis of load/central deflection response. The progression of 
study from the unplated to the strengthened beams is presented.
Since the beam configuration and external boundary conditions were symmetrical, only
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half of the beam required consideration. In the experimental tests, load spreader pads 
were used at the points of load application and also at the support reactions to distribute 
the knife edge loadings, thereby reducing the magnitude of the stress concentration at 
these locations and avoiding possible crushing at relatively low applied loads. The 
application of load at a single point is similarly undesirable in the FE method, since this 
will cause unreliable results in the immediate vicinity of the load. This is of particular 
significance when a material such as concrete is being considered, whose behaviour is 
complex and includes stress-dependent material failure. Therefore, where possible, the 
occurrence of such pronounced stress concentrations has been avoided by distributing 
the applied load over a length similar to the spreader pad dimension.
9.5.1 B eam  elem en t stud y
The most basic representations of the unplated beam were initially considered, involving 
the use of beam elements in two dimensions. These elements have both translational and 
rotational degrees of freedom at their nodes and hence allow both axial and bending 
deformations. One-half of the beam was modelled with a line of ten 2-noded linear beam 
elements, then with 3-noded quadratic beam elements. Both orders of interpolation were 
used so that a comparison of the results could be made. The mesh density was then 
increased to forty elements for both element types in a mesh convergence study. The 
results of the analyses are shown in Figure 9.4 along with the experimental response of 
unplated beam B 1.
Experimental
10 No. linear beam elements 
10 No. quadratic beam elements 
40 No. linear beam elements 
40 No. quadratic beam elements
Central deflection (mm)
Figure 9.4 Load/deflection responses obtained using beam elements.
9.5.1.1 Observations from analyses using coarse mesh
Use of both linear and quadratic beam elements enabled a converged solution to be 
achieved up to a deflection of 10 mm. At this point in the analyses, the tensile steel 
reinforcement had yielded and was approaching its ultimate strain, and the concrete,
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which was extensively cracked in tension, was close to a compression failure in the 
constant moment region. It can be seen that both models with ten beam elements 
represented the load at first cracking fairly well at approximately 4 kN. The use of linear 
elements in the half-span produced a response which was slightly less stiff after cracking 
than when the same number o f quadratic beam elements was used. In addition, the yield 
load was somewhat lower, but the ultimate loads were approximately the same. In 
comparison to the response obtained experimentally, both numerical models produced 
behaviours which were considerably stiffer, both before and after cracking of the 
concrete. The yield point occurred at a much higher load for the numerical models, 
although at comparable deflections to the experimental. Similarly, the magnitude of the 
loads approaching compressive failure for the numerical beams were well in excess of 
the experimental values.
9.5.1.2 Effect of mesh refinement using beam elements
It is common practice to check the results of an analysis by increasing the mesh density 
by a factor o f three or four; this should lead to an increase in the accuracy of the 
numerical solution in comparison to either a classical solution or an experimentally 
proven result.
For both linear and quadratic beam elements, refinement caused the response to become 
stiffer after cracking of the concrete, especially when linear beam elements were used. In 
addition, both the yield and ultimate loads were increased by refinement. The stiffness of 
the member after yielding was also increased through refinement when quadratic 
elements were used, the gradient of the response then correlating well with that of the 
experimental case but producing the greatest error in the ultimate load. As a result of 
these effects, and in contradiction to the expected results, both refined models, although 
more stable after yielding had occurred, were even further from the experimental 
response than when a coarse mesh was used.
Refinement caused the responses obtained for the two element types to become closer to 
each other; the stiffness after cracking and the yield loads were almost identical. The 
main differences were the post-yielding stiffness and therefore the ultimate load, both o f  
which were considerably higher when quadratic elements are used.
9 .5 .2  P la n e  stress e lem en t stu d y
The use of beam elements restricts the amount o f detail which can be incorporated in the 
model and also, as a consequence, the information obtained after the analysis has been 
completed. Their use also precludes extension o f the basic unplated RC beam model to 
include the bonded FRP plate. For these reasons, and also because o f the apparent 
inaccuracies in the numerical representation o f concrete behaviour obtained from the use 
of beam elements, the study was extended to include solid continuum elements.
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A structural member whose thickness is small compared to its span and is primarily 
loaded by in-plane forces can be modelled in two dimensions using plane stress 
elements. The validity of representing the beam in two dimensions was examined by also 
modelling the beam with three-dimensional brick elements and comparing the results 
with those of the two-dimensional case. It was found that the overall responses were 
almost identical in terms of concrete cracking load, stiffness after cracking and steel 
yield load. The use of two-dimensional plane stress elements was found to be 
advantageous over brick elements by allowing a converged solution to be obtained 
further along the loading path. From a practical point of view, a plane stress 
representation allows the model to be generated and checked more easily with more 
detail incorporated, results in the use of less resources during the analysis and in data 
storage, and allows easier interpretation of results. Plane stress elements were thus used 
for all subsequent analyses.
One-half of the beam span was again considered. Initially, a coarse mesh of bi-linear, 4- 
noded isoparametric plane stress elements was used, each element 50 x 50 mm. The 
results of this analysis were compared to those of the same mesh, but using bi-quadratic, 
8-noded isoparametric plane stress elements. A mesh convergence study was again 
performed by increasing the mesh density by a factor of four to give eight rows of forty 
elements, each 12.5 x 12.5 mm. The results of the numerical analyses of the unplated 1.0 
m length beam using plane stress elements are shown in Figure 9.5.
Experim ental
20 No. bilinear plane stress 
elements
20 No. biquadratic plane stress 
elements
320 No. bilinear plane stress 
elements
320 No. biquadratic plane stress 
elements
0 2 4 6 8 10 12
Central deflection (mm)
Figure 9.5 Load/deflection responses obtained using plane stress elements.
9.5.2.1 Observations from analyses using coarse mesh
When bi-quadratic plane stress elements were used in the coarse mesh, the analysis 
maintained a converged solution up to the terminating deflection of 10 mm. At this point, 
the tensile steel had yielded and just reached its ultimate stress, the beam was cracked to
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within 50 mm of the support and 25 mm from the top of the section in the constant 
moment region, and the crushing strain of the concrete had been reached. However, 
when bi-linear elements were used, no converged solution could be achieved past 3 mm 
central deflection of the beam, at which point the steel reinforcement had just begun to 
yield in the constant moment region. Up to this point, use of bi-linear elements produced 
a slightly stiffer response after cracking and gave a higher yield load than the use of bi­
quadratic elements; this is the opposite effect to that shown by the use of beam elements. 
Neither of the plane stress responses represented the experimental case very accurately.
9.5.2.2 Effect of mesh refinement using plane stress elements
It can be seen in Figure 9.5 that mesh refinement had little effect on the overall 
behaviours obtained, the responses for both interpolation orders being almost identical to 
that obtained by the coarse mesh of bi-linear elements. The refined bi-quadratic model 
gave a response which was slightly stiffer after cracking and had a higher yield load than 
when the same elements were used in a coarser mesh. It was found that, in agreement 
with the use of beam elements, as the mesh density increased, the differences between 
the responses obtained using the two different element types reduced, both analyses 
converging to a single solution. This shows that the order of the elements is less 
significant at a higher mesh density. With both refined plane stress models, it was found 
that a converged solution could not be achieved much beyond 3 mm central deflection. 
At this point, the steel had begun to yield in the constant moment region, the concrete 
was cracked up to 60 mm from the support and 30 mm from the top of the beam, and the 
maximum compressive stress had reached 29 N/mm2 beneath the load point, about 60% 
of the concrete’s compressive strength.
9 .5 .3  D iscu ssio n  o f  u n p la ted  1 .0  m  b eam  resu lts
The influence of several parameters on overall behaviour was investigated to assess 
whether the large discrepancies between the experimental and numerical responses 
obtained thus far could be reduced. The influence of the modulus of elasticity and tensile 
strength of the concrete was studied, as well as the amount of tension stiffening used in 
the model. Whilst the value assumed for the latter parameter is based on judgement, the 
material properties of the concrete were determined experimentally and are thus 
‘established’ values; the aim of varying these properties was simply to gauge their 
influence on the behaviour of the material model.
One of the possible methods of reducing the stiffness of the concrete material when 
cracking predominates is by reducing the amount of tension stiffening incorporated in 
the model. The tension stiffening facility provided by ABAQUS, as described earlier, 
defines the post-failure behaviour of the concrete after cracking and is a mechanism by 
which effects associated with the steel/concrete interface such as bond slip can be
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incorporated into the model. Reducing the amount of tension stiffening effectively 
reduces the proportion of the tensile component carried by the concrete under a given 
load. Since the concrete is then less effective, this should reduce the flexural rigidity of 
the RC member and also reduce the resulting yield load. This is justified since few 
elements in the configuration studied here contain reinforcement, and hence interaction 
effects should be minimal.
The effect of the amount of tension stiffening incorporated in the material model on 
overall behaviour was investigated by varying the parameter u, the crack opening at 
which the post-failure strain softening gives zero stress (Figure 9.2 on page 367), from 
0.01 mm to 0.1 mm for the unplated 1.0 m length beam. The range of values 
recommended by HKS is 0.05 mm for a normal concrete, to 0.08 mm for a high strength 
concrete, although it is conceded that increasing the value of u makes it easier to obtain 
numerical solutions. The results of the parametric study are shown in Figure 9.6.
Experimental 
u = 0.01 mm 
u = 0.03 mm 
u = 0.05 mm 
u = 0.08 mm 
u = 0.1 mm
0 1 2 3 4 5 6 7 8  
Central deflection (mm)
Figure 9.6 Effect of tension stiffening on unplated response.
The results presented in Figure 9.6 show that, indeed, increasing the amount of tension 
stiffening enabled numerical solutions to be achieved further along the load history of 
the member. In terms of flexural rigidity and also yield load, the amount of tension 
stiffening appeared to have very little effect within the range 0.03 - 0.1 mm, the 
numerical responses remaining much stiffer after cracking of the concrete than the 
experimental behaviour demonstrated by beam BI. Reducing the value of u further to 
0.01 mm, however, appeared to result in a reduction of flexural rigidity after cracking, 
although unfortunately, a converged numerical solution was then only possible up to a 
deflection of 1.2 mm, at which point the stress in the steel had reached only 60% of the 
yield stress.
Since the amount of tension stiffening has been shown to have little effect on the overall
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behaviour of the unplated 1.0m beam, and since a higher value is advantageous in terms 
of obtaining a numerical solution, it was decided to use a value of u = 0.1 mm throughout 
the remainder of the numerical investigation.
The effect of varying the amount of uniaxial tensile strength allocated to the concrete in 
the analysis of the unplated 1.0 m beam was investigated to see whether a response more 
closely matched to that found experimentally could be achieved. A range of values from 
f,,, = 2.6 N/mm2, the value determined experimentally, to 0.1 N/mm2, effectively a 
cracked section analysis, were used in the material model. The results, again presented in 
terms of overall load/deflection behaviour of the unplated beam, are shown in Figure 9.7.
Experimental 
ftu = 2.6 MPa 
flu = 2.0 MPa 
ftu = 1.5 MPa 
ftu = 1.0 MPa 
ftu = 0.5 MPa 
ftu = 0.1 MPa
0 1  2 3 4 5 6 7 8
Central deflection (mm)
Figure 9.7 Effect of tensile strength on unplated response.
It can be seen that, in general, decreasing the tensile strength made it more difficult to 
obtain a converged numerical solution as the external load increased, with the extreme 
case of negligible strength in tension, ^  = 0.1 N/mm2 resulting in a maximum deflection 
of just over 0.5 mm. In terms of overall response, decreasing the strength of the concrete 
in tension caused the load at which cracking of the concrete affected overall stiffness to 
decrease, as would be expected. In addition, the load which caused yielding of the 
internal steel also decreased since, for a given load, the steel carries a greater proportion 
of the tensile bending stress component as f^ , decreases. However, both the post-cracking 
and post-yielding stiffnesses of the unplated beam were unaffected by reductions in the 
tensile strength, remaining well above those determined experimentally.
A feature which was apparent from all of the beam element, 2-D plane stress and 3-D 
brick element analyses of the unplated 1.0 m beam was that the flexural rigidities of the 
numerical models in the linear elastic region prior to cracking of the concrete were above 
that of the experimental case. Since cracking had not begun, this cannot be a result of the 
way in which cracking behaviour and subsequent loss of beam stiffness is modelled. The
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only factor which can cause such a discrepancy is the value assumed for the modulus of 
elasticity of the concrete, Ec. It was found by trial and error that to match the initial 
numerical and experimental responses would require the value of Ec used in the FE 
model to be reduced from the experimentally derived value of 34 x 103 N/mm2 to just 19 
x 103 N/mm2 as shown in Figure 9.8, a value associated with very low strength concrete. 
Figure 9.8 shows that, whilst the initial pre-cracking stiffness was better matched to the 
experimental result, after cracking the behaviour remained much stiffer than the 
experimental. The yield and ultimate loads of the model with reduced modulus of 
elasticity were found to be very similar to those with Ec = 34 x 103 N/mm2. This 
comparison shows that the value used for the modulus of elasticity of the concrete has 
little effect on the post-cracking stiffness of the numerical model. The conclusion from 
this and from the other parametric studies outlined above must be that the way ABAQUS 
represents loss of stiffness of the concrete as cracking develops is inadequate.
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Figure 9.8 Effect of modulus of elasticity on unplated response.
9 .5 .4  P lated  1.0 m length  beam  in vestigation s
The results of overall load/deflection behaviour obtained from the unplated analyses 
were disappointing because of the large errors obtained when compared to the 
experimental response. However, it was hoped that the discrepancies would be less 
significant when a strengthened beam was modelled. Discussions with the producers of 
ABAQUS, HKS Inc., seemed to suggest that such inaccuracies were inevitable when 
considering what they termed a ‘very lightly reinforced member’, since overall 
behaviour is then largely governed by the cracking response in elements which do not 
contain reinforcement, the majority in this beam configuration. The effect of adding a 
composite strengthening plate is to increase the amount of tensile reinforcement 
provided, and should therefore make the response less crack-dependent. It was therefore
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decided to proceed with the plated beam analyses, despite the lack of verification of the 
unplated RC beam response.
9.5.4.1 Discretisation for plated beams
The plated 1.0 m beam mesh was designed by taking into account the following 
constraints:
• The need to retain a reasonable element aspect ratio in the glueline and the FRP plate.
• The fact that the steel reinforcement must be contained within quadrilateral (as 
opposed to triangular) elements.
• The need to provide an aspect ratio for the concrete elements as close as to 1.0 as 
possible, since some mesh sensitivity remains as a result of the approach adopted by 
ABAQUS to crack modelling.
• The necessity of obtaining detailed results in localised areas with high stress 
gradients, such as the plate end.
• Practical constraints such as the ease of interpreting results, CPU time and available 
memory space.
The resulting isoparametric plane stress mesh is shown in Figure 9.9. The basis of the 
mesh was a concrete element density midway between the coarse and the refined sizes 
investigated previously. This basic mesh was refined down towards the base of the beam 
using triangular elements to accommodate the thin adhesive bondline and FRP plate. 
Perfect bond was assumed at both adhesive interfaces. Quadratic elements were used 
throughout, since these are generally accepted to be superior for modelling bending 
response (Stevens et al., 1991) and had proven to be the most successful for maintaining 
a smooth response and converged solution as the applied load increased. In addition, 
more accurate and detailed information in areas of high stress gradients can be attained 
from the use of quadratic elements.
The test parameters of the strengthened batch ‘B’ beams are given in Table 4.6 on page 
105. The basic properties of the FRP materials used in these tests have been given in 
Section 3.3.3 on page 55. The stress/strain response of the epoxy adhesive was assumed 
non-linear, following the characteristics observed experimentally, as shown in Figure 3.9 
on page 64. The unanchored batch ‘B’ beams (B2, B3, B4 and B6) and also the cases 
which were anchored beneath the supports, B7 and BIO were represented numerically. 
The beams for which the plate ends were secured with steel clamps and GFRP angles 
were not modelled in detail in the anchorage zones to include the fixings, but since it has 
been shown that the main effect of anchorage is to delay the occurrence of failure, it 
seems reasonable to assume that the overall unanchored results are appropriate for the 
anchored.
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9.5.4.2 Discussion of plated results
Before the adhesive layer and FRP plate were added to the concrete beam, an analysis 
was carried out for the refined but unplated beam. Table 9.1 compares the loads which 
caused yielding of the internal steel obtained experimentally, numerically and 
analytically for the batch ‘B’ beams. The analytical values were obtained with a cracked 
concrete section. The yielding stage of the loading history gives a better comparison of 
relative accuracy since ‘failure’ is defined in different ways for each analysis technique; 
in the experimental case collapse occurred before the full flexural strength was achieved 
in the majority of cases, whereas in the analytical case, failure is defined to occur when 
an ultimate material strain value is reached. In the numerical investigation, the maximum 
load carried is the point at which a converged numerical solution was no longer 
achievable.
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Table 9.1 Comparison of experimental, numerical and analytical yield loads.
Beam Actual YL Numerical YL Analytical YL
(kN) and error (kN) and error (kN)
Bl (unplated) 13.0 22.30 (+71.5%) 15.07 (+15.9%)
B2 23.0 29.25 (+27.2%) 21.02 (-8.6%)
B3 17.0 25.00 (+47.1%) 18.04 (+6.1%)
B4 23.0 29.25 (+27.2%) 21.04 (-8.5%)
B5 25.0 29.25 (+17.0%) 21.02 (-15.9%)
B6 33.0 37.10 (+12.4%) 29.60 (-10.3%)
B7 33.0 35.80 (+8.5%) 29.60 (-10.3%)
B8 33.0 37.10 (+12.4%) 29.60 (-10.3%)
B9 33.0 37.10 (+12.4%) 29.60 (-103%)
B10 27.0 32.80 (+21.5%) 26.86 (-0.5%)
It can be seen that, in terms of yield load, the numerical models overestimated the 
experimentally derived values in all cases, by up to 70% for the unplated beam B l, and 
between 9-47%  for the strengthened cases. The worst correlation for the plated beams 
was B3 which was strengthened with a GFRP plate of low cross-sectional area. In terms 
of the magnitudes of the discrepancies, the strengthened beams were closer to then- 
associated experimental values than the unplated beam B l, but the errors were still 
considerable, in all cases overestimating the yield and hence service load-carrying ability 
of the members.
A sample of the graphical representations of the results obtained are shown in Figure 
9.10 to Figure 9.18. The results presented are typical and demonstrate the behavioural 
patterns apparent from all numerical analyses carried out on the 1.0 m length beams. As 
a general comparison, the analytical responses obtained using a cracked concrete section 
are included in the Figures, as well as the experimentally derived responses. In all 
numerical cases, the maximum deflection reached represents the final point at which a 
converged numerical solution was obtained.
Figure 9.10 shows the load/deflection responses of the batch ‘B ’ beams strengthened 
with a GFRP plate of cross-section 80 x 1.2 mm, while Figure 9.11 shows those obtained 
with a CFRP plate of the same dimensions.
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Figure 9.10 Comparison of load/deflection responses for 1.0 m beams strengthened 
with a GFRP plate of cross-section 80 x 1.2 mm.
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Numerical
Central deflection (mm)
Figure 9.11 Comparison of load/deflection responses for 1.0 m beams strengthened 
with a CFRP plate of cross-section 80 x 1.2 mm.
Figure 9.10 and Figure 9.11 demonstrate that the load/deflection behaviours obtained 
numerically for both the GFRP and CFRP plated beams were in excess of the 
experimentally established responses in terms of stiffness and strength. While the load to 
cause cracking of the concrete in tension was adequately represented in both numerical 
cases, the initial pre-cracking stiffness and the stiffness after cracking were found to be 
significantly higher than the experimental responses, the same characteristics as 
demonstrated by the unplated analyses. In terms of deflection under the action of a given 
load, the numerical GFRP plated analysis. Figure 9.10, underestimated the actual 
deflection values by 40 - 50% both before and after yielding, whilst for the CFRP 
strengthened beam, the discrepancies were between 30 - 40%.
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The magnified deformed shape and the development of cracking obtained at the end of 
the analysis of a beam strengthened with a CFRP plate 80 x 1.2 mm is shown in Figure 
9.12. Cracking was detected at all integration points within the marked region. The 
orientation of the cracks at some of the points are also shown.
It can be seen that a large proportion of the beam experienced cracking during the 
analysis. The orientations of the cracks are as would be expected, being vertical in the 
constant moment region and increasingly inclined further out into the shear span. This 
behaviour reflects that observed experimentally, where macrocracks initiated vertically 
due to bending of the beam became inclined as the shear force became more dominant, 
acting towards the load point.
Figure 9.13 compares the longitudinal strains recorded at the centre of the plate for the 
batch ‘B’ beams strengthened with GFRP of cross-section 80 x 1.2 mm, whilst Figure 
9.14 illustrates the distribution of longitudinal strain along the half-length of such a plate 
for two load levels. Figure 9.15 compares the compressive strain responses of the 
concrete obtained numerically and experimentally for the same set of beams. Figure 9.16 
to Figure 9.18 shows the same sequence of graphs for the batch ‘B’ beams strengthened 
with a CFRP plate 80 x 1.2 mm.
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Figure 9.13 Comparison of central plate strain responses for 1.0 m beams strengthened 
with a GFRP plate of cross-section 80 x 1.2 mm.
Position along plate (mm)
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Numerical, 18 kN
■ Experimental, 30 kN
■ Numerical, 30 kN
Figure 9.14 Comparison of tensile strain distributions along plate at various load levels 
for GFRP strengthened beam B2.
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Figure 9.15 Comparison of compressive strain responses for 1.0 m beams strengthened 
with a GFRP plate of cross-section 80 x 1.2 mm.
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Figure 9.16 Comparison of central plate strain responses for 1.0 m beams strengthened 
with a CFRP plate of cross-section 80 x 1.2 mm.
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Figure 9.17 Comparison of tensile strain distributions along plate at various load levels 
for CFRP strengthened beam B6 .
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Figure 9.18 Comparison of compressive strain responses for 1.0 m beams strengthened 
with a CFRP plate of cross-section 80 x 1.2 mm.
A similar pattern to that shown by the deflection responses was found when the tensile 
strain at the centre of the plate and the compressive strain in the concrete were 
considered. In all cases, the responses derived numerically underestimated the strains 
measured in practice. This is to expected since, under a given applied external load, the 
deflections calculated by the numerical analyses were less than those found 
experimentally, and consequently the bending stresses and strains in tension and 
compression should be less. The size of the discrepancy between the numerical and 
experimental strain responses varied depending on the case considered. However, for the 
CFRP plated beams shown in Figure 9.16, the longitudinal plate strain was 
underestimated numerically by 25 - 30%. Figure 9.14 and Figure 9.17 illustrate that this
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underestimation of longitudinal plate strain by the FE model applied throughout the 
length of the externally bonded plate, especially at higher loads and at the centre of the 
plate, where the numerical distribution remains constant, concurring with the applied 
moment, while the experimental values continued increasing to peak at the centre.
9.6 2.3 m beam analyses
The numerical study was extended to include representation of the plated and unplated
2.3 m beams which had been tested statically to failure, as described in Section 4.6 on 
page 142, to investigate whether the large discrepancies between the numerical and 
experimental responses obtained for the 1.0 m length beams would be repeated for the 
larger beams or whether the errors for the smaller specimens were related to specimen 
size.
9 .6 .1  G eom etry  and  m a ter ia l p rop erties
The geometry of the 2.3 m length beams tested, the material properties of the concrete, 
steel, adhesive and pultruded CFRP, and the loading configuration adopted in the tests 
have been given in Chapter 3. The test parameters used for the 2.3 m length beams are 
given in Table 4.15 on page 143; only one strengthened configuration was considered 
numerically, the only difference between beams L2 and L3 being the inclusion of 
anchorage for L3. The mesh used to model half of the plated 2.3 m beam was designed 
according to the same principles as the plated 1.0 m beams, discussed above, with 
refinement of a basic quadrilateral plane stress mesh towards the base of the beam 
through the use of triangular plane stress elements to provide a suitable aspect ratio for 
the adhesive and CFRP plate elements. The appearance of the mesh was very similar to 
that used for the smaller-scale beams, as shown in Figure 9.9 on page 389. A steel 
support pad was included and the applied load was distributed over the edges of two 
elements along a length of 50 mm to represent the way in which load was applied 
experimentally. Quadratic isoparametric plane stress elements were used throughout the 
mesh.
9 .6 .2  R esu lts o f  an a lyses
Before numerical analysis of the strengthened 2.3 m length beam was carried out, the 
response of the refined mesh without adhesive or a composite plate was obtained and 
compared with the experimental behaviour of unplated beam LI. The results are shown 
in Figure 9.19, which also compares the numerical results obtained with varying 
amounts of tension stiffening included.
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Figure 9.19 Comparison of load/deflection responses for unplated 2.3 m beam.
It can be seen that the numerical characteristics, in comparison to the experimental, were 
almost identical to those shown by the 1.0 m length unplated specimen, with overall 
stiffness after first cracking well in excess of the actual response. The yield load 
predicted numerically was around 100 kN, whereas when tested, unplated beam Ll 
experienced yielding at 74 kN. The numerical stiffness after yielding was also above that 
demonstrated experimentally. Convergence of the FE model could no longer be attained 
beyond an applied load of 114 kN, well above the failure load of 77 kN observed in the 
test. At the point of numerical failure, the internal tension steel had yielded throughout 
the constant moment region and beyond, and the concrete had reached its ultimate strain 
close to the load application region. The beam had therefore effectively collapsed. 
Despite the discrepancy in beam strength, the ultimate deflection was well represented at 
around 20 mm.
It can also be seen that to achieve a converged solution this far along the load path 
required that the value assigned to the tension stiffening parameter be increased from the 
0.1 mm found to be adequate for the 1.0 m length beams, to 0.5 mm. Figure 9.19 again 
shows the effect which the amount of tension stiffening has on the ability of the 
numerical model to achieve a converged solution. However, it can be seen to have 
negligible effect on the overall response of the member.
Similar characteristics to the unplated behaviour were also obtained when the 2.3 m 
length beam was strengthened with a CFRP plate 90 x 1.3 mm, bonded with a 2.0 mm 
thick layer of adhesive. A comparison of the numerical response with those of beams L2 
and L3, strengthened in the same way, is shown in Figure 9.20; the response derived 
analytically using a cracked concrete section is also included for comparison.
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Figure 9.20 Comparison of load/deflection responses for plated 2.3 m beams.
Both the post-cracking and post-yielding stiffnesses of the member were overestimated, 
as was the load which caused yielding for beam L3, although to a lesser degree than for 
the unplated case. The characteristics of the deflection response were also reflected in the 
bending strain behaviours, as shown in Figure 9.21 for the centre of the external CFRP 
plate and Figure 9.22 for the centre of the concrete beam.
• Experimental, beam L2 
Experimental, beam L3
■ Analytical
■ Numerical, u = 0.1 mm
• Numerical, u = 0.5 mm
Longitudinal strain at centre of plate (microstrain)
Figure 9.21 Comparison of central plate strain responses for plated 2.3 m beams.
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Figure 9.22 Comparison of compressive strain responses for plated 2.3 m beams.
Although in both cases the strain rates shown by the numerical model were less than 
those measured during testing, the errors were less excessive than those shown by the 
deflection responses, especially in the compressive strain case, Figure 9.22. The 
numerical model was able to predict a load path up to failure of the beam, which 
occurred in compression, in agreement with the tested beam L3, although at an ultimate 
load almost 30% higher than measured experimentally. The central plate strain at the 
initiation of compressive failure was well predicted for the higher level of tension 
stiffening, as shown in Figure 9.21, which also demonstrates that increasing the amount 
of tension stiffening included reduces slightly the longitudinal strain in the external plate 
for a given load. This would be expected since the concrete beneath the neutral axis then 
unloads more gradually, thereby relieving the plate of a greater proportion of the tensile 
component in the section.
The numerical model generated for the strengthened 2.3 m length beam was also used in 
a simple exercise to assess the comparative effects of varying the tensile stress/strain 
characteristics of the adhesive on overall member response. This simulates the use of 
different products, or plasticisation of the adhesive, which may occur in the presence of 
moisture, as demonstrated in Chapter 6, or as the temperature increases towards the glass 
transition temperature, as shown in Chapter 3. Effective reductions in modulus of 
elasticity also occur as a result of creep under sustained load (Chapter 7). Three forms of 
the stress/strain response of the adhesive were incorporated into the numerical model; 
that used previously, taken from tests on the material at room temperature (Curve 1), the 
response obtained when specimens were tested ‘wet’ after 10  humidity cycles as 
described in Section 6.3.2.1 on page 211 and shown in Figure 6.1 on page 212 (Curve 2), 
and also a ‘worst case’ curve, with an initial modulus of only 5.0 x 103 N/mm2 and 
perfectly plastic behaviour above 11.0 N/mm2 (Curve 3).
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The load/deflection responses for the three cases are shown in Figure 9.23. This appears 
to suggest that the material properties of the adhesive have a negligible effect on the 
overall behaviour of the strengthened beam. A similar curve was obtained for the strain 
response at the centre of the external plate.
Central deflection (mm)
Figure 9.23 Effect of adhesive stress/strain behaviour on overall response of 2.3 m beam.
9.7 Discussion and conclusions
For the cases considered, refinement of the basic unplated mesh caused slight increases 
in the stiffness of the response and the load to cause yielding of the internal steel. 
Consequently, the results, although numerically more stable, were actually further from 
those derived experimentally. Use of quadratic elements appeared to make it easier to 
obtain a converged solution further along the loading path. The element order appeared 
to be less significant on overall behaviour at higher mesh density, as would be expected.
In all of the analyses carried out, the overall stiffness of the numerical response was 
considerably higher than the behaviour observed during testing. In addition, the load at 
which the internal steel yielded and the post-yielding loads approaching failure were also 
overestimated numerically to varying degrees. These discrepancies were found to be 
greater for the unplated beams, and applied for both the 1.0 m and 2.3 m length cases. As 
a result of the reduced deformations under the action of a given load, the bending strain 
responses of the strengthened beams were also underestimated by the numerical models. 
However, these discrepancies appeared to be slightly lower than those shown in 
deflection. This observation is somewhat surprising since the strains are obtained 
through differentiation of displacements and are therefore of lower order and should 
approximate response to a reduced degree of accuracy. The external plate strain at failure 
predicted for the strengthened 2.3 m length beam correlated well with that measured
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It is also apparent through the comparisons made for both beam sizes that, given the 
established geometric and material parameters of the system, the simple analytical 
technique described in Chapter 8 was considerably more effective at predicting both 
deformation and global strain responses than the numerical procedures. Although the FE 
method is able to produce a complete and very detailed record of behaviour throughout 
the load history, including the development and progression of cracking and localised 
effects associated with the plate end, this is of limited value if the accuracy of the basic 
response cannot be verified. The simple examples of small-scale RC slabs included by 
ABAQUS appear to prove the validity of the reinforced concrete modelling capability 
provided in the package. This suggests that the discrepancies observed in the present 
analyses reflect peculiarities of the system modelled. If this is the case, then more 
research into the generality of the material representation provided by ABAQUS is 
required before it can be used with confidence for analysing structures in service.
A possible, but unlikely cause of the differences between the numerical and experimental 
results is error in the loading or deflection measurements taken during testing. This 
would manifest itself as a constant discrepancy in each test, irrespective of the member 
size or state of strengthening. The linear potentiometers used to measure deflection were 
calibrated several times with slip gauges throughout the beam testing programme. The 
loading machines, one of which was used for each beam size, were also initially 
calibrated against a proving ring and found to be suitably accurate. In addition to the fact 
that the discrepancies observed varied between tests, the validity of the load 
measurements is demonstrated by the agreement between the analytical and 
experimental results. If the deflection measurements were at fault, a closer correlation 
would be expected between the load/strain responses obtained numerically and 
experimentally.
Whilst varying the material parameters incorporated in the numerical model affected the 
overall response of the beams to some extent, it appears that the discrepancies obtained 
reflect the approach adopted in ABAQUS to aspects of reinforced concrete modelling. 
For example, the effects of poor bond and slip at the steel/concrete interface can only be 
incorporated in a very indirect way by adjusting the amount of tension stiffening 
included for the concrete throughout the member. However, it has been shown that 
converged numerical solutions are only possible if the level of tension stiffening is 
increased, effectively assuming that this behaviour occurs throughout the tension region, 
regardless of proximity to steel. Although this is unrealistic, the amount of tension 
stiffening appears to have little effect on overall response; the distribution of internal 
stresses in the concrete and steel w ill, however, be affected. In practice, yielding of the
during the test; the predicted mode of failure was also correct in this case.
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steel and slip at the interface occurs where the steel bridges macrocracks. Use of the 
smeared crack approach means that such strain discontinuities do not exist, the strain 
varying continuously within an element. Yielding of the reinforcement therefore occurs 
more uniformly throughout the constant moment region. However, effects associated 
with yielding of the steel would only become apparent at relatively high loads. Since the 
main difference between the experimental and numerical results is the post-cracking 
stiffness, it appears that the smeared crack approach, in which cracking is represented by 
a zone of microcracks, is inadequate for representing the actual cracking behaviour and 
the loss of member stiffness which follows for the systems analysed.
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Chapter 10
C onclusions
10.1 Introduction
The objectives of the project have been listed in Chapter 1; these have largely been 
achieved. The aim of the investigation was to provide a detailed study of the flexural 
strengthening of RC members using FRP materials, encompassing both short-term 
structural and long-term performance through experimental testing. A study into the 
possible extension of the technique to utilise FRP plates pre-tensioned at the time of 
bonding has also been performed experimentally. In addition, methods of theoretically 
predicting the behaviour of such strengthened members to load application have been 
considered. By considering these different aspects in one investigation a more integrated 
study has been achieved, an approach not reported by other research groups to date. It 
may be argued that considering such a range of subjects has not allowed, within the 
constraints of time and resources, any aspect of FRP plate bonding to be covered in great 
enough detail for conclusive, meaningful observations to be made. This may be true but 
it was felt that such an approach was worthwhile, given the general absence of 
information in some areas which existed at the start of the project, to bring together 
findings, demonstrate problematic areas and highlight subjects in need of further 
investigation. In addition, by providing a review of the literature on each topic 
associated with plate bonding, a comprehensive state-of-the-art has been presented.
The specific conclusions and observations derived in each area considered have been 
given in detail at the end of the appropriate Chapter. As such, this Chapter aims to 
summarise and discuss the main findings of the project. Suggestions for further work are 
also given.
The justification behind studies into FRP plate bonding is that, while field applications 
of steel plating have proved its effectiveness and financial benefits, it has inherent 
disadvantages, many of which could be overcome by using light weight, non-corrosive, 
versatile materials. A review of the experimental work carried out to date on FRP plate 
bonding, with particular regard to flexural strengthening of RC members, is given in
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Chapter 2. The current level of interest in the technique is high, many of the reported 
studies being initiated around, or since the start of this project. These have largely been 
aimed at establishing the basic feasibility of the technique and demonstrating its short­
term structural implications through experimental testing.
The small-scale pull-off specimens reported in Chapter 3 demonstrated the importance 
of ensuring a completely dry bond surface prior to adhesive application. The Sikadur 
epoxy adhesive utilised in the project was characterised in terms of its tensile properties 
and temperature-dependence; the basic tensile properties were found to show a dramatic 
change between 35 - 40 °C, exhibiting reduced stiffness and strength, and increased 
ductility.
10.2 General characteristics
In Chapter 4, the programme of short-term, static tests to failure carried out in the project 
on 1.0 m and 2.3 m length beams either unplated or strengthened with a composite plate 
which was unstressed at the time of bonding has been detailed. The specific conclusions 
noted in this aspect of the study are given in detail at the end of the Chapter. The 
observations noted, although based on a limited number of tests, illustrated the feasibility 
and structural characteristics of external FRP strengthening, and demonstrated the 
significance of basic structural parameters on overall performance. Many of the 
observations regarding the basic performance of strengthened members have also been 
noted by other researchers. However, the parametric study carried out on the 1.0 m 
length beams, which provided useful and interesting information on overall behaviour, 
was more extensive than has been reported previously, examining the influence of a 
wider range of parameters within the practical constraints of time and resources in an 
attempt to optimise the strengthening system. The 2.3 m length beams were used to 
demonstrate the effects of external FRP strengthening on rather more realistic scale 
beams, confirming some of the observations regarding general behaviour obtained from 
the 1.0 m tests.
Although varying with the particular configuration examined, the general characteristics 
demonstrated in these tests were substantial increases in post-cracking stiffness, 
serviceability limit and yield load levels, member stiffness after yielding and maximum 
load carried. The level of strength increase and ductility displayed were dependent on the 
mode of failure, which in turn was dependent on the details of the tested system, in 
particular whether anchorage at the plate ends was provided. The exclusion of 
anchorages resulted, for the configurations studied, in sudden, brittle failure modes, 
while their inclusion delayed the occurrence of collapse and allowed compressive 
flexural failure to be achieved in some cases. Brittle plate and concrete cover separation 
was observed in many unanchored cases, a failure mode which has often been associated
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with steel plate bonding. Other catastrophic, premature failure modes were associated 
with extensive shear cracking causing plate detachment or complete shear failure, either 
vertically on the section or horizontally towards the base of the concrete member. As a 
result of the stiffening action and the effective positioning of the plate at the extremity of 
the section, the addition of an external plate was also found to be beneficial from a crack 
development point of view, as noted by other workers. By lowering the position of the 
neutral axis, more efficient use is made of the concrete in compression. Beam behaviour 
and composite action between the external plate and original member appeared to be 
achieved through the use of the epoxy adhesive.
The thickness of the adhesive layer and the aspect ratio of the plate employed had little 
apparent effect on structural behaviour for the values examined, while the strengthening 
of higher strength concrete resulted in greater relative increases in strength and stiffness 
compared to the associated unplated specimen. Increasing the distance between the plate 
curtailment and the support was found to be structurally detrimental. The addition of side 
plates in the shear spans was found to be relatively ineffectual at preventing premature 
failure and increasing member strength. The cross-sectional area of plate affects the 
possible increases in stiffness and strength associated with plating, as well as the 
ductility and crack restraint properties. The use of CFRP produced higher gains in 
strength and stiffness than GFRP, but to the detriment of member ductility. The lower 
strain to failure of the material also means that it can be used more efficiently than 
GFRP. The enhanced strengthening obtained through the use of CFRP, in combination 
with its better long-term properties makes it a more attractive material for the proposed 
application.
All forms of plate end anchorage studied delayed the occurrence of failure, thereby 
increasing the maximum load carried and the ductility of the flexural response. The 
maximum strain recorded in the plate was also increased and a more uniform strain 
profile along the length of the plate was observed, indicating a more efficient use of the 
plating material. The provision of bolted endplates was found to be an effective, versatile 
and practical solution to the problem of plate end anchorage. Their inclusion allowed the
2.3 m length beam to achieve a compressive flexural failure at a ductility comparable to 
that of the original unplated member. The length of bolts used should be such that they 
pass through the concrete cover into sound concrete above. A completely non-corrosive 
system could be achieved through the use of FRP bolts and endplates.
The 1.0 m length specimens appeared to adequately represent the general characteristics 
of the larger-scale beams, giving confidence in the results obtained from the 1.0 m length 
parameter study. Similar characteristics of behaviour between the two beam sizes was 
also noted in the prestressing study and analytical investigation.
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Concern has been expressed regarding the possibility of sudden, brittle failure modes 
when FRP is utilised for strengthening because of the absence of a yield plateau in its 
behaviour. In terms of flexural failure, in which the bending strains in the section reach 
ultimate material values, it is therefore recommended that, in the design of such systems, 
compressive failure of the concrete should precede tensile failure of the FRP plate, and 
that this should occur after yielding of the internal steel to ensure a measure of ductile 
behaviour prior to collapse. Values of span/deflection ratio of around 100 were obtained 
in the present study for the CFRP plated beams which achieved a compressive failure. 
Although the definition of adequate ductility is unclear, a ratio of 250 is considered in 
design to be that beyond which the deflection will be noticed by the users of the 
structure. Values of 100 or less may therefore be considered as adequate warning of 
impending failure.
Also in the context of failure, if  the factor of safety against collapse is defined as the ratio 
of ultimate to serviceability load, then the original unplated members tested in this study 
had values in the range 1.5 -1.9. In all cases except two, the addition of an external FRP 
plate increased this factor of safety, even when the plate ends were unanchored and 
collapse occurred in a non-flexural manner. The inclusion of anchorages at the plate ends 
increased the level of safety further. Under service load levels, FRP strengthened beams 
may therefore be considered as less likely to collapse than comparable unplated 
members.
External plating increases the shear capacity of the basic section to some extent by 
providing an additional resistance to the widening of shear cracks and an increase in the 
dowel capacity. However, because the plates are thinner and have a considerably lower 
bending stiffness than the steel plates used for this application, this increase in shear 
capacity is less significant; shear cracks may also cause the peeling off of the FRP plate 
due to vertical displacement at the base of the cracks. It may therefore be conservatively 
assumed that plating does not enhance the shear capacity of the section, this providing a 
limit to the amount by which the member can be flexurally strengthened. Increasing the 
shear capacity of the member through retrofitting techniques has not been considered in 
this investigation and is an area requiring further study.
The tests carried out in this study were continued to collapse, so that ultimate strengths 
and modes of failure could be evaluated. For the configurations tested, the provision of 
anchorages has been shown to be necessary to delay or prevent the occurrence of the 
premature plate and cover separation mode of failure. However, although the ultimate 
behaviour is clearly important, the effects of FRP plating over the service range of 
loadings is perhaps of greater interest; after all, the factor of safety against collapse is 
increased by plating, as described above. In this context, FRP plating has been shown to
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be very effective in terms of strengthening, stiffening and crack restraint, and the overall 
behaviour has been accurately predicted by the developed theoretical model. In addition, 
the importance of the anchorage detail is reduced, such that the extra effort and expense 
required in their installation may not be considered worthwhile. This should be assessed 
against the possibility of loads higher than the serviceability limit being encountered and 
the consequences, in this case, of collapse. The increase in the factor of safety against 
failure associated with the provision of anchorages may then justify their inclusion.
10.3 FRP prestressing investigation
In Chapter 5, the possible extension of the strengthening technique to incorporate FRP 
plates pre-tensioned at the time of bonding to the beam has been considered. This 
technique has been suggested previously but only a very limited amount of research has 
been reported on the subject, much of which has implied or demonstrated the possibility 
of failure of the system on transfer of the pre-tension to the RC beam, and thus the 
necessity of anchorages to prevent this occurrence.
The specific observations drawn from the prestressing investigation are detailed at the 
end of Chapter 5. The aim of the study was to demonstrate, through limited testing, any 
potential structural benefits or drawbacks of the technique, and it is felt that this has been 
achieved. Monitoring of the system was carried out during transfer of pre-tension from 
the CFRP plates employed to the 1.0 m and 2.3 m length beams. This demonstrated that 
some of the initial plate strain was lost on release due to elastic shortening of the 
member. The bolted endplates used in the previous beam testing were found to be 
adequate for preventing failure of the system on both pre-tension release and during 
subsequent load testing to failure. Release of the plate prestress caused the top of the 
section to be placed in tension, where cracking may be observed if the level of pre­
tension employed is such that the tensile strength of the concrete is exceeded.
In subsequent testing to failure, it was observed that pre-tensioning the plate prior to 
bonding increased the load to cause visible cracking and in general restrained the 
development, width and height of cracking in the member under a given applied load in 
comparison to a non-prestressed and especially an unplated member. The tensile stress in 
the internal steel reinforcement is relieved by the addition of a pre-tensioned plate, 
producing increases in the serviceability load, when this is governed by the stress in the 
steel, and the yield load. However, little advantage can be achieved at the serviceability 
load level if this is governed by the compressive stress in the concrete. Moderate 
increases in member stiffness and strength were attained by pre-tensioning the plate, 
although, as with the non-prestressed beams, the level of strength enhancement at the 
ultimate limit state and associated ductility were dependent on the mode of collapse. The 
compression induced in the base of the section confines the concrete, reducing the width
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of flexural/shear cracks, making the occurrence of shear or shear step failure less likely. 
However, the increased member stiffness and strength may cause the shear capacity of 
the section to eventually be reached. Premature failure was also observed at the adhesive/ 
plate interface or within the bottom layers of concrete, reflecting the high levels of 
horizontal shear stress induced in these locations by the plate prestress.
Pre-tensioning the plate increases the levels of tensile strain throughout the plate for a 
given load, enabling more efficient use to be made of the strengthening medium under 
general loading conditions whilst maintaining considerable increases in strength and 
stiffness over the unplated member. However, increasing the level of initial pre-tension 
in the plate does not necessarily imply that the maximum strain w ill exceed that in a plate 
of lower pre-tension because of the reduced beam rotation and hence bending strains as 
the pre-tension is increased. Pre-tensioning the plate can allow reductions in FRP 
associated material costs since the same strength and stiffness levels under serviceability 
or ultimate conditions can be reached with pre-tensioned plates of reduced area fraction.
Whether the structural benefits to be gained from pre-tensioning the FRP plate prior to 
bonding justify the additional effort required for its implementation depends upon the 
nature and requirements of the scheme under consideration, as well as the development 
of viable procedures for its practical application. The greatest advantage of the technique 
over non-prestressed strengthening appears to be the restraining effect on flexural and 
shear cracking. Therefore, in situations where serviceability is governed by crack width 
specifications, or where strengthening is required to reduce the width of pre-existing 
cracks, a pre-tensioned plate may be the most effective solution.
10.4 Durability investigation
Chapters 6 and 7 have considered some of the long-term durability aspects of FRP plated 
beam behaviour. Whilst many researchers involved in plate bonding have emphasised 
the importance of studying long-term performance, only a very limited number of recent 
studies have been undertaken concerned with the durability of composite materials as 
external reinforcement for concrete structures.
In Chapter 6, tests carried out to study the performance of the epoxy adhesive, CFRP 
plating material and several 1.0 m length beams strengthened with these materials under 
accelerated environmental conditions of temperature and humidity cycling have been 
presented. The results obtained suggest that, while temperature cycling in the range -20 
°C to +20 °C had little apparent effect on the properties of the adhesive, the presence of 
moisture resulted in a significant decrease in the tensile modulus, although this was 
recovered on drying. Humidity cycling caused considerable reductions in the tensile 
strength of the adhesive and the range over which linear behaviour was observed. In
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addition, there was some evidence that such an exposure regime caused embrittlement of 
the adhesive. However, despite the deterioration in the bulk tensile properties of the 
adhesive, the performance of a strengthened beam under the same humidity cycling 
conditions appeared unaffected. Neither accelerated environmental regime appeared to 
have any significant effects on the tensile properties of the CFRP material studied. 
Strengthened beams subjected to either 50 or 150 temperature cycles produced responses 
which deviated little from the control beam tested without exposure. The results, 
although limited, seem to suggest that environmental deterioration of the mechanical 
properties of bulk adhesive specimens does not necessarily imply a deterioration of the 
bond performance in situ or a reduction in the long-term structural behaviour of the 
strengthened member. This represents an encouraging observation from the point of 
view of practical implementation.
The time-dependent performance of the proposed strengthening system under the action 
of a sustained loading has been considered in Chapter 7, in which the specific 
observations made are listed. As with the environmental study, this was carried out by 
considering each of the component materials individually as well as when combined in 
the bonded system.
The epoxy adhesive exhibited creep when maintained under constant tensile load, which 
was dependent on the sustained load level. This creep caused failure to occur in several 
cases within the test duration. Increasing the temperature at which the test was conducted 
to 35 °C had a dramatic effect on the amount of creep strain observed; the behaviour 
under sustained load appeared to be more sensitive to ambient temperature than the 
properties derived for the material when tested directly to failure. The ultimate strain of 
the material also appeared to be dependent on the rate of load application since, for 
constant sustained loading, considerably higher elongations were recorded than when 
loaded continuously to failure.
The pultruded CFRP material considered in this section of the investigation was found to 
have practically time-independent behaviour and be negligibly affected by sustained load 
application, even at an elevated ambient temperature of 60 °C. This reflects the high 
proportion of continuous, high stiffness, unidirectional fibres in the composite; it can be 
said that the requirements of the material for most efficient short-term strengthening are 
also the most beneficial in terms of long-term performance.
Sustained serviceability limit loading of 2.3 m length beams resulted in increases in both 
compressive strain and overall deflection with time for both unplated and strengthened 
beams, for which the longitudinal strains in the external plate also increased. The beams 
were loaded to levels such that the compressive stress initially applied to the concrete 
was approximately the same for all cases. Under these conditions it was found that the
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increases in deflection and compressive strain over the test duration were very similar as 
a proportion of the total values for all beams considered, indicating that all of the creep 
deflection experienced by the plated beams was attributable to the behaviour of the 
concrete in compression and not to effects associated with the time-dependency of the 
adhesive. The implication is that the higher serviceability load supported by the 
strengthened beams does not have a detrimental effect on long-term performance. It also 
follows that substantial creep of adhesive samples tested in isolation does not necessarily 
imply a reduction in long-term performance of a bonded connection in which the 
adhesive is utilised. The recoveries of deflection and compressive strain on load removal 
were considerably higher for the strengthened cases, consequently resulting in much 
lower residual deflection and strain values than produced by the unplated member.
Pre-tensioning the plate prior to bonding to the beam produced a marginally lower 
compressive creep strain and a slightly higher creep recovery on load removal than the 
non-prestressed cases, although the deflection response appeared tittle affected by the 
prestressing. Redistributions of longitudinal strain throughout the external plate occurred 
over the test duration, producing a more uniform strain profile for the non-prestressed 
cases. However, relaxation towards the ends of the plate for the prestressed case resulted 
in a less uniform profile.
Although the deflection and strain increases over the test duration represented 
approximately the same proportion of the total values for all cases, the actual magnitudes 
and rates of increase were lower for the plated beams as a result of the increased flexural 
rigidity associated with external plating. Consequently, it would take a considerably 
greater length of time for a strengthened member to reach a limiting value of deflection 
or strain when maintained under constant serviceability conditions than an identical 
unplated beam.
It is felt that these tests, despite being relatively short-term in nature, have provided 
encouraging results with regards to the long-term integrity of the strengthening system 
under sustained loading. Rather than contributing to the viscoelasticity and time- 
dependence of the member, the addition of an external plate appears to have only 
beneficial influences on long-term behaviour.
The reduction in performance of the epoxy adhesive when tested in bulk form under 
conditions of elevated temperature, moisture or sustained loading appeared, from the 
results obtained, to have little effect on the overall performance of the bonded system 
under these conditions. This was also demonstrated numerically, and is attributed to the 
restraint imposed on the adhesive in situ by the adjacent adherends. As a result of this 
observation, the adhesion properties of the material appear to be of greater significance 
than its stress/strain response when the bonded system is exposed to adverse
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environments; no deterioration of the bond performance was observed in the tests carried 
out.
10.5 Theoretical predictions of behaviour
Chapters 8 and 9 have considered theoretical means of predicting plated beam behaviour. 
In the first part of Chapter 8, predictions of the flexural response of FRP strengthened 
members using an iterative analytical technique which ignores the possible occurrence of 
premature modes of failure was considered. This type of approach has been previously 
adopted by several workers considering plate bonding, although the assumptions made in 
the analyses have varied. It was found that the analytical technique predicted the load/ 
deflection behaviour of GFRP plated beams accurately, although when CFRP was used 
for strengthening, the model underestimated the deflection under a given load. However, 
for both strengthening media, the maximum tensile and compressive bending strain 
responses were very accurately represented, especially for wider plates covering a 
greater proportion of the beam width. The behaviour of the beams tested appeared to be 
better approximated by the use of a partially cracked concrete section in the analysis. 
This reflects the fact that the external plate allows the concrete in tension beneath the 
neutral axis to be used more effectively. Analytical predictions of the compressive 
flexural failure load were very good, lying within ±10% of the values recorded in testing, 
irrespective of beam size, type of FRP plate or material properties of the system. The 
correlation between the theoretical and experimental results proves the validity of the 
assumptions made in the analysis.
The analytical technique developed has also been used to demonstrate the relationship 
between serviceability, ultimate strength, stiffness, mode of failure and the area ratios of 
external plate and internal steel for generalised strengthening cases. These showed the 
advantages which may be gained through the use of CFRP as opposed to GFRP. Such 
relationships could be generated for any combination of beam, external plate and loading 
configuration, and represent potential tools for designing strengthening systems.
Although comparison and correlation with a greater number of flexurally failing 
specimens is required for further validation, the results obtained demonstrate the 
potential applicability of this method of analysis in accurately designing external 
strengthening systems.
Theories which have been proposed to account for the occurrence of premature failure of 
the strengthening system have also been considered in Chapter 8. These have almost 
exclusively been developed with steel plate strengthening in mind and have varied in 
complexity, being either empirical, semi-empirical or purely theoretical. There remains 
basic disagreement concerning the nature of the mechanisms involved in premature
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failure, for example the levels of stress which can be supported at the plate ends before 
peeling failure is initiated, and the influence of various design parameters. The design 
procedures which have been proposed to prevent peeling failure of steel plated beams 
have been applied to the results obtained in the present study; it appears that such 
methods are inappropriate, and that specific procedures need to be developed for 
designing FRP strengthening systems to prevent premature failure. No attempt has been 
made in this project to achieve this.
In Chapter 9, the use of the finite element method for predicting the flexural response of 
unplated and strengthened RC beams was investigated. It was intended in the project to 
develop and verify a numerical model of the proposed strengthening system which could 
then be used in a parametric study. A comprehensive review of aspects associated with 
the numerical modelling of RC structures demonstrated the complexities involved in 
representing the material and the uncertainties and disagreements which exist concerning 
the importance of various parameters and how best the behaviour should be incorporated 
into a general purpose FE package.
A numerical approach to predicting externally strengthened RC beam behaviour has 
been adopted by several workers, as reported in Chapter 9. Whilst some of the basic 
characteristics of behaviour have been adequately reproduced in these studies, the 
correlation and hence verification with experimentally derived responses has generally 
been poor. In the present study it was found that, in all cases, the overall stiffness of the 
numerical response was considerably higher than the behaviour observed during testing. 
In addition, the loads to cause yielding of the internal steel and the loads approaching 
failure were also overestimated numerically to varying degrees. The simple analytical 
technique described in Chapter 8 was found for all cases to be considerably more 
effective at predicting both deformation and global strain responses than the numerical 
method. It appears that the numerical discrepancies obtained reflect the approach taken 
by ABAQUS to aspects of RC modelling, in particular the representation of cracking and 
the subsequent effect which this has on overall member response.
It should be emphasised that the conclusions drawn from the studies in this project have 
only been verified for the configurations considered. The imposition of more generalised 
loading conditions, including UD and moving loads, to allow a more complete picture of 
performance to be obtained is an area requiring further study. It has been suggested, for 
instance, that the shear span/effective depth ratio adopted in four point loading tests may 
have a significant bearing on the resulting mode of failure, high values being less likely 
to produce plate and concrete cover separation failure.
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10.6 Recommendations for future investigation
The author considers that the following areas warrant further investigation:
• The short-term structural performance of externally strengthened RC members of a 
size representative of those found in service. This is currently under investigation at the 
University of Surrey under the ROBUST project.
• The use of the strengthening technique for prestressed concrete members.
• The capacity of plate end anchorages and the horizontal shear strength of the 
adhesive/plate interface and bottom layers of concrete when a pre-tensioned plate is 
utilised.
• The long term durability of the FRP prestressed system.
• Practical methods of applying the pre-tensioned plate technique on site. This is 
currendy under investigation at the University of Surrey under the ROBUST project.
• Fatigue studies on the component materials and overall behaviour of the strengthened 
system. This is currendy under investigation at the Universities of Surrey and Cranfield 
under the ROBUST project.
• Further environmental exposure tests under accelerated or natural conditions, and in 
the presence of aggressive substances such as de-icing salts.
• Further sustained load tests over longer durations, particularly when combined with 
natural or accelerated environmental exposure.
• Further verification of the analytical technique over a wider range of material and 
geometric parameters and under different loading configurations.
• Extension of the analytical method to include FRP prestressed members.
• The mechanisms of premature failure of FRP plated beams and the formulation of 
specific design procedures to prevent the occurrence of such failure.
• Further research into the generality of the FE representation of RC behaviour 
provided by ABAQUS to indicate the specific difficulties of the model. Alternatively, 
the development and verification of a numerical system specifically for modelling RC 
structures.
• The research and development of shear and compressive strengthening systems, since 
this will increase the range over which general strengthening can be implemented.
10.7 Original work and contributions
The author considers the following as his original work and contributions:
• A parametric study on basic structural behaviour considering a wider range of 
parameters than previously reported.
• The use of bolted anchorages for FRP strengthened members.
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• Study into the effects of transferring a plate pre-tension into an existing RC beam and 
the performance of the resulting prestressed member in subsequent load testing.
• Study into the effects of sustained loading and accelerated environmental exposure on 
the performance of the FRP strengthened system.
• The development of an iterative analytical technique for predicting flexural response, 
which has been used and verified in more detail than previously reported, and within 
which assumptions more representative of actual behaviour have been incorporated. 
Extension of the technique for possible design use has also been considered.
• Study into the applicability for FRP plating of design procedures proposed to prevent 
premature failure of steel plated beams.
• Study into the applicability and performance of the finite element method for 
predicting the flexural behaviour of RC beams.
• An integrated study of wider scope than reported previously has been carried out, in 
which a comprehensive state-of-the-art of many aspects of plate bonding has been 
presented.
In summary, it is felt that the results obtained from this integrated study provide a 
valuable contribution to the knowledge on FRP plated beam behaviour. Although further 
research and development is required, as detailed above, the technique has been shown 
to be an effective method of upgrading structural response in the short-term, with simple 
analytical methods being capable of predicting overall behaviour. The aspects of long­
term response considered also suggest that the system may possess adequate durability. 
The benefits of additional pre-tensioning of the plate prior to bonding may justify its use 
in some instances. Experience gained from practical applications of FRP plating should 
further verify the long-term performance under working conditions and increase the 
confidence in the use of this innovative technique.
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Appendix 1: Steel plating design considerations
It terms o f plating material, mild steel plates are almost exclusively used for plate 
bonding, the use of high yield steel generally providing little benefit as the modulus of 
elasticity is the same as that o f mild steel. Stainless steel plates are not recommended as 
there is little published data on the effect of its composition on adhesive bond strength. 
However, a bridge at Aberystwyth in Wales, where stainless steel plates were used, has 
shown signs of deterioration. After eight years of service, a black sticky substance was 
exuding from the interface between the plate and the glue, suggesting a chemical 
reaction which may reduce the interface bond.
The strengthening operation is generally undertaken without additional support to the 
member. The structure must therefore be capable of at least supporting dead load stresses 
which will not be carried by the strengthening system. It has been demonstrated 
experimentally that for applications involving the addition of steel plate reinforcement to 
enhance the flexural capacity of an existing structure, design calculations may be based 
upon normal RC theory if an effective bond can be achieved. The calculation process 
outlined in BA 30/94, 1994 for bridge structures is carried out in stages:
• Calculation of existing stresses at the serviceability limit state based on the permanent 
loads acting on the original section.
• Calculation of additional stresses at the serviceability limit state due to the live load 
acting on the strengthened section.
• Check that the combined stresses calculated in the first two stages do not exceed the 
allowable values in the concrete and both sets of steel at the serviceability limit state.
• Calculation of the horizontal shear stress in the adhesive layer at the ultimate limit 
state, and check this is acceptable.
• Check section moment capacity at the ultimate limit state exceeds the loading to be 
applied by an acceptable factor of safety, and that over-reinforcement of the concrete 
will not occur.
• Check shear resistance of the section at the ultimate limit state under the strengthened 
load level, neglecting the effect of the strengthening plates.
• Detail the plating arrangement; number of bolts required, positions of overlaps etc.
For the purposes of these calculations, the steel areas are transformed into equivalent 
concrete areas by using a modular ratio adjusted for permanent loads where appropriate. 
This design process is illustrated by Mays and Turnbull, 1992 with reference to Duckes 
Marsh Bridge in Exeter.
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In the design of external steel plating, the critical component with regard to bond 
strength is usually the concrete since its tensile/shear strength is unlikely to exceed 4 N/ 
mm2, well below that of the adhesive itself or the steel/adhesive interface in a well 
prepared adhesive joint. It is important that under ultimate conditions, the local shear 
stresses in the adhesive do not anywhere exceed the shear strength of the concrete. A 
typical value of allowable mean shear stress in the adhesive layer for design under 
service loading is 1.2 N/mm2 for a steel/concrete joint (Mays and Turnbull, 1992).
To avoid problems with fatigue, BA 30/94, 1994 recommends that the stress range in the 
plate should not exceed 150 N/mm2 at the serviceability limit state. Strengthening may 
be carried out using single plates of the required thickness, or multiple plates bonded in 
layers to give the required total thickness, the advantage in this case being that thinner 
plates are more flexible and follow the profile o f the surface more closely. However, the 
minimum plate thickness should not be less than 4.0 mm to avoid distortion during 
gritblasting. The adhesive may be applied by ‘buttering’ or by an injection process, and 
should have a minimum thickness of between 1.0 - 2.0 mm. Specifications for acceptable 
adhesives are given in BA 30/94, 1994, based on the compliance spectrum reported by 
Mays and Hutchinson, 1992. Tests on the flexural modulus of the bulk adhesive and 
double-lap shear tests using steel adherends should be used as a means o f quality control.
BA 30/94, 1994 recommends that the plate aspect ratio, b/t, should not be less than 50, 
based on the results presented by Macdonald, 1982, and Swamy et a l., 1987. This should 
ensure yielding of the plate rather than premature plate separation, whilst maintaining a 
significant stiffening effect and increase in strength. Johnson and Tait, 1981 
recommended that flexural strengthening on the tension face of members should extend 
over at least 80% of the span and should not extend into areas o f compression, since 
buckling may then occur. BA 30/94, 1994 states that, where this cannot be avoided, bolts 
should be provided at a spacing not exceeding 32t, where t is the plate thickness, or 300 
mm, whichever is the lesser. The plate must be extended beyond the point at which it is 
no longer theoretically required by an anchorage length, as in normal RC curtailment 
practice. Research in Switzerland (Ladner and Weder, 1981) has shown that the effective 
anchorage length la is inversely proportional to the b/t ratio. Therefore, as b/t increases 
(wide, thin plates), the anchorage length decreases.
The distribution of both shear and normal stress varies rapidly towards the plate ends, 
and the magnitude of the stress concentrations in these locations is difficult to predict. If 
the recommendations on plate geometry given above are followed, the use of plate end 
anchorage is not strictly necessary. However, it is generally safer to design an adequate 
anchorage based on adhesive bonding alone then provide secondary anchorage 
measures. It is recommended by Mays and Turnbull, 1992 that, in addition to the
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adhesive, bolts should be provided within a defined effective anchorage area to resist 
three times the ultimate limit state longitudinal shear stress. This is based on a semi- 
empirical approach using finite element analysis. The effective anchorage area is defined 
as the anchorage length la times the plate width b. This recommendation is also included 
in BA 30/94, 1994, where it is stated that la should not be less than 1.5 b for a b/t ratio of 
50, and for b/t greater than or equal to 60, la should not be less than 1 .2b. Such bolts will 
also be capable of resisting any normal stresses at the plate ends. Bolts may also be used 
to support the weight of the plate during cure of the adhesive, and to provide temporary 
support to the plate in the event o f debonding.
It may be necessary to form butt-joints between plate ends, in which case a bonded cover 
plate should be provided. Such joints should be kept to a minimum since they result in a 
change in section stiffness. Research suggests that the total overlap length for plates 
having the recommended b/t ratio of 60 should be at least 400 mm (Ladner and Weder, 
1981).
Following detailed design, the installation procedures commence, which include 
preparation of the bonding surfaces, adhesive mixing and placement, positioning of the 
external reinforcement and fixing during adhesive cure, and subsequent corrosion 
protection. The typical stages and techniques o f the plate bonding process using steel 
plates from a practical viewpoint are considered by, amongst others, Dennis, 1990; 
Haynes, 1993, and Shaw, 1993.
Appendix 2: Applications of steel plate bonding
Bridge strengthening applications
The first reported external plate strengthening application for bridge structures is by 
Bresson, 1972, who detailed the use o f bonded plates in a major strengthening scheme 
on the underpass CD 126 below the Autoroute du Sud running South from Paris. In the 
USSR, a 60-year old continuous-span RC bridge was repaired with bonded steel plates 
in 1974 (Klaiber et a l ,  1987). Of the original reinforcement, 25% had corroded away. 
Plates were bonded and bolted to both the underside of the beam and the deck surface 
above. The bridge remained open to traffic while being repaired. In Japan, at least 240 
bridges had been strengthened using steel plates by 1975 in response to a large increase 
in the intensity of heavy traffic (lino and Otokawa, 1981). This had risen to 2400 
reinforced and prestressed concrete highway structures by 1994. Several bridges on an 
elevated highway in Japan have also been strengthened with epoxy-bonded steel plates 
(Maeda et al., 1980). Many o f the slabs in these bridges were cracked, displayed 
excessive spalling or scaling, or had insufficient reinforcement.
Rybak, 1983 describes three steel plate strengthening schemes on RC road bridges in 
Poland. Luttinen et a l ,  1996 reports the use o f epoxy-bonded steel plates 4.0 mm thick 
in conjunction with overslabbing for the strengthening of three road bridges in Northern 
Finland. External plating was chosen as the repair technique since it was possible to 
maintain traffic flow on the main connecting road between North and South Finland 
using this method. The use of epoxy-bonded steel plates for the reduction of fatigue 
stresses in the prestressing tendons of continuous post-tensioned concrete bridges is 
discussed by Ranisch and Rostasy, 1982 and 1986. Such a technique has proven to be 
efficient and economical in Germany where it was first applied in Dortmund in 1981. 
There are other reported applications of epoxy-bonded steel plates to concrete girders 
throughout the world (Klaiber et a l ,  1987; Leadbeater and Russell, 1988; Wyett, 1990); 
they all attest to the effectiveness o f this technique for retro-fitting existing structures.
The first major application to bridges in the UK was in 1975 when a group of four RC 
bridges at the interchange between the M5 and the A456 at Quinton, Worcestershire was 
strengthened to meet serviceability requirements for increased traffic loads. The scheme 
implemented at Quinton, the details of which are given by Raithby, 1980 and 1982; 
Dussek, 1980, and Mander, 1981, followed the discovery of cracks in the soffits during 
routine inspection of the bridges (New Civil Engineer, 1973). An external steel plate 
strengthening scheme was accepted and implemented using 1400 epoxy-bonded steel 
plates 254 mm wide, 6.5 mm thick in lengths o f up to 3600 mm. The work, which took
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about six months, was carried out in the summer of 1975, during which time the bridges 
remained open to traffic since no convenient diversionary routes were available. Full- 
scale loading tests demonstrated that the addition of steel plates caused the flexural 
stiffness to be increased by 1 1 %, and the opening of existing cracks under load to be 
reduced by 35 - 40%. A recent detailed inspection, which is reported by Hutchinson, 
1996, found that, despite limited corrosion on some of the plates, the adhesion between 
the concrete and the adhesives used was satisfactory. Corrosion had occurred in areas 
exposed to chloride contaminated water from leaking joints (BA 30/94, 1994).
Two defective RC bridges were repaired at the M25/M20 interchange at Swanley in Kent 
in 1977 as a result of a lack of longitudinal reinforcement (Sommerard, 1977; BA 30/94, 
1994). Steel plates 6 mm thick, 250 mm wide and up to 6 m long were epoxy-bonded in 
up to three layers to both the soffit of the side spans and the top surface o f the continuous 
deck over the intermediate supports. The structures were closed to traffic during the 
duration of the strengthening operation. Loading tests were carried out before re-opening 
the bridge to traffic. Various combinations of 22, 24 and 30 tonne lorries were used to 
generate the maximum moments at plated sections. Measured deflections were slightly 
less than those predicted theoretically.
Two further bridges, the Brinsworth road bridge on the Ml near Rotherham, South 
Yorkshire (New Civil Engineer, 1983; Davies and Powell, 1984) and Pen-y-bont, Powys 
on the A4120, both constructed from precast, prestressed concrete beam units, have been 
strengthened transversely using steel plates. The Brinsworth road bridge required 
strengthening to support an abnormal load. A particular feature of this application was a 
25 mm step between beams due to the crossfall o f the deck, which meant a varying 
bondline thickness. This, and also the strain from traffic loading during adhesive cure, 
appeared to have no adverse effects on the system.
Brandon Creek Bridge on the A10 in Norfolk was strengthened in 1986. Additional 
transverse reinforcement was installed in the top of the cantilever slab, associated with 
parapet and edge beam upgrading. Duckes Marsh Bridge, Exeter, constructed in about 
1910, has recently been strengthened to carry group 1 fire engines up to 16.26 tonnes 
gross weight. Mild steel plates, 200 x 5 mm were bonded to beam soffits and on top of 
the edge beams over the continuous intermediate supports. A detailed account of the use 
of externally bonded steel plates to strengthen Bolney Flyover in West Sussex is given 
by Henwood and O'Connell, 1993. Steel plates 6.0 mm thick by 360 mm wide, in lengths 
up to 6 m and in two layers were used for this scheme. The design o f the system was 
based on the Department o f Transport's Draft Advice Note 30/89, which has since been 
superseded by Advice Note BA 30/94, 1994. The single span RC Stainsby-Teversal road 
bridge on the M l was strengthened longitudinally with 10 mm thick steel plates in 1986
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A recent example of a bridge strengthening scheme in this country is the upgrading of a 
pedestrian bridge on the M2 in Kent. After design checks revealed that there was 
insufficient steel in the deck and an inspection showed that there were transverse cracks 
in the soffit, longitudinal steel plates were applied to the soffit at each end of the bridge 
to provide the extra strength required. In 1987, an access ramp and bridge were 
strengthened at Felixstowe docks to accommodate the increased axle loading now 
required by EEC regulations. Other highway applications have included the 
strengthening of concrete abutments to several farm track and pedestrian underpasses.
Until recently the method has been applied solely to concrete structures, but in 1991 the 
first cast iron bridge was strengthened in this manner at Bures in Suffolk (New Civil 
Engineer, 1991). Bridge applications in the UK are still relatively rare, although 
guidance in the form of the Department of Transport’s Advice Note BA 30/94, 1994 
should aid implementation of the technique.
Building strengthening applications
One of the first applications of the plate bonding technique in France was a concrete 
crane gantry at Airvault (L'Hermite, 1977), for which the required carrying capacity had 
to be doubled. The technique was also used to repair and strengthen a series of 
prestressed concrete elements of double T-section where the plates were glued to the 
sides of the element (Bresson, 1971a). The capacities o f solid slab floors in two 
telephone exchanges in Zurich were raised by steel plate bonding to accommodate new 
switching equipment (Hugenschmidt, 1975; Ladner, 1978). Other examples include the 
strengthening of the roof structure of the Central Railway Station in Warsaw and as part 
of a structural repair process following blast damage within an apartment of a twenty six- 
storey building in Brussels. In Japan, 64 non-highway structures had been strengthened 
by steel plate bonding by 1994. The only known North American application o f the 
technique involves a University building in Canada, where floor slabs were reinforced in 
bending to accommodate an increase in loading. Van Gemert, 1981 reports the use of 
epoxy-bonded steel plates in Belgium for reinforcing a balcony in an apartment building 
as a result of poor quality concrete and excessive deflection, and for a reinforced 
concrete slab in a garage building strengthened after fire damage.
Many of the more recent applications o f steel plate bonding in the UK have been within 
building structures rather than bridges, a typical example being that described by 
Midwinter, 1991. Since 1983 there have been, on average, one or two applications o f 
bonded plating to buildings per year in the UK (Mays and Hutchinson, 1992), although 
more recently there has been a notable expansion of interest by clients, consultants and 
contractors alike (Mays and Turnbull, 1992). The floor beams of a North London office
(BA 30/94, 1994). Resin injection was used after positioning of the external plates.
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building were strengthened in 1978 using epoxy-bonded steel plates 4.0 - 6.0 mm thick 
to allow for increased floor loadings following a change in use (Parkinson, 1978). This 
application was claimed to be the first in the UK where a building was successfully 
strengthened using external steel reinforcement. The sides o f RC beams were 
strengthened and bolts were used at each end of the plate to prevent failure in the event 
of a fire.
Following a fire in a single-storey school building in Glasgow, prestressed concrete roof 
beams were strengthened using flexural plates, assuming zero residual prestress. Also in 
Glasgow, concrete roof beams in a distillery were strengthened in flexure following 
removal of internal supporting walls during reconstruction. Cracking in a West Midlands 
Police car park soon after construction as a result of a deficiency in conventional 
reinforcement was overcome through the use of additional bonded plate reinforcement to 
control further cracking under live load. An 1 1 m span, 2 m deep RC beam at a shop in 
Bootle was strengthened to provide a 10% increase in ultimate moment capacity.
Epoxy-bonded steel plates have been used to provide additional tensile and shear 
capacity to the upper surfaces of floor slabs at their junctions with supporting columns in 
Leeds (Barrett, 1985). Steel plates 5.0 mm thick and up to 3 m long were used. A 
subsequent load test on the floor verified the success of the technique.
Steel plate bonding is now a method which is considered as one of a number of 
alternatives whenever a structure or element therein requires to be strengthened. These 
examples illustrate the range and type of applications which are likely to benefit from 
steel plate bonding. Of the practical applications in the UK, those using mild steel plates 
are performing satisfactorily and the required extra strength has been achieved (Mander, 
1974).
References
• Abassi, M.S.A., Baluch, M.H., Azad, A.K. and Abdel Rahman, H.H. (1992) 
Nonlinear Finite Element Modelling of Failure Modes in RC Slabs, Computers and 
Structures, Vol.42, No.5, pp.815-823, 1992.
• Aboudi, J. (1990) Micromechanical Characterisation of the Nonlinear Viscoelastic 
Behaviour of Resin Matrix Composites, Composites Science and Technology, Vol.38, 
pp.371-386, 1990.
• ACI (1973) Use of Epoxy Compounds with Concrete, ACI Committee 503, ACI, 
Detroit, 1973.
• ACI (1982) Prediction of Creep, Shrinkage and Temperature Effects in Concrete 
Structures, ACI Committee 209, ACI, Detroit, 1982.
• ACI (1990) External Prestressing of Bridges, (eds. A. Naaman and J. Breen), ACI 
SP-120, ACI, Detroit.
• ACI (1992) Guide for the Selection of Polymer Adhesives with Concrete, ACI 
Committee 503, ACI Materials J., Vol.89, No.l, pp.90-105,1992,
• Adams, R.D. and Peppiatt, N.A. (1974) Stress Analysis of Adhesive Bonded Lap 
Joints, J. Strain Analysis, Vol.9, No.3, pp.185-196, 1974.
• Adams, R.D. and Wake, W.C. (1984) Structural Adhesive Joints in Engineering, 
Elsevier Applied Science Publishers, London.
• Adams, R.D., Atkins, R.W., Harris J.A. and Kinloch, A.J. (1986) J. Adhesion, Vol.20, 
p.29.
• Agrawal, A.B., Jaeger, L.G. and Mufti, A.A. (1976) Crack Propagation and Plasticity 
of Reinforced Concrete Shear-Wall Under Monotonic and Cyclic Loading, Proc. Conf. 
Finite Element Methods in Engineering, University of Adelaide, Adelaide, Dec. 1976.
• Aldonis, J.J. and MacKnight, W.J. (1983) in Introduction to Polymer Viscoelasticity, 
2nd edition, Wiley, New York, pp.36-56.
• Albrecht, P., Mecklenburg, M.F. and Evans, B.M. (1985) Interim Report FHWA/RD, 
Federal Highway Administration, Contract DTFH61-84-R-0027, Washington DC, USA, 
Feb. 1985.
• Allen, R.T.L. and Edwards, S.G. (1987) The Repair of Concrete Structures, Blackie 
and Son Publishers, London, p.118.
• Allen, K.W. and Shanahan, M. (1975) The Creep Behaviour of Structural Adhesive 
Joints I, J. Adhesion, Vol.7, pp. 161-174, 1975.
• Allen, K.W. and Shanahan, M. (1976) The Creep Behaviour of Structural Adhesive 
Joints II, J. Adhesion, Vol.8 , pp.43-56, 1976.
• Allman, D.J. (1977) A Theory for Elastic Stresses in Adhesive Bonded Lap Joints, 
Quarterly J. Mechanics and Applied Mathematics, Vol.30, Pt.4, pp.415-436, 1977.
• Allwood, RJ. and Bajarwan, A.A. (1989) A New Method for Modelling 
Reinforcement and Bond in Finite Element Analyses of Reinforced Concrete, Int. J. 
Numerical Methods in Engineering, Vol.28, pp.833-844, 1989.
422
• Al-Mahaidi, R.S.H. and Nilson, A.H. (1979) Non-Linear Finite Element Analysis of 
Reinforced Concrete Deep Members, Report No. 79-1, Dept, of Structural Engineering, 
Cornell University, New York, Jan. 1979.
• Al-Sulaimani, G.J., Al-Mandil, M.Y., Basunbul, I.A. and Kaleemullah, M. (1989) 
Effect of Epoxy Coating of Reinforcing Bars on their Bond Behavior with Surrounding 
Concrete, Proc. 3rd Int. Conf. Deterioration and Repair of Concrete Structures in The 
Arabian Gulf, Bahrain Society of Engineers, Bahrain, Oct. 1989, pp.369-380.
• Al-Sulaimani, G.J., Sharif, A., Basunbul, I.A., Baluch, M.H. and Ghaleb, B.N. (1994) 
Shear Repair for Reinforced Concrete by Fiberglass Plate Bonding, ACI Structural J., 
Vol.91, No.4, pp.458-464, July/Aug. 1994.
• An, W., Saadatmanesh, H. and Ehsani, M.R. (1991) RC Beams Strengthened with 
FRP Plates. II: Analysis and Parametric Study, J. Structural Engineering, Vol. 117, 
No. 11, pp.3434-3455, Nov. 1991.
• Althof, W.J. (1971) Deutsche Luft- und Raumfahrt, DLR FB. 71-31, 1971.
• Althof, W.J. (1981) in Adhesion 5, (ed. K.W. Allen), Applied Science Publishers, 
London, Chapter 2.
• Althof, W.J. and Brockmann, W, (1977) New Test Methods for the Prediction of 
Environmental Resistance of Adhesive Bonded Joints, Adhesives Age, pp.27-30, Sept. 
1977.
• Althof, W.J., Klinger, G., Newmann, G. and Schlothauer, J. (1979) Royal Aircraft 
Establishment, Library Translation 1999, Farnborough, UK, Jan. 1979.
• Anandarajah, A. and Vardy, A.E. (1985) A Theoretical Investigation of the Failure of 
Open Sandwich Beams due to Interfacial Shear Fracture, The Structural Engineer, 
Vol.63B, No.4, pp.85-92, Dec. 1985.
• Anderson, G.P., Bennett, S.J. and DeVries, K.L. (1977) Analysis and Testing of 
Adhesive Bonds, Academic Press, New York.
• Antoon, M.K. and Koenig, J.L. (1980) J. Macromolecular Science - Reviews of 
Macromolecular Chemistry, Vol. 19, N o.l, p. 135, 1980.
• Aoyama, H. and Noguchi, H. (1979) Mechanical Properties of Steel and Concrete 
Under Load Cycles Idealizing Seismic Actions, Proc. 25th IABSE-CEB Symp., Rome, 
1979.
• Arduini, M., D-Ambrisi, A. and Di Tommaso, A. (1994) Shear Failure of Concrete 
Beams Reinforced with FRP Plates, in Infrastructure: New Materials and Methods of 
Repair, (ed. K. Bashan), Proc. 3rd Materials Engineering Conf, ASCE, San Diego, 13- 
16th Nov. 1994, pp.123-130.
• Arduini, M., Di Tommaso, A. and Manfroni, O. (1995) Fracture Mechanisms of 
Concrete Beams Bonded with Composite Plates, in Non-Metallic (FRP) Reinforcement 
for Concrete Structures, (ed. L. Taerwe), E & FN Spon, London, pp.483-491.
• Argyris, J.H., Faust, G., Szimmat, J., Warnke, E.P. and Wiliam, K.J. (1974) Recent 
Developments in the Finite Element Analysis of Prestressed Concrete Reactor Vessels, 
Nuclear Engineering and Design, Vol.28, 1974.
423
• Arockiasamy, M., Sowrirajan, R., Shahawy, M. and Beitelman, T.E. (1995) Repair of 
Damaged Pretensioned Solid Slab Using CFRP Laminates, in Non-Metallic (FRP) 
Reinforcement for Concrete Structures, (ed. L. Taerwe), E & FN Spon, London, pp.492- 
500.
• ASCE (1982) State-of-the-Art Report on Finite Element Analysis of Reinforced 
Concrete, ASCE, New York.
• ASCE-ACI (1973) ASCE-ACI Task Committee 426: The Shear Strength of 
Reinforced Concrete Members, J. Struc. Div. ASCE, Vol.99, N0 .ST6 , pp. 1091-1187, 
June 1973.
• BA 30/94 (1994) Strengthening of Concrete Highway Structures Using Externally 
Bonded Plates, Department of Transport Advice Note BA 30/94.
• Baker, T.C. and Preston, F.W. (1946) J. Applied Physics, Vol. 17, p. 170.
• Balakrishnan, S. and Iyengar, K. (1988) Elasto-Plastic Cracking Analysis of 
Reinforced Concrete, J. Structural Engineering, Vol. 114, No. 11, pp.2421-2438, Nov. 
1988.
• Balakrishnan, S., Elwi, A.E. and Murray, D.W. (1988) Effect of Modelling on NLFE 
Analysis of Concrete Structures, J. Structural Engineering, Vol. 114, No.7, pp. 1467- 
1487, M y 1988.
• Ballinger, C.A. (1991) Development of Composites for Civil Engineering, in 
Advanced Composite Materials in Civil Engineering Structures, ASCE, Las Vegas, 
Nevada, pp.228-301.
• Ballinger, C.A. (1992) Development of Fiber-Reinforced Plastic Products for the 
Construction Market - How has and can it be done?, in Advanced Composite Materials in 
Bridges and Structures, (eds. K.W. Neale and P. Labossiere), Proc. 1st Int. Conf. ACMBS, 
Canadian Society for Civil Engineering, Sherbrooke, Quebec, Oct. 1992, pp.3-13.
• Ballinger, C.A., Maeda, T. and Hoshijima, T. (1993) Strengthening of Reinforced 
Concrete Chimneys, Columns and Beams with Carbon Fiber Reinforced Plastics, ACI 
Special Publications, Vol.138, p.233, 1993.
• Baluch, M.H., Ziraba, Y.N., Azad, A.K., Sharif, A.M., Al-Sulaimani, G.J. and 
Basunbul, I.A. (1995) Shear Strength of Plated Reinforced Concrete Beams, Mag. 
Concrete Research, Vol.47, No. 173, pp.369-374, Dec. 1995.
• Bank, L.C. (1992) Questioning Composites, Civil Engineering, Vol.63, N o.l, pp.64- 
65, 1992.
• Bank, L.C., Gentry, T.R. and Barkatt, A. (1995) Accelerated Test Methods to 
Determine the Long-Term Behavior of FRP Composite Structures: Environmental 
Effects, J. Reinforced Plastics and Composites, Vol. 14, N0.6 , p.559, June 1995.
• Barnes, R.A. (1989) The Creep Performance of Adhesive Bonded Joints for Civil 
Engineering, MPhil Thesis, Cranfield Institute of Technology, Royal Military College of 
Science, Aug. 1989.
• Barrett, N. (1985) Plates Steel Leeds Floor, New Civil Engineer, p. 18, 20th June 1985.
424
• Base, G.D., Read, J.B., Beeby, A.W. and Taylor, H.RJ. (1966) An Investigation of the 
Crack Control Characteristics of Various Types of Bar in Reinforced Concrete Beams, 
Research Report No. 18, Part I, Cement and Concrete Association, London, Dec. 1966, 
p.44.
• Basunbul, I.A., Gubati, A.A., Al-Sulaimani, G.J. and Baluch, M.H. (1990) Repaired 
Reinforced Concrete Beams, ACI Materials J’., Vol.87, No.4, pp.348-354, July/Aug. 
1990.
• Bazant, Z.R (1978) Endochronic Inelasticity and Incremental Plasticity, Int. J. Solids 
and Structures, Vol.14, pp.691-714, 1978.
• Bazant, Z.P. (1986) Mechanics of Distributed Cracking, Appl. Mech. Rev., Vol.39, 
No.5, pp.675-705, May 1986.
• Bazant, Z.P. and Cedolin, L. (1980) Fracture Mechanics in Reinforced Concrete, J. 
Eng. Mech Div. ASCE, Vol. 106, N0 .EM6 , Dec. 1980.
• Bazant, Z.P. and Kim, S.S. (1979) Plastic-Fracturing Theory for Concrete, J. Eng.
Mech. Div. ASCE, Vol. 105, pp.407-428, June 1979, with errata in Vol. 106.
• Bazant, Z.P. and Oh, B.H. (1983) Crack Band Theory for Fracture of Concrete,
Materials and Structures, Vol. 16, pp. 155-176, 1983.
• Bazant, Z.P. et al. (1982) Constitutive Relations and Failure Theories, in State-of-the- 
Art Report on Finite Element Analysis of Reinforced Concrete, ASCE, New York, pp.34- 
148.
• Bedard, C. and Kotsovos, M.D. (1985) Application of NLFEA to Concrete Structures, 
J. Struc. Div. ASCE, V ol.lll, No.ST12, 1985.
• Beeby, A.W. (1971a) The Prediction and Control of Flexural Cracking in Reinforced 
Concrete Members, Proc. ACI Symp. Cracking, Deflection and Ultimate Load of 
Concrete Slab Systems, American Concrete Institute, Detroit, 1971, pp.55-75.
• Beeby, A.W. (1971b) Modified Proposals for Controlling Deflections by Means of 
Ratios of Span to Effective Depth, Cement and Concrete Association, Slough, 1971.
• Beeby, A.W. (1972) A Study of Cracking in Reinforced Concrete Members Subjected 
to Pure Tension, Technical Report No.42, Cement and Concrete Association , p.24.
• Berg, S., Bergan, P.G. and Holand, I. (1973) Nonlinear Finite Element Analysis of 
Reinforced Concrete Plates, Pap.M3/5, Proc. 2nd Int. Conf. Struc. Mech. Reactor 
Technol., Berlin, 1973.
• Bergan, P.G. and Holand, I. (1979) Nonlinear Finite Element Analysis of Concrete 
Structures, Comput. Methods Appl. Mech. Eng., Vol. 17/18, pp.443-467, 1979.
• Berger and Dean (1977) Preparing and Painting Vertical Concrete Surfaces, Proc. 
Symp. Evaluation of Performance of External Vertical Surfaces of Buildings, Ontaniemi, 
Finland, pp.32-51.
• Berset, J.D. (1992) Strengthening of Reinforced Concrete Structures for Shear Using 
Composite Materials, MSc Thesis, Massachusetts Institute of Technology, Cambridge 
Massachusetts, 1992.
• Bresler, B. and Bertero, V.V. (1968) Behavior of Reinforced Concrete Under 
Repeated Load, J. Struc. Div. ASCE, Vol.94, N0.ST6, pp.1567-1590, June 1968.
425
• Bresson, J. (1971a) Realisation Pratique d’un Reinforcement par Collage 
d’ Armatures, Annales de ITTBTP, Suppl. 278, pp.50-52, Feb. 1971.
• Bresson, J. (1971b) Nouvelles Recherches et Applications Concernant l’Utilisation 
des Collages dans les Structures, Beton Plaque, Annales de ITTBTP Serie Beton, Beton 
Arme, Suppl. 278, pp.23-54.
• Bresson, J. (1972) Reinforcement par Collage d’Armatures du Passage Inferieur du 
CD 126 Sous PAutoroute du Sud, Annales de ITTBTP, Suppl. 297, Sept. 1972, pp.3-24.
• Brewis, D.M., Comyn, J. and Shalash, R.J.A. (1982) The Effect of Moisture and 
Temperature on the Properties of an Epoxide-Polyamide Adhesive in Relation to its 
Performance in Single Lap Joints, Int. J. Adhesion and Adhesives, Vol.2, No.4, pp.215- 
222,1982.
• Brinson, H.F. (1982) Composites, Vol. 13, p.377.
• Brinson, H.F., Herakovich, C.T. and Renieri, M.P. (1975) Rate and Time Dependent 
Failure of Structural Adhesives, in Fracture Mechanics of Composites, ASTM STP-617, 
ASTM, Philadelphia, pp. 177-179.
• Brockmann, W. (1983) in Aspects of Polymeric Coatings, (ed. K.L. Mittal), Plenum 
Press, New York, p.265.
• Brockmann, W. (1986) The Importance of Surface Pretreatment Prior to Bonding, 
Paper C176, Proc. Int. Conf. Structural Adhesives in Engineering, Institute of 
Mechanical Engineers, Bristol University, July 1986, pp. 61-70.
• Broms, B.B. (1965) Stress Distribution in Reinforced Concrete Members with 
Tension Cracks, ACI J., Vol.62, No.9, pp. 1095-1108, Sept. 1965.
• Brooks, J.J. and Neville, A.M. (1978) Predicting Long-Term Creep and Shrinkage 
from Short-Term Tests, Mag. Concrete Research, Vol.30, No.103, pp.51-61, June 1978.
• BS 1881 (various years) Testing Concrete, British Standards Institution, London.
• BS 2782 (1970) Methods of Testing Plastics, British Standards Institution, London.
• BS 6319 (1983) Testing of Resin Compositions for Use in Construction, British 
Standards Institution, London.
• BS 5400 (1990) Steel, Concrete and Composite Bridges, Part 4, British Standards 
Institution, London.
• BS 8110 (1985) Structural Use of Concrete, British Standards Institution, London.
• Building Research Establishment (1977) Durability and Application of Plastics, BRE 
Digest 69, Building Research Establishment, Garston, UK.
• Bungey, J.H. (1989) The Testing of Concrete in Structures, 2nd edition, Surrey 
University Press, London.
• Burkhardt, P. et al. (1975) Experiences sur les Poutres Mixtes en Acier-Beton Liees a 
1’Aide d’Adhesifs Epoxydes, Materials and Structures, pp.261-278, 1975.
• Butt, R.I. and Cotter, J.L. (1976) J. Adhesion, Vol.8, p. 11, 1976.
- Buyokozturk, O. (1977) Nonlinear Analysis of Reinforced Concrete Structures, 
Computers and Structures, Vol.7, pp. 149-156, 1977.
426
• Buyokozturk, O. and Shareef, S.S. (1985) Constitutive Modelling of Concrete in 
Finite Element Analysis, Computers and Structures, Vol.21, pp.581-610, 1985.
• Calder, A.JJ. (1979) Exposure Tests on Externally Reinforced Concrete Beams - First 
Two Years, Supplementary Report 529, Transport and Road Research Laboratory, 
Crowthorne, UK.
• Calder, A.JJ. (1988) Exposure Tests on Externally Reinforced Concrete Beams - 
Performance After Ten Years, Research Report 129, Transport and Road Research 
Laboratory, Crowthorne, UK.
• Calder, A.J.J. (1989) Exposure Tests on 3.5 m Externally Reinforced Concrete Beams 
- the First Eight Years, Research Report 191, Transport and Road Research Laboratory, 
Crowthorne, UK.
• CEB (1982) Design Manual on Cracking and Deformations, Bull d’lnfo., VoL158-E, 
1985.
• CEB (1983) Application of the Finite-Element-Method to Two-Dimensional 
Reinforced Concrete Structures, Bull d’lnfo., Vol.159, 1983.
• CEB-FIP (1978) Model Code for Concrete Structures, (English edition), Cement and 
Concrete Association, Slough.
• Cedolin, L. et al. (1982) Concrete Cracking, in State-of-the-Art Report on Finite 
Element Analysis of Reinforced Concrete, ASCE, New York, pp.204-233.
• Cedolin, L. and Dei Poli, S. (1977) Finite Element Studies of Shear Critical 
Reinforced Concrete Beams, J. Eng. Mech. Div. ASCE, Vol. 103, No.EM3, June 1977.
• Cervenka, V. and Gerstle, K.H. (1971) Inelastic Analysis of Reinforced Concrete 
Panels, Proc. Int. Assoc. Bridge Struct. Eng., Vol.31-II, pp.31-45, 1971.
• Cessna jnr., L.C. (1971) Stress-Time Superposition for Creep Data for Polypropylene 
and Coupled Glass Reinforced Polypropylene, Polymer Engineering Science, Vol. 13, 
pp.211-219, May 1971.
• Chajes, M.J., Thomson, T.A. and Farschman, C.A. (1995b) Durability of Concrete 
Beams Externally Reinforced with Composite Fabrics, Construction and Building 
Materials, Vol.9, No.3, pp. 141-148, June 1995.
• Chajes, M.J., Thomson, T.A. and Tarantino, B. (1995a) Reinforcement of Concrete 
Structures Using Externally Bonded Composite Materials, in Non-Metallic (FRP) 
Reinforcement for Concrete Structures, (ed. L. Taerwe), E & FN Spon, London, pp.501- 
508.
• Chajes, M.J., Finch, W.W., Januszka, T.F. and Thomson, T.A. (1996) Bond and Force 
Transfer of Composite Material Plates Bonded to Concrete, ACI Structural J., Vol.93, 
No.2, pp.208-217, March/April 1996.
• Chajes, M.J., Thomson, T.A., Finch, W.W. and Januszka, T.F. (1994) Flexural 
Strengthening of Concrete Beams Using Externally Bonded Composite Materials, 
Construction and Building Materials, Vol.8, No.3, pp.191-201, 1994.
• Chajes, M.J., Januszka, T.F., Mertz, D.R., Thomson, T.A. and Finch, W.W. (1995c) 
Shear Strengthening of Reinforced Concrete Beams Using Externally Applied 
Composite Fabrics, ACI Structural J., Vol.92, No.3, pp.295-303, May/June 1995.
• Chajes, M.J., Karbhari, V.M., Mertz, D.R., Kaliakin, V.N. and Faqiri, A. (1993) 
Rehabilitation of Cracked Adjacent Concrete Box-Beam Bridges, Proc. Symp. Practical 
Solutions for Bridge Strengthening and Rehabilitation, NSF, Des Moines, Iowa, 1993, 
pp.265-274.
• Charif, A. (1983) Structural Behaviour of Reinforced Concrete Beams Strengthened 
by Epoxy-Bonded Steel Plates, PhD Thesis, University of Sheffield.
• Charles, R.J. (1958) Static Fatigue of Glass, J. Applied Physics, Vol.29, No. 11, 
pp.1549-1561, Nov. 1958.
• Cheever, G.D. (1968) in Interface Conversion for Polymer Coatings, (eds. P. Weiss 
and G.D. Cheever), Elsevier Applied Science Publishers, London, p. 152.
• Chen, A.C.T. and Chen, W.F. (1975) Constitutive Relations for Concrete, J. Eng. 
Mech. Div. ASCE, Vol.101, No.EM4, pp.465-481, Aug. 1975.
• Chen, W.F. (1982) Plasticity in Reinforced Concrete, McGraw-Hill, New York.
• Chen, W.F. and Saleeb, A.F. (1981) Constitutive Equations for Engineering 
Materials, Vol.l: Elasticity and Modelling, 1981, Vol.2: Plasticity and Modelling, 1982, 
John Wiley and Sons, New York.
• Chen, W.F. and Ting, E.C. (1980) Constitutive Models for Concrete Structures, J. 
Eng. Mech. Div. ASCE, Vol.106, No.EMl, Proc. Pap. 15177, pp.1-19, Feb. 1980.
• Chen, W.F., Suzuki, H. and Chang, T.Y. (1980) Nonlinear Analysis of Concrete 
Cylinder Structures Under Hydrostatic Loading, Computers and Structures, Vol. 12, 
pp.559-570, 1980.
• Cheng, Y.M. (1995) Finite Element Modelling of Reinforced Concrete Structures 
with Laboratory Verification, Structural Engineering and Mechanics, Vol.3, No.6 , 
pp.593-609, Nov. 1995.
• Choi, C.K. and Kwak, H.G. (1990) The Effect of Finite Element Mesh Size in 
Nonlinear Analysis of Reinforced Concrete Structures, Computers and Structures, 
Vol.36, No.5, pp.807-815, 1990.
• Cohn, M.Z. (1973) Inelasticity and Non-Linearity in Structural Concrete, Proc. 
Symp., University of Waterloo, Jan./June 1972, University of Waterloo Press, Ontario.
• Collings, T.A. (1987) Experimentally Determined Strength of Mechanically Fastened 
Joints, in Joining Fibre-Reinforced Plastics, (ed. F.L. Matthews), Elsevier Applied 
Science Publishers, London, pp.9-64.
• Comyn, J. (1981) in Developments in Adhesives - 2, (ed. A.J. Kinloch), Applied 
Science Publishers, London, Chapter 8.
• Comyn, J. (1983) in Durability of Structural Adhesives, (ed. A.J. Kinloch), Applied 
Science Publishers, London, Chapter 3.
• The Concrete Society (1984) Technical Report 26.
• Cooper, J.D. (1990) A New Era in Bridge Engineering Research, Proc. 2nd Workshop 
Bridge Engineering Research in Progress, NSF, Reno, Nevada, pp.5-10.
• Cornell, R.W. (1953) Determination of Stresses in Cemented Lap Joints, Trans. 
ASME, J. Applied Mechanics, Vol.20, pp.355-364, 1953.
428
• Cosenza, E. (1990) Finite Element Analysis of Reinforced Concrete Elements in 
Cracked State, Computers and Structures, Vol.36, No.l, pp.71-79, 1990.
• Crane, F. (1984) Selection and Use of Engineering Materials, Butterworths, London.
• Crane, L.W., Hammermesh, C.L. and Maus, L. (1976) Surface Treatment of Cured 
Epoxy Graphite Composites to Improve Adhesive Bonding, SAMPE J., Vol. 12, No.2, 
pp.6-9, 1976.
• Crisfield, M.A. (1979) A Faster Modified Newton-Raphson Iteration, Computer 
Methods in Applied Mechanics and Engineering, Vol.20, pp.267-278, 1979.
• Crisfield, M.A. (1981) A Fast Incremental/Iterative Solution Procedure that Handles 
Snap Through, Computers and Structures, Vol.13, pp.55-62, 1981.
• Crisfield, M.A. (1982) Variable Step-Lengths for Nonlinear Structural Analysis, 
Laboratory Report 1049, Transport and Road Research Laboratory, Crowthorne, UK.
• Crisfield, M.A. (1983) An Arc-Length Method Including Line Searches and 
Accelerations, Int. J. Numerical Methods in Engineering, Vol.19, p.1269, 1983.
• Crisfield, M.A. (1984) Difficulties with Current Numerical Models for Reinforced- 
Concrete and Some Tentative Solutions, in Computer Aided Analysis and Design of 
Concrete Structures, (ed. F. Damjanic), Pineridge Press Ltd., Swansea, Pt.2, pp.331-358.
• Crisfield, M.A. (1985) New Solution Procedures for Linear and Nonlinear Finite 
Element Analysis, in The Mathematics of Finite Elements and Applications V, Academic 
Press, London.
• Crisfield, M.A. (1986) Snap-Through and Snap-Back Response in Concrete 
Structures and the Dangers of Under-Integration, Int. J. Numerical Methods in 
Engineering, Vol.22, pp.751-767, 1986.
• Crocombe, A.D. and Adams, R.D. (1981) Peel Analysis Using the Finite Element 
Method, J. Adhesion, Vol. 12, No.2, pp. 127-139, 1981.
• Crossman, F.W. and Flaggs, D.L. (1978) Lockheed Missiles and Space Center, Report 
No.D633086.
• Crowder, J.R. and Howard, C.M. (1990) End Use Performance and Time-Dependent 
Characteristics, in Polymers and Polymer Composites in Construction, (ed. L. 
Hollaway), Thomas Telford Ltd., London, pp. 139-165.
• Cusens, A.R. and Smith, D.W. (1980) A Study of Epoxy Resin Adhesive Joints in 
Shear, The Structural Engineer, Vol.58a, N o.l, pp.13-18, Jan. 1980.
• Darwin, D. and Pecknold, D.A. (1977) Nonlinear Biaxial Stress-Strain Law for 
Concrete, J. Eng. Mech. Div. ASCE, Vol.103, No.EM2, Proc. Pap.12839, pp.229-241, 
April 1977.
• Davies, B.L. and Powell, J. (1984) Strengthening of Brinsworth Road Bridge, 
Rotherham, IABSE 12th Cong., Vancouver, Sept. 1984, pp.401-407.
• Davies, P., Courty, C., Xanthopoulous, N. and Mathieu, H.J. (1991) Surface 
Treatment for Adhesive Bonding of Carbon Fibre-Poly(etherether Ketone) Composites, 
J. Materials Science Letters, Vol. 10, No.6, pp.335-338, 1991.
429
• Dean, G.D., Duncan, B.C., Adams, R., Thomas, R. and Vaughn, L. (1996) 
Comparison of Bulk and Joint Specimen Tests for Determining the Shear Properties of 
Adhesives, MTS Adhesives Project 1, Report No. 9, The Performance of Adhesive Joints, 
April 1996.
• Deblois, M., Picard, A. and Beaulieu, D. (1992) Renforcement de Poutres en Beton 
Arme a L’Aide de Materiaux Composites: Etudes Theoretique et Experimentale, in 
Advanced Composite Materials in Bridges and Structures, (eds. K.W. Neale and P. 
Labossiere), Proc. 1st Int. Conf. ACMBS, Canadian Society for Civil Engineering, 
Sherbrooke, Quebec, Oct. 1992, pp.265-275.
• Dennis, P. (1990) Plate Bonding: Techniques and Practical Applications, Proc. Int. 
Sem. Strengthening by the Plate Bonding Technique, University of Sheffield, 1990.
• Deuring, M. (1993) Verstarken von Stahlbeton mit Gespannten 
Faserverbundwerkstoffen, (Poststrengthening of Concrete Structures with Prestressed 
Advanced Composites), EMPA Research Report No. 224, EMPA, Dubendoif, CH-8600, 
Dubendorf, Switzerland, (in German).
• Deuring, M. (1994) Brandversuche an Nachtraglich Verstarkten Tragem aus Beton, 
EMPA Report No. 148795, EMPA, Dubendorf, CH-8600, Dubendorf, Switzerland, (in 
German).
• Dharmarajan, N., Jumar, S. and Armediades, C.D. (1987) A Constitutive Equation for 
Creep in Polymer Concretes and their Resin Binders, in The Production, Performance 
and Potential of Polymers in Concrete, (ed. B.W. Staynes), Proc. Int. Conf. Polymers in 
Concrete, Brighton, Sept. 1987.
• Diamond, S. (1985) A Summary and Retrospective of the Symposium on Durability 
of GRC, Proc. Symp. Durability of Glass Fiber Reinforced Concrete, (ed. S. Diamond), 
PCI, Nov. 1985, pp.352-356.
• Dillard, J.G. (1990) Surface Preparation of Composites (for Adhesive Bonding), in 
Engineered Materials Handbook, Volume 3: Adhesives and Sealants, ASM International, 
Ohio, USA, pp.281-297.
• Dillard, D.A. and Brinson, H.F. (1983) A Numerical Procedure for Predicting Creep 
and Delayed Failures in Laminated Composites, in Long-Term Behaviour of Composites, 
ASTM Special Technical Publication 813, (ed. T.K. O’Brien), Philadelphia, pp.23-37.
• Dillard, D.A., Morris, D.H. and Brinson, H.F. (1982) Predicting Viscoelastic 
Response and Delayed Failures in General Laminated Composites, 6th Conf. on 
Composite Materials: Testing and Design, ASTM Special Technical Publication 787, 
(ed. I.M. Daniel), pp.357-370.
• Di Tommaso, A., Manfroni, O. and Arduini, M. (1994) Mechanical Basic Test on 
Concrete Specimens and Tuning of FE Models to Simulate Crack Growth: Application 
to Bending Test, in Computer Modelling of Concrete Structures, (eds. H. Mang, N. 
Bicanic and R. De Borst), Proc. EURO-C 1994 Conf, Innsbruck, Austria, 22-25th March 
1994, pp.209-221.
• DoE (1988) Design of Normal Concrete Mixes, Building Research Establishment 
Report, Published by the Department of the Environment.
• Dolev, G. and Ishai, O. (1981) Mechanical Characterisation of Adhesive Layer In- 
Situ and as Bulk Material, J. Adhesion, Vol. 12, pp.283-294, 1981.
• Dougill, J.W. (1976) On Stable Progressively Fracturing Solids, Z Angew. Math. 
Phys., Vol.27, Fasc.4, pp.424-437, 1976.
• Dukes, W.A. and Kinloch, A.J. (1977) Preparing Low-Energy Surfaces for Bonding, 
in Developments in Adhesives - 1, (ed. W.C. Wake), Applied Science Publishers, 
London, pp.251-282.
• Dulacska, H. (1972) Dowel Action of Reinforcement Crossing Cracks in Concrete, 
ACI J., Vol.69, No. 12, pp.754-757, Dec. 1972.
• Dunker, K.F. and Rabbat, B.G. (1993) Why America’s Bridges are Crumbling, 
Scientific American, p. 18, March 1993.
• Dussek, I.J. (1980) Strengthening of Bridge Beams and Similar Structures by Means 
of Epoxy-Resin-Bonded External Reinforcement, Transportation Research Record, No. 
785, pp.21-24, 1980.
• Eberline, D.K., Klaiber, F.W. and Dunker, K. (1988) Bridge Strengthening with 
Epoxy-Bonded Steel Plates, Transportation Research Record, No.1180, pp.7-11, 1988.
• El-Attar, A.E., Ibrahim, M.I. and Ayman, S.M. (1994) Flexural Response of FRP 
Reinforced Concrete Structures, in Infrastructure: New Materials and Methods of 
Repair, (ed. K. Bashan), Proc. 3rd Materials Engineering Conf, ASCE, San Diego, 13- 
16th Nov. 1994, pp.583-591.
• Eligehausen, R., Popov, E.P. and Bertero, V.V. (1982) Local Bond Stress-Slip 
Relationships of Deformed Bars Under Generalised Excitations, Proc. 7th Euro. Conf. 
Earthquake Engineering, Technical Chamber of Greece, Athens, 20-25dl Sept. 1982, 
Vol.4, pp.69-80.
• Emerson, M. (1976) Extreme Values of Bridge Temperatures for Design Purposes, 
Report LR744, Transport and Road Research Laboratory, Crowthorne, UK.
• Erki, M.A. and Heffernan, P.J. (1995) Reinforced Concrete Slabs Externally 
Strengthened with Fibre-Reinforced Plastic Materials, in Non-Metallic (FRP) 
Reinforcement for Concrete Structures, (ed. L. Taerwe), E & FN Spon, London, pp.509- 
516.
• Evans, R.H. (1943) The Plastic Theories for the Ultimate Strength of Reinforced 
Concrete Beams, J. Inst. C. E., Vol.21, pp.98-121, 1943.
• Evans, R.H. and Kong, F.K. (1966) Estimation of Creep of Concrete in Reinforced 
and Prestressed Concrete Design, Civil Engineering and Public Works Review, Vol.61, 
No.718, pp.593-596, May 1966.
• Evans, R.H. and Kong, F.K. (1978) Creep of Prestressed Concrete, in Developments 
in Prestressed Concrete, (ed. F. Sawko), Applied Science Publishers, London, Vol.l, 
pp.95-123.
• Evans, R.H. and Marathe, M.S. (1968) Microcracking and Stress-Strain Curves for 
Concrete in Tension, Materiaux et Construction, Vol.l, pp.61-64, 1968.
• Fariborz, B.J. and Schnobrich, W.C. (1986) Nonlinear Finite Element Analysis of 
Reinforced Concrete Under Short-Term Monotonic Loading, Structural Research Series 
No.530, University of Illinois, Urbana, Illinois.
• FeFRA (1980) Application Guide No.2, 2nd edition, Federation of Resin Formulators 
and Applicators Ltd., Oct. 1980.
431
• Fenwick, R.C. and Pauley, T. (1968) Mechanisms of Shear Resistance of Concrete 
Beams, J. Struc. Div. ASCE, Vol.94, No.STIO, Pap.2325, pp.2325-2350, Oct. 1968.
• Ferry, J.D. (1980) Viscoelastic Properties of Polymers, 3rd edition, John Wiley and 
Sons, New York.
• Finch, W.W., Chajes, M.J., Mertz, D.R., Kaliakin, V.N. and Faqiri, A. (1994) Bridge 
Rehabilitation Using Composite Materials, in Infrastructure: New Materials and 
Methods of Repair, (ed. K. Bashan), Proc. 3rd Materials Engineering Conf, ASCE, San 
Diego, 13-16th Nov. 1994, pp.1140-1147.
• Findley, W.N. (1960) Mechanism and Mechanics of Creep of Plastics, SPE J., pp.57- 
65, Jan. 1960.
• Findley, W.N. and Worley, W.J. (1951) Some Static Fatigue and Creep Tests of a 
Glass Fabric Laminated with a Polyester Resin AF, Technical Report No.6389, 
Engineering Experimental Section, University of Illinois, USA, April 1951.
• FIP (1978) Proposal for a Standard for Acceptance Tests and Verification of Epoxy 
Bonding Agents for Segmental Construction, FIP/9/2, Federation Internationale de la 
Precontrainte.
• Fleming, C.J. and King, G.E.M. (1967) The Developments of Structural Adhesives 
for Three Original Uses in South Africa, Proc. RELEM Symp. Synthetic Resins in 
Building Construction, Paris, Sept. 1967, pp.75-92.
• Foster, S.J. and Gilbert, R.I. (1990) Non Linear Finite Element Model for Reinforced 
Concrete Deep Beams and Panels, UNICIV Report No.R-275, School of Civil 
Engineering, University of NSW, Kensington.
• Foster, S.J., Budiono, B. and Gilbert, R.I. (1996) Rotating Crack Finite Element 
Model for Reinforced Concrete Structures, Computers and Structures, Vol.58, No.l, 
pp.43-50, Jan. 3rd 1996.
• Franke, L. (1986) The Dimensioning of Adhesive-Bonded Joints in Concrete 
Building Components, in Adhesion Between Polymers and Concrete, (ed. H.R. Sasse), 
Proc. Int. Symp., RDLEM, Aix-en-Provence, Sept. 1986, Chapman and Hall, London, 
pp.461-473.
• Franklin, H.A. (1970) Nonlinear Analysis of Reinforced Concrete Frames and Panels, 
Doctoral Thesis, University of California, Berkeley, California.
• Frantzeskakis, C. and Theillout, J.N. (1989) Nonlinear Finite Element Analysis of 
Reinforced Concrete Structures with a Particular Strategy Following the Cracking 
Process, Computers and Structures, Vol.31, No.3, pp.395-412, 1989.
• Fujii, Y., Maekawa, Z., Hamada, H., Kubota, T., Murakami, A. and Yoshiki, T. (1993) 
Evaluation of Initial Damage and Stress Corrosion of GFRP, Proc. 9th Int. Conf. 
Composite Materials, Vol.5, Madrid, July 1993, pp.562-568.
• Garden, H.N., Hollaway, L.C., Thome, A.M. and Parke, G.A.R. (1996) A Parameter 
Study of the Strengthening of Reinforced Concrete Beams with Bonded Composites, in 
Bridge Management 3, (eds. J.E. Harding, G.A.R. Parke and M.J. Ryall), E and FN 
Spon, London, pp.400-408.
• Gaul, R.W. (1984) Preparing Concrete Surfaces for Coatings, Concrete Int., Vol.6 , 
No.7,pp.l7-21, July 1984.
432
• Gere, J.N. and Timoshenko, S.P. (1991) Mechanics of Materials, 3rd SI edition, 
Chapman and Hall, London.
• Gerstle, K.H. et al. (1978) Strength of Concrete Under Multi-Axial Stress States, 
Proc. Douglas McHenry Int. Symp. Concrete and Concrete Structures, ACI SP-55, ACI, 
Detroit, pp. 103 -131.
• Gerstle, K.H. et al. (1982) Modelling of Reinforcement and Representation of Bond, 
in State-of-the-Art Report on Finite Element Analysis of Reinforced Concrete, ASCE, 
New York, pp. 149-203.
• Ghaleb, B.N. (1992) Strengthening of Damaged Reinforced Concrete Beams by 
External Fiberglass Plates, Msc Thesis, King Fahd University of Petroleum and 
Minerals.
• Gilbert, R.L and Warner, R.F. (1978) Tension Stiffening in Reinforced Concrete 
Slabs, J. Struc. Div. ASCE, Vol. 104, No.ST12, pp.1885-1899, Dec. 1978.
• Gilibert, Y., Bernasconi, J. and Colloi, C. (1976) Mesure des Deformations et des 
Coiitraintes Engendrees lors d’un Essai de Cisaillement en Traction a la Surface de 
Plaque d’Acier Collees, Materials and Structures, Vol.9, No.52, pp.255-65, July/Aug.
1976.
• Gledhill, R.A. and Kinloch, AJ. (1974) J. Adhesion, Vol.6, p.315, 1974.
• Glemberg, R., Oldenburg, M., Nilsson, L. and Samuelsson, A. (1986) A General 
Constitutive Model for Concrete Structures, in Computational Modelling of Reinforced 
Concrete Structures, (eds. E. Hinton and D.R.J. Owen), Pineridge Press Ltd., Swansea, 
pp.84-100.
• Goland, M. and Reissner, D. (1944) The Stresses in Cemented Joints, Trans. ASME, 
J. Applied Mechanics, Vol.ll, pp.A17-A27, 1944.
• Greenfield, K.T. (1995) Carbon Fiber Laminates for Repair of Concrete Structures, 
Materials Performance, Vol.34, No.3, pp.36-38, March 1995.
• Hahn, K.F. (1961a) Lap Shear and Creep Performance of Metal-to-Metal Bonds, 
Adhesives Age, Vol.4, p.34, Dec. 1961.
• Hahn, K.F. (1961b) in ASTM Special Technical Publication No.271, Proc. Symp. 
Adhesion and Adhesives, San Francisco, 1959.
• Halvorsen, H.F. (1976) Analysis of Crack Formation in Concrete, Masters Thesis, 
The Norwegian Institute of Technology, Trondheim, (in Norwegian).
• Hamadi, Y.D. and Regan, P.E. (1980) Behaviour in Shear of Beams with Flexural 
Cracks, Mag. Concrete Research, Vol.32, N o .lll, pp.67-78, June 1980.
• Hamoush, S.A. (1988) A Fracturing Model for Concrete Beams Strengthened by 
Externally Bonded Plates, Doctoral Thesis, North Carolina State University, Raleigh, 
North Carolina.
• Hamoush, S.A. and Ahmad, S.H. (1990a) Static Strength Tests of Steel Plate 
Strengthened Concrete Beams, Materials and Structures, Vol.23, No.134, pp. 116-125, 
March 1990.
• Hamoush, S.A. and Ahmad, S.H. (1990b) Debonding of Steel Plate-Strengthened 
Concrete Beams, J. Structural Engineering, Vol. 116, No.2, pp.356-371, Feb. 1990.
433
• Hand, F.R., Pecknold, D.A. and Schnobrich, W.C. (1973) Nonlinear Layered Analysis 
of RC Plates and Shells, /. Struc. Div. ASCE, Vol.99, No.ST7, pp.1491-1505, July 1973.
• Hannant, DJ. (1974) Nomograms for the Failure of Plain Concrete subjected to 
Short-Term Multiaxial Stresses, The Structural Engineer, Vol.52, pp.151-165, May
1974.
• Hannant, D.J., Buckley, K.J. and Croft, J. (1973) The Effect of Aggregate Size on the 
Use of the Cylinder Splitting Test as a Measure of Tensile Strength, Materiaux et 
Construction, Vol.6, No.31, pp. 15-21.
• Hart-Smith, L.J. (1987) Design of Adhesively Bonded Joints, in Joining Fibre- 
Reinforced Plastics, (ed. F.L. Matthews), Elsevier Applied Science Publishers, London, 
pp.227-270.
• Hart-Smith, L.J., Ochsner, R.W. and Radecky, R.L. (1984) Douglas Service Report, 
First Quarter.
• Hart-Smith, L.J., Ochsner, R.W. and Radecky, R.L. (1990) Surface Preparation of 
Composites for Adhesive-Bonded Repair, in Engineered Materials Handbook, Volume 3: 
Adhesives and Sealants, ASM International, Ohio, USA, pp.840-844.
• Haynes, M.D. (1993) Bridge Strengthening by Plate Bonding, Proc. 5th Int. Conf. 
Structural Faults and Repair, University of Edinburgh, June 1993.
• Head, P.R. (1992) Design Methods and Bridge Forms for the Cost Effective Use of 
Advanced Composites in Bridges, in Advanced Composite Materials in Bridges and 
Structures, (eds. K.W. Neale and P. Labossiere), Proc. 1st Int. Conf. ACMBS, Canadian 
Society for Civil Engineering, Sherbrooke, Quebec, Oct. 1992, pp. 15-30.
• Heffernan, P.J. and Erki, M.A. (1996) Equivalent Capacity and Efficiency of 
Reinforced Concrete Beams Strengthened with Carbon Fibre Reinforced Plastic Sheets, 
Canadian J. Civil Engineering, Vol.23, No.l, pp.21-29, Feb. 1996.
• Henwood, A.M. and O’Connell, K.J. (1993) The Use of Externally Bonded Steel 
Plates to Strengthen Bolney Flyover, in Bridge Management 2, (eds. J.E. Harding, 
G.A.R. Parke and M.J. Ryall), Thomas Telford, London, pp. 660-671.
• Hewlett, P.C. and Shaw, J.D.N. (1977) in Developments in Adhesives, (ed. W.C. 
Wake), Applied Science Publishers, London, pp.25-75.
• Hiel, C.C., Brinson, H.F. and Cardon, A.H. (1983) The Nonlinear Viscoelastic 
Response of Resin Matrix Composites, Proc. 2nd Int. Conf. Composite Structures, 
Paisley, Sept. 1983, pp.271-281.
• Hill, J.E. (1988) in How to Apply Advanced Composite Technology, Proc. 4th Ann. 
Conf. Advanced Composites, ASM International, Ohio, USA.
• Hillerborg, A. (1985) Numerical Methods to Simulate Softening and Fracture of 
Concrete, in Fracture Mechanics of Concrete, (eds. G.C. Sih and A. Di Tommaso), 
Martinus Nijhoff Publishers, Dordrecht, The Netherlands, pp.141-170.
• Hillerborg, A., Modeer, M. and Petersson, P.E. (1976) Analysis of Crack Formation 
and Crack Growth in Concrete by Means of Fracture Mechanics and Finite Elements, 
Cement and Concrete Research, Vol.6, pp.773-782, 1976.
• Hinton, E. (1988) Dynamic Analysis of Plates and Shells, Pineridge Press Ltd., 
Swansea.
434
• Hinton, E. (1992) NAFEMS Introduction to Nonlinear Finite Element Analysis, 
NAFEMS, Glasgow.
• Hinton, E. and Owen, D.R.J. (1984) Finite Elements Software for Plates and Shells, 
Pineridge Press Ltd., Swansea.
• Hinton, E. and Owen, D.R.J. (1986) Computational Modelling of Reinforced 
Concrete Structures, Pineridge Press Ltd., Swansea.
• Hinton, E., Abdel Rahman, H.H. and Zienkiewicz, O.C. (1981) Computational 
Strategies for Reinforced Concrete Slab Systems, Proc. IABSE Colloquium Advanced 
Mechanics of Reinforced Concrete, Delft, The Netherlands, 1981, pp.303-313.
• HKS (1993) ABAQUS/Standard Example Problems Manual, Version 5.5, Vols. 1 and 
2. •
• Hobbs, D.W., Pomeroy, C.D. and Newman, J.B. (1977) Design Stresses for Concrete 
Structures Subject to Multiaxial Stresses, The Structural Engineer, Vol.55, No.4, pp. 151- 
165, April 1977.
• Hogg, P.J. and Hull, D. (1980) Metal Science, Vol. 14, p.441, 1980.
• Hognestad, E. (1951) A Study of Combined Bending and Axial Load in Reinforced 
Concrete Members, Bulletin Series No.399, University of Illinois Engineering 
Experimental Station, p.128, Nov. 1991.
• Hognestad, E. (1962) High Strength Bars as Concrete Reinforcement, Part 2. Control 
of Flexural Cracking, J., Portland Cement Association Research and Development 
Laboratories, Vol.4, N o.l, pp.46-63, Jan. 1962.
• Hollaway, L.C. (1990) Polymers and Polymer Composites in Construction, Thomas 
Telford, London.
• Hollaway, L.C. (1993a) Polymer Composites for Civil and Structural Engineering, 
Blackie Academic and Professional, Glasgow, Scotland.
• Hollaway, L.C. (1993b) Use of Advanced Composites in Highway Structures, Report 
written for the SERC/DTp/LINK Project, Feb. 1993.
• Holmes, M. and Just, D J. (1983) in GRP in Structural Engineering, Applied Science 
Publishers, London, p.227.
• Houde, J. and Mirza, M.S. (1974) A Finite Element Analysis of Shear Strength of 
Reinforced Concrete Beams, Proc. Symp. Shear in Reinforced Concrete, Ottawa, 1973, 
ACI SP-42/5, Vol.l, ACI, Detroit, pp.103-128.
• Howard, C.L. and Hollaway, L.C. (1987) The Characterisation of the Nonlinear 
Viscoelastic Properties of a Randomly Orientated Fibre/Matrix Composite, Composites, 
Vol. 18, Pt.4, pp.317-323,1987.
• Hsu, T.C.C. (1982) Is the ‘Staggering Concept’ of Shear Design Safe?, Proc. ACI, 
Vol .79, No.6 , pp.435-443, Nov./Dec. 1982.
• Hsu, T.C.C., Slate, F.O., Sturman, G.M. and Winter, G. (1963) Microcracking of Plain 
Concrete and the Shape of the Stress-Strain Curve, ACI J., Vol.60, No.2, pp.209-224, 
Feb. 1963.
435
• Hugenschmidt, F. (1975) Epoxy Adhesives for Concrete and Steel, in Polymers in 
Concrete, Proc. 1st Int. Cong. Polymer Concretes, 7th May 1975, The Construction Press, 
London, 1976, pp.195-209.
• Hugenschmidt, F. (1982) New Experiences with Epoxies for Structural Applications, 
Int. J. Adhesion and Adhesives, Vol.2, No.2, pp.84-96, April 1982.
• Hughes, E.J. and Rutherford, J.L. (1980) Stress Dependence of Creep in Bonded 
Adhesives, Materials Science and Engineering, Vol.44, pp.57-62, 1980.
• Hull, D. (1992) An Introduction to Composite Materials, Cambridge University Press, 
Cambridge.
• Hussain, M., Sharif, A., Basunbul, I.A., Baluch, M.H. and Al-Sulaimani, G.J. (1995) 
Flexural Behaviour of Precracked Reinforced Concrete Beams Strengthened Externally 
by Steel Plates, ACI Structural J., Vol.92, No.l, pp. 14-22, Jan./Feb. 1995.
• Hutchinson, A.R. (1986) Durability of Structural Adhesive Joints, PhD Thesis, 
University of Dundee.
• Hutchinson, A.R. (1987) Surface Pretreatment - the Key to Durability, Proc. Conf. 
Structural Faults and Repair - (87, London University, July 1987, pp.235-244.
• Hutchinson, A.R. (1994) Minutes of ROBUST Working Group 1 Meeting, Aug.
1994.
• Hutchinson, A.R. (1996) Strengthening of the Quinton Bridges with Externally 
Bonded Steel Plate Reinforcement, in Bridge Management 3, (eds. J.E. Harding, G.A.R. 
Parke and M.J. Ryall), E and FN Spon, London, pp.743-750.
• Hutchinson, A.R. and Rahimi, H. (1993) Behaviour of Reinforced Concrete Beams 
with Externally Bonded Fibre Reinforced Plastics, Proc. 5th Int. Conf. Structural Faults 
and Repair, University of Edinburgh, Vol.3, 1993, pp.221-228.
• Hutchinson, A.R. and Rahimi, H. (1996) Flexural Strengthening of Concrete Beams 
with Externally Bonded FRP Reinforcement, Proc. 2nd Int. Conf. Advanced Composite 
Materials in Bridges and Structures, Canadian Society for Civil Engineering, Montreal, 
Quebec, ll-M ^Aug. 1996.
• Ichamasu, H., Maruyama, M., Watanabe, H. and Hirose, T. (1993a) Reinforced 
Concrete Slabs Strengthened by Bonded Carbon FRP Plates: Part 1 - Laboratory, Proc. 
Int. Symp. Fiber-Reinforced-Plastic Reinforcement for Concrete Structures, (eds. A. 
Nanni and C.W. Dolan), ACI SP-138, ACI, Detroit, pp.933-956.
• Ichamasu, H., Maruyama, M., Watanabe, H. and Hirose, T. (1993b) Reinforced 
Concrete Slabs Strengthened by Bonded Carbon FRP Plates: Part 2 - Application, Proc, 
Int. Symp. Fiber-Reinforced-Plastic Reinforcement for Concrete Structures, (eds. A. 
Nanni and C.W. Dolan), ACI SP-138, ACI, Detroit, pp.957-970.
• lino, T. and Otokawa, K. (1981) Application of Epoxy Resins in Strengthening of 
Concrete Structures, Proc. 3rd Int. Cong. Polymers in Concrete, Koriyama, Japan, May 
1981, Vol.II, pp.997-1011.
• Inoue, S., Nishibayashi, S., Yoshino, A. and Omata, F. (1994) Strength and 
Deformation Characteristics of Reinforced Concrete Beams Strengthened with Carbon 
Fiber-Reinforced Plastics Under Static and Fatigue Loading, Zairyo/J. Society of 
Materials Science, Japan, Vol.43, No.491, pp.1004-1009, Aug. 1994.
436
• Irwin, C.A.K. (1975) The Strengthening of Concrete Beams by Bonded Steel Plates, 
Supplementary Report 160, Transport and Road Research Laboratory, Crowthorne, UK.
• Iyer, S.L. (1988) Strengthening of Reinforced Concrete Bridges with External 
Reinforcements, Proc. 2nd Workshop Bridge Engineering Research in Progress, NSF, 
Reno, Nevada.
• Iyer, S.L., Sivaramakrishnan, C. and Atmaram, S. (1989) Testing of Reinforced 
Concrete Bridges for External Reinforcement, Proc. Structures Cong., ASCE, May 1989,
pp.116-122.
• Jain, S.C. and Kennedy, J.B. (1974) Yield Criterion for Reinforced Concrete Slabs, J. 
Struc. Div. ASCE, Vol.100, No.ST3, pp.631-644, 1974.
• Jamnejad, G.H. (1996) Environmental Advantages of Strengthening Concrete Bridges 
by Plate Bonding, Highways and Transportation, Vol.43, No.4, p.34, 1996.
• Januszka, T.F. (1994) Shear Strengthening of Concrete Beams Using Externally 
Bonded Composite Materials: An Experimental and Analytical Study, Masters Thesis, 
Dept, of Civil Engineering, University of Delaware.
• Jiang, J.J. (1983) Finite Element Techniques for Statical Analysis of Structures in 
Reinforced Concrete, PhD Thesis, Chalmers University of Technology, Goteborg, 
Sweden.
• Jimenez, R., White, R.N. and Gergely, P. (1979) Bond and Dowel Capacities of 
Reinforced Concrete, ACI J., Vol.76, No.l, pp.73-92, Jan. 1979.
• Jofriet, J.C. and McNiece, G.M. (1971) Finite Element Analysis of Reinforced 
Concrete Slabs, J. Struc. Div. ASCE, Vol.97, No.ST3, March 1971.
• Johnson, A.F. (1979) Engineering Design Properties of GRP, Publication 215, British 
Plastics Federation, London.
• Johnson, R.P. (1963) Glued Joints for Structural Concrete, The Structural Engineer, 
Vol.41, No. 10, pp.313-321, Oct. 1963.
• Johnson, R.P and Tait, CJ. (1981) The Strength in Combined Bending and Tension of 
Concrete Beams with Externally Bonded Reinforcing Plates, Building and Environment, 
Vol. 16, No.4, pp.287-299,1981.
• Jones, R. and Swamy, R.N. (1984) In-situ Strengthening of Concrete Structural 
Members Using Epoxy Bonded Steel Plates, Proc. 4th Int. Cong. Polymers in Concrete, 
Darmstadt, Sept. 1984, pp.251-255.
• Jones, R. and Swamy, R.N. (1995) Plate Bonding - What can it do to your Beams?, 
Construction Repair, Vol.9, No.3, pp.43-47, May/June 1995.
• Jones, R., Swamy, R.N. and Ang, T.H. (1982) Under and Over Reinforced Concrete 
Beams with Glued Steel Plates, Int. J. Cement Composites and Lightweight Concrete, 
Vol.4, No.l, pp.19-32, Feb. 1982.
• Jones, R., Swamy, R.N. and Bloxham, J. (1986) Crack Control of Reinforced 
Concrete Beams Through Epoxy Bonded Steel Plates, Proc. Int. Conf. Adhesion Between 
Polymers and Concrete, Aix-en-Provence, Sept. 1986, pp.542-555.
• Jones, R., Swamy, R.N. and Charif, A. (1988) Plate Separation and Anchorage of 
Reinforced Concrete Beams Strengthened by Epoxy-Bonded Steel Plates, The Structural 
Engineer, Vol.66, No.5, pp.85-94, 1st March 1988.
437
• Jones, R., Swamy, R.N. and Salman, F.A.R. (1985) Structural Implications of 
Repairing by Epoxy-Bonded Steel Plates, Proc. 2nd Int. Conf. Structural Faults and 
Repair, London, April/May 1985, pp.75-80.
• Jones, R., Swamy, R.N., Bloxham, J. and Bouderbalah, A. (1980) Composite 
Behaviour of Concrete Beams with Epoxy Bonded External Reinforcement, Int. J. 
Cement Composites, Vol.2, No.2, pp.91-107, May 1980.
• Judd, N.C.W. (1977) Absorption of Water into Carbon Fibre Composites, The British 
Polymer J., pp.36-40, March 1977.
• Kaar, P.H. and Hognestad, E. (1965) High Strength Bars as Concrete Reinforcement, 
Part 7. Control of Cracking in T-Beam Flanges, J., Portland Cement Association 
Research and Development Laboratories, Vol.7, No.l, pp.42-53, Jan. 1965.
• Kaeding, A.O. (1978) Structural Use of Polymers in Concrete, Proc. 2nd Int. Cong. 
Polymers in Concrete, University of Texas, Austin, Texas, Oct. 1978, pp.9-23.
• Kaiser, H.P. (1989) Strengthening of Reinforced Concrete with Epoxy-Bonded 
Carbon-Fiber Plastics, Doctoral Thesis, Diss. ETH, Nr.8918, ETH Zurich, Ch-8092 
Zurich, Switzerland, 1989 (in German).
• Kajfasz, S. (1967) Concrete Beams with External Reinforcement Bonded by Gluing - 
Preliminary Investigation, Proc. RILEM Symp. Synthetic Resins in Building 
Construction, Paris, Sept. 1967, pp.142-151.
• Kaliakin, V.N., Chajes, MJ. and Januszka, T.F. (1996) Analysis of Concrete Beams 
Reinforced with Externally Bonded Woven Composite Fabrics, Composites Part B: 
Engineering, Vol.27, No.3/4, pp.235-244, 1996.
• Kaplan, S.L., Rose, P.W. and Frazer, D.A. (1988) Gas Plasma and the Treatment of 
Plastics, in How to Apply Advanced Composites Technology, Proc. 4th Ann. Conf. 
Advanced Composites, ASM International, Ohio, USA, pp. 193-198.
• Karam, G.N. (1992) Optimal Design for Prestressing with FRP Sheets in Structural 
Members, in Advanced Composite Materials in Bridges and Structures, (eds. K.W. Neale 
and P. Labossiere), Proc. 1st Int. Conf. ACMBS, Canadian Society for Civil Engineering, 
Sherbrooke, Quebec, Oct. 1992, pp.277-285.
• Karbhari, V.M. and Engineer, M. (1996) Investigation of Bond Between Concrete and 
Composites: Use of a Peel Test, J. Reinforced Plastics and Composites, Vol. 15, No.2, 
pp.208-227, Feb. 1996.
• Karbhari, V.M. and Schulley, S.B. (1995) Use of Composites for Rehabilitation of 
Steel Structures - Determination of Bond Durability, J. Materials in Civil Engineering, 
Vol.7, No.4, pp.239-245, Nov. 1995.
• Kerr, C., MacDonald, N.C. and Orman, S.J. (1967) J. Applied Chemistry, Vol. 17, 
p.62, 1967.
• Kerr, C., MacDonald, N.C. and Orman, S.J. (1970) British Polymer J., Vol.2, p.67, 
1970.
• Kinloch, A.J. (1979) J. Adhesion, Vol.10, p.193,1979.
• Kinloch, A.J. (1980) J. Materials Science, Vol. 15, p.2141, 1980.
• Kinloch, A.J. (1982) J. Materials Science, Vol. 17, p.617, 1982.
438
• Kinloch, A.J. (1983) Durability of Structural Adhesives, Applied Science Publishers, 
London.
• Kinloch, A.J. (1987) Adhesion and Adhesives; Science and Technology, Chapman and 
Hall, London.
• Kinloch, A.J. and Shaw, S.J. (1981) in Developments in Adhesives - 2, (ed. A.J. 
Kinloch), Applied Science Publishers, London, p.83.
• Kinloch, A.J. and Taig, C.M. (1987) The Adhesive Bonding of Thermoplastic 
Composites, J. Adhesion, Vol.21, p.291, 1987.
• Kinloch, A.J., Dukes, W.A. and Gledhill, R.A. (1975) Polymer Science and 
Technology, Vol.9B, p.597, 1975.
• Klaiber, F.W., Dunker, K.F. and Sanders, W.W. (1982) Strengthening of Single-Span 
Steel Beam Bridges, J. Structural Engineering, Vol.108, No. 12, pp.2766-2780, Dec. 
1982.
• Klaiber, F.W., Dunker, K.F. and Sanders, W.W. (1990) Strengthening of Existing 
Bridges (Simple and Continuous Span) by Post-Tensioning, in External Prestressing of 
Bridges, (eds. A. Naaman and J. Breen), ACI SP-120, ACI, Detroit, pp.207-228.
• Klaiber, F.W., Dunker, K.F., Wipf, T.J. and Sanders, W.W. (1987) Methods of 
Strengthening Existing Highway Bridges, NCHRP Report 293, Transportation Research 
Board, Washington DC, USA.
• Knollman, G.C. (1985) Int. J. Adhesion and Adhesives, Vol.5, p. 137.
• Knollman, G.C. and Hartog, J.J. (1985) J. Adhesion, Vol. 17, p.247.
• Kodokian, G.K.A. and Kinloch, A.J. (1988) Surface Pretreatment and Adhesion of 
Thermoplastic Composites, J. Materials Science Letters, Vol.7, No.6 , pp.625-627, 1988.
• Kolmar, W. and Mehlhorn, G. (1984) Comparison of Shear Stiffness Formulation for 
Cracked Reinforced Concrete Elements, Proc. Int. Conf. Computer Aided Design and 
Analysis of Concrete Structures, (ed. F. Damjanic), Pineridge Press Ltd., Swansea, Pt.l, 
pp. 133-147.
• Kolsch, H. (1995) Upgrading Existing Structures with Composite Layers, in Non- 
Metallic (FRP) Reinforcement for Concrete Structures, (ed. L. Taerwe), E & FN Spon, 
London, pp.525-532.
• Kong, F.K. and Evans, R.H. (1987) Reinforced and Prestressed Concrete, 3rd edition, 
Chapman and Hall, London.
• Kotsovos, M.D. (1984) Behaviour of Reinforced Concrete Beams with a Shear Span 
to Depth Ratio Between 1.0 and 2.5, Proc. ACI, Vol.81, No.3, pp.279-298, May/June
1984.
• Kotsovos, M.D. and Pavlovic, M.N. (1986) Non-Linear Finite Element Modelling of 
Concrete Structures: Basic Analysis, Phenomenological Insight and Design 
Implications, Engng. Comput., Vol.3, pp.243-250, 1986.
• Kreigh, J.D. (1976) Arizona Slant Shear Test: A Method to Determine Epoxy Bond 
Strength, ACIJ., Vol.73, No.7, pp.372-373, July 1976.
• Kupfer, H.B. and Gerstle, K.H. (1973) Behavior of Concrete Under Biaxial Stresses, 
J. Eng. Mech. Div. ASCE, Vol.99, No.EM4, Proc. Pap.9917, pp.852-866, Aug. 1973.
439
• Kupfer, H., Hilsdorf, H.K. and Rusch, H. (1969) Behavior of Concrete Under Biaxial 
Stresses, ACI Vol.66, No.8, pp.656-666, Aug. 1969.
• Ladner, M. (1978) Field Measurements on Subsequently Strengthened Concrete 
Slabs, Proc. Douglas McHenry Int. Symp. on Concrete and Concrete Structures, ACI SP- 
55, ACI, Detroit, pp.481-492.
• Ladner, M. and Holtgreve, K. (1989) Verstarken von Stahlbetonbauten mit 
Augeklebten CFK-Lamellan, IABSE Symp., Lisbon, 1989, pp.677-689.
• Ladner, M. and Weder, C. (1981) Concrete Structures with Bonded External 
Reinforcement, EMPA Report No.206, EMPA, Dubendorf, CH-8600, Dubendorf, 
Switzerland.
• Ladner, M., Pralong, J. and Weder, C. (1990) Geklebte Bewehrang: Bemessung und 
Erfahrung, EMPA Report No.116/5, EMPA, Dubendorf, CH-8600, Dubendorf, 
Switzerland, (in German).
• Landrock, A.H. (1985) Adhesives Technology Handbook, Noyes Publishers.
• Lark, R.J. (1983) Control and Classification of Epoxy Resins in Civil Engineering, 
PhD Thesis, University of Dundee.
• Lark, R.J. and Mays, G.C. (1985) Epoxy Adhesive Formulation: its Influence on Civil 
Engineering Performance, in Adhesion 9, (ed. K.W. Allen), Elsevier Applied Science 
Publishers, London, pp.95-110.
• Leadbeater, A.D. and Russell, C. (1988) The Practical Applications of Externally 
Strengthening Existing Highway Bridges Using Steel, Proc. Symp. Strengthening and 
Repair of Bridges, Leamington Spa, June 1988, pp.6/1-6/9.
• Lee, H. and Neville, K. (1967) Handbook of Epoxy Resins, McGraw-Hill, New York.
• Lees, W.A. (1985) The Adhesive Bond: A New Look at the Interaction Between 
Adherend and Adhesive, Plastics and Rubber Int., Vol.10, No.3, pp.11-15, 1985.
• Leibengood, L.D., Darwin, D. and Dodds, R.H. (1986) Parameters Affecting FE 
Analysis of Concrete Structures, J. Struc. Eng. Div. ASCE, Vol. 112, pp.326-341, 1986.
• Lerchenthal, C.H. (1967) Bonded Sheet Metal Reinforcement for Concrete Slabs, 
Proc. RELEM Symp. Synthetic Resins in Building Construction, Paris, Sept. 1967, 
pp.165-174.
• Lewis, A.F. (1972a) Adhesives Age, Vol. 15, p.38, 1972.
• Lewis, A.F., Kinmouth, R.A. and Kreahling, R.P. (1972) J. Adhesion, Vol.3, Pt.3, 
p.249.
• L’Hermite, R. (1955) Idees Actuelles sur la Technologie du Beton, Documentation 
Technique du Batiment et des Travaux Publics, Paris, 1955.
• L’Hermite, R. (1960) Volume Changes of Concrete, Proc. 4th Int. Symp. Chemistry of 
Cement, Washington D.C., 1960, pp.659-694.
• L’Hermite, R. (1977) Use of Bonding Techniques for Reinforcing Concrete and 
Masonry Structures, Materials and Structures, Vol. 10, No.56, pp.85-89, March/April
1977.
• L’Hermite, R. and Bresson, J. (1967) Beton Arme D’Armatures Collees, Proc. 
RILEM Symp. Synthetic Resins in Building Construction, Paris, Sept. 1967, pp. 175-203.
440
• Lin, C.S. and Scordelis, A.C. (1975) Nonlinear Analysis of Reinforced Concrete 
Shells of General Form, J. Struc. Div. ASCE, Vol. 101, No.ST3, pp.523-538, March 1975.
• Liu, T.C.Y., Nilson, A.H. and Slate, F.O. (1972) Biaxial Stress-Strain Relations for 
Concrete, J. Struc. Div. ASCE, Vol.98, No.ST5, pp. 1025-1034, 1972.
• Lloyd, G.O. and Calder, A.J.J. (1981) The Microstracture of Epoxy Bonded Steel to 
Concrete Joints, Supplementary Report 705, Transport and Road Research Laboratory, 
Crowthorne, UK.
• Lockett, FJ. (1974) Assessment of Linearity and Characterisation of Nonlinear 
Behaviour, in Mechanics of Visco-Elastic Media and Bodies, (ed. J. Hult), Proc. IUTAM 
Symp., Gothenburg, Sweden, Sept. 1974, Springer-Verlag, New York, pp. 1-25.
• Loos, A.C. and Springer, G.S. (1981) Moisture Absorption of Graphite-Epoxy 
Composition Immersed in Liquids and in Humid Air, in Environmental Effects on 
Composite Materials, (ed. G.S. Springer), Technomic Publishing Company, Westport, 
USA, pp.34-49.
• Loos, A.C., Springer, G.S., Sanders, B.A. and Tungl, R.W. (1981) Moisture 
Absorption of Polyester E-Glass Composites, in Environmental Effects on Composite 
Materials, (ed. G.S. Springer), Technomic Publishing Company, Westport, USA, pp.l- 
62.
• Luttinen, V., Hurskainen, K. and Saksio, K. (1996) Road Bridges Strengthened by 
Epoxy Bonded Steel Plates, in Bridge Management 3, (eds. J.E. Harding, G.A.R. Parke 
and M.J. Ryall), E and FN Spon, London, pp.409-411.
• Macdonald, M.D. (1978) The Flexural Behaviour of Concrete Beams with Bonded 
External Reinforcement, Supplementary Report 415, Transport and Road Research 
Laboratory, Crowthorne, UK.
• Macdonald, M.D. (1981) Strength of Bonded Shear Joints Subjected to Movement 
During Cure, Int. J. Cement Composites and Lightweight Concrete, Vol.3, No.4, 1981.
• Macdonald, M.D. (1982) The Flexural Performance of 3.5 m Concrete Beams with 
Various Bonded External Reinforcements, Supplementary Report 728, Transport and 
Road Research Laboratory, Crowthorne, UK.
• Macdonald, M.D. and Calder, A.J.J. (1982) Bonded Steel Plating for Strengthening 
Concrete Structures, Int. J. Adhesion and Adhesives, Vol.2, No.2, pp. 119-127, 1982.
• Mackie, R.I. and Su, N. (1993) The Effect of Ageing and Environment on the Static 
and Fatigue Strength of Adhesive Joints, J. Adhesion, Vol.42, pp. 191-207, 1993.
• MacNamara, D.K., Hand, H.M. and Arah, C. (1992) Surface Preparation Techniques 
for Improved Adhesive Bonding to Graphite/Epoxy Composites, Proc. 6th Int. Symp. 
Structural Adhesives Bonding, American Defence Preparedness Association, 
Morristown, New Jersey, 4-7th May 1992, pp. 119-130.
• Maeda, Y., Matsui, S., Shimada, I. and Kato, H. (1980) Deterioration and Repair of 
Reinforced Concrete Slabs of Highway Bridges in Japan, Technology Reports, (Osaka 
University), Vol.30, No.1599, pp.135-144, 1980.
• Mains, R.M. (1951) Measurement of the Distribution of Tensile and Bond Stresses 
Along Reinforcing Bars, ACI J., Vol.48, pp.335-352, Nov. 1951.
441
• Malvar, L.J., Warren, G.E. and Inaba, C. (1995) Rehabilitation of Navy Pier Beams 
with Composite Sheets, in Non-Metallic (FRP) Reinforcement for Concrete Structures, 
(ed. L. Taerwe), E & FN Spon, London, pp.533-540.
• Mander, R.F. (1974) Bonded External Reinforcement; a Method of Strengthening 
Structures, Department of the Environment Report on Quinton Interchange for the M5 
Motorway.
• Mander, R.F. (1981) Use of Resins in Road and Bridge Construction and Repair, Int. 
J. Cement Composites and Lightweight Concrete, Vol.3, No.l, pp.36-39, Feb. 1981.
• Mang, H.A. and Meschke, G. (1991) Nonlinear Finite Element Analysis of 
Reinforced and Prestressed Concrete Structures, Engineering Structures, Vol. 13, No.2, 
pp.211-226, April 1991.
• Marceau, J.A. and Scardino, W. (1975) Durability of Adhesive Bonded Joints, Boeing 
Commercial Airplane Co., Seattle, Washington, Feb. 1975.
• Marceau, J.A., Moji, Y. and McMillian, J.C. (1977) A Wedge Test for Evaluating 
Adhesive-Bonded Surface Durability, Adhesives Age, pp.28-34, Oct. 1977.
• Massicotte, B., Elwi, A.E. and MacGregor, J.G. (1988) Analysis of Reinforced 
Concrete Panels Loaded Axially and Transversely, Struc. Eng. Report No.161, Dept, of 
Civil Engineering, University of Alberta, Edmonton.
• Massicotte, B., Elwi, A.E. and MacGregor, J.G. (1990) Tension-Stiffening Model for 
Planar Reinforced Concrete Members, J. Structural Engineering, Vol. 116, No. 11, 
pp.3039-3058, Nov. 1990.
• Mathies, H. and Strang, G. (1979) The Solution of Nonlinear Finite Element 
Applications, Int. J. Numerical Methods in Engineering, Vol.14, pp.1613-1626, 1979.
• Matienzo, L.J., Venables, J.D., Fudge, J.D. and Vel ton, J.J. (1985) Surface Preparation 
of Bonding Advanced Composites, Proc. 30th National SAMPE Symp., March 1985, 
pp.302-314.
• Matthews, F.L. (1987) Joining Fibre-Reinforced Plastics, (ed. F.L. Matthews), 
Elsevier Applied Science Publishers, London.
• Matthews, F.L. (1987) Theoretical Stress Analysis of Mechanically Fastened Joints, 
in Joining Fibre-Reinforced Plastics, (ed. F.L. Matthews), Elsevier Applied Science 
Publishers, London, pp.65-104.
• Matz, C.W. (1987) Adhesion on Carbon-Fibre-Reinforced Plastics, J. Adhesion, 
Vol.22, pp.61-65, 1987.
• Mays, G.C. (1985) Structural Applications of Adhesives in Civil Engineering, 
Materials Science and Technology, Vol.l, pp.937-943, Nov. 1985.
• Mays, G.C. (1990) Fatigue and Creep Performance of Epoxy Resin Adhesive Joints, 
Contractor Report 224, Transport and Road Research Laboratory, Crowthorne, UK.
• Mays, G.C. (1993) The Use of Bonded External Reinforcement in Bridge 
Strengthening: Structural Requirements of the Adhesive, in Bridge Management 2, (eds. 
J.E. Harding, G.A.R. Parke and M.J. Ryall), Thomas Telford, London, pp.672-680.
• Mays et al. (1983) Int. J. Cement Composites and Lightweight Concrete, Vol.5, No.3, 
pp.151-163, 1983.
442
• Mays, G.C. and Hutchinson, A.R. (1988) Engineering Property Requirements for 
Structural Adhesives, Proc. ICE, Vol.85, Pt.2, pp.485-501, Sept. 1988.
• Mays, G.C. and Hutchinson, A.R. (1992) Adhesives in Civil Engineering, Cambridge 
University Press, Cambridge.
• Mays, G.C. and Turnbull, J.D. (1992) Strengthening Bridges with Bonded External 
Reinforcement, Paper 3, Proc. Symp. Bridges - Extending the Lifespan, Leamington Spa, 
May 1992.
• Mays, G.C. and Vardy, A.E. (1982) Adhesive Bonded Steel/Concrete Composite 
Construction, Int. J. Adhesion and Adhesives, Vol.2, No.2, pp. 103-107, April 1982.
• McCormick, F.C. (1988) Advancing Structural Plastics into the Future, J. Struc. Div. 
ASCE, Vol. 114, No.3, pp.235-243, 1988.
• McHenry, D. (1943a) A New Aspect of Creep in Concrete and its Applications to 
Design, Proc. ASTM, Vol.43, pp.1969-1984, 1943.
• McHemy, D. (1943b) A Lattice Analogy for the Solution of Stress Problems, Int. J. 
Civil Engineering, No.2, Pap. No.5350, Dec. 1943.
• McNiece, A.M. (1967) Elastic-Plastic Bending of Plates and Slabs by the Finite 
Element Method, PhD Thesis, London University.
• Meier, U. (1987) Bridge Repair with High Performance Composite Materials, 
Material und Technik, Vol. 15, pp.125-128, 1987 (in French and German).
• Meier, U. (1989) Materials by Combination: Materials of the Future in the Building 
Industry, Swiss Materials, No.2, pp. 19-24, 1989.
• Meier, U. (1992) Carbon Fiber-Reinforced Polymers: Modern Materials in Bridge 
Engineering, Structural Engineering Int., Vol.l, pp.7-12, 1992.
• Meier, U. (1995) Strengthening of Structures Using Carbon Fibre/Epoxy Composites, 
Construction and Building Materials, Vol.9, No.6 , pp.341-351, Dec. 1995.
• Meier, U. and Kaiser, H.P. (1991) Strengthening of Structures with CFRP Laminates, 
Proc. Advanced Composite Materials in Civil Engineering Structures, Mats. Div. ASCE, 
Las Vegas, Jan. 1991, pp.224-232.
• Meier, U. and Winistorfer, A. (1995) Retrofitting of Structures through External 
Bonding of CFRP Sheets, in Non-Metallic (FRP) Reinforcement for Concrete Structures, 
(ed. L. Taerwe), E & FN Spon, London.
• Meier, U., Deuring, M., Meier, H. and Schwegler, G. (1992) Strengthening of 
Structures with CFRP Laminates: Research and Applications in Switzerland, Advanced 
Composite Materials in Bridges and Structures, (eds. K.W. Neale and P. Labossiere), 
Proc. 1st Int. Conf. ACMBS, Canadian Society for Civil Engineering, Sherbrooke, 
Quebec, Oct. 1992, pp.243-251.
• Meier, U., Deuring, M., Meier, H. and Schwegler, G. (1993) Strengthening of 
Structures with Advanced Composites, in Alternative Materials for the Reinforcement 
and Prestressing of Concrete, (ed. J.L. Clarke), Blackie Academic and Professional, 
Glasgow, pp. 153-171.
443
• Melhem, H.G. and Schlup, J.R. (1994) Usage of Adhesives and Composites in 
Highway Structures, in Infrastructure: New Materials and Methods of Repair, (ed. K. 
Bashan), Proc. 3rd Materials Engineering Conf, ASCE, San Diego, 13-16dl Nov. 1994, 
pp.983-990.
• Midwinter, K. (1991) Floor Strengthening by Steel Plate Bonding, Construction 
Maintenance and Repair, pp.8-10, Sept/Oct. 1991.
• Miklofsky, A.H., Gonsior, M.J. and Santini, J.J. (1965) Further Studies of Epoxy 
Bonding Compounds, Highway Research Board Publication, National Academy of 
Sciences, National Research Council, USA.
• Milford, R.V. and Schnobrich, W. C. (1985) The Application of the Rotating Crack 
Model to the Analysis of Reinforced Concrete Shells, Computers and Structures, Vol.20, 
pp.225-234, 1985.
• Minford, J.D. (1983) in Durability of Structural Adhesives, (ed. A.J. Kinloch), 
Applied Science Publishers, London, p. 135.
• Mirza, M.S. and Houde, J. (1979) Study of Bond Stress-Slip Relationships in 
Reinforced Concrete, ACI J., Vol.76, N o.l, pp. 19-46, Jan. 1979.
• Modeer, M. (1979) A Fracture Mechanics Approach to Failure Analysis of Concrete 
Materials, Report TVBM-1001, Div. of Building Materials, University of Lund, Sweden.
• Moloney, G.F.K. (1986) The Repair and Strengthening of Reinforced Concrete Beams 
with Externally Bonded Mild Steel Plates, Masters Thesis, National University of 
Ireland, Cork, Ireland.
• Moran, J.P. (1988) Separation of Externally Bonded Steel Plates from Reinforced 
Concrete Beams in Flexure, Masters Thesis, National University of Ireland, Cork, 
Ireland.
• Moreton, AJ. (1981) Epoxy Glued Joints in Precast Concrete Segmental Bridge 
Construction, Proc. ICE, Vol.70, Pt.l, pp.163-177, Feb. 1981.
• Morgan, R.J. and O’Neal, J.E. (1978) Polymer Plast. Tech. Eng. Vol.10, p.49, 1978.
• Moustafa, S.E. (1974) J. Prestressed Concrete Institute, Vol. 19, No.4, p.54, 1974.
• Mufti, A.A., Erki, M.A. and Jaeger, L.G. (1991) Advanced Composite Materials with 
Applications to Bridges, State-of-the-Art Report, Canadian Society for Civil 
Engineering, Montreal, Quebec.
• Mufti, A.A., Erki, M.A. and Jaeger, L.G. (1992) Advanced Composite Materials in 
Bridges and Structures in Japan, Task Force Report, Canadian Society for Civil 
Engineering, Montreal, Quebec.
• Mufti, A.A., Mirza, M.S., McCutcheon, J.O. and Houde, J. (1970) A Study of the 
Behavior of Reinforced Concrete Elements Using Finite Elements, Structural Concrete 
Series No.70-5, McGill University, Montreal, Sept. 1970.
• Myhre, S.H., Labor, J.D. and Aker, S.C. (1982) Moisture Problems in Advanced 
Composite Structural Repair, Composites, Vol. 13, No.3, pp.289-297, July 1982.
• Naderi, M. (1985) Internal Research Report, Civil Engineering Department, Queen’s 
University, Belfast, Oct. 1985.
444
• Naderi, M., Cleland, D. and Long, A.E. (1986) Insitu Test Methods for Repaired 
Concrete Structures, in Adhesion Between Polymers and Concrete, (ed. H.R. Sasse), 
Proc. Int. Symp., RILEM, Aix-en-Provence, Sept. 1986, Chapman and Hall, London, 
pp.707-718.
• Nallathambi, P., Karihaloo, B.L. and Heaton, B.S. (1984) Effect of Specimen and 
Crack Sizes, Water/Cement Ratio and Coarse Aggregate Texture Upon Fracture 
Toughness of Concrete, Mag. Concrete Research, Vol.36, No. 129, pp.227-236, 1984.
• Nanni, A. (1995) Concrete Repair with Externally Bonded FRP Reinforcement, 
Concrete Int., Vol. 17, No.6, pp.22-26, June 1995.
• Nasser, K.W. and Neville, A.M. (1965) Creep of Concrete at Elevated Temperatures, 
ACIJ., Vol.62, pp.1567-1579, Dec. 1965.
• Nawy, E.G. (1992) Cracking of Concrete: ACI and CEB Approaches, Proc. Conf. 
Advances in Concrete Technology, CANMET, Athens, Jan. 1992, (ed. V.M. Malhotra), 
pp. 199-238.
• Nelissen, L.J.M. (1972) Biaxial Testing of Normal Concrete, Heron (The 
Netherlands), Vol. 18, N o.l, 1972.
• Neville, A.M. (1970) Creep o f Concrete: Plain, Reinforced and Prestressed, North- 
Holland Co., Amsterdam.
• Neville, A.M. (1981) Properties o f Concrete, 3rd edition, Pitman Publishing, London.
• Neville, A.M., Houghton-Evans, W. and Clark, C.V. (1977) Deflection Control by
Span/Depth Ratio, Mag. Concrete Research, Vol.29, No.98, pp.31-41, March 1977.
• NCE (1973) M5 ‘Shrinkage’ Cracks - Traffic Restricted, New Civil Engineer, Vol.62, 
p.21, 11th Oct. 1973.
• NCE (1983) Heavy Load Shows up Bridges Failings, New Civil Engineer, p.8 , 13th 
Jan. 1983.
• NCE (1991) Premium Bond, New Civil Engineer, pp.18-19, 17th Oct. 1991.
• NCE (1996a) Highways Agency Freezes Road Maintenance Spending, New Civil
Engineer, p.3, 25th Jan 1996.
• NCE (1996b) Sticking to the Task, New Civil Engineer, p.22, 11th July 1996.
• Ngo, D. (1975) A Network-Topological Approach to the Finite Element Analysis of 
Progressive Crack Growth in Concrete Members, Doctoral Thesis, University of 
California, Berkeley, California.
• Ngo, D. and Scordelis, A.C. (1967) Finite Element Analysis of Reinforced Concrete 
Beams, ACIJ., Vol.64, No.3, pp.152-163, March 1967.
• Ngo, D., Franklin, H.A. and Scordelis, A.C. (1970) Finite Element Study of 
Reinforced Concrete Beams with Diagonal Tension Cracks, UC SESM Report No.70-19, 
University of California, Berkeley, Dec. 1970.
• Nilson, A.H. (1968) Nonlinear Analysis of Reinforced Concrete by the Finite 
Element Method, ACI J., Vol.65, No.9, pp.757-766, Sept. 1968.
• Nilsson, L. and Oldenburg, M. (1982) Nonlinear Wave Propagation in Plastic 
Fracturing Materials - A Constitutive Modelling and Finite Element Analysis, Proc. 
IUTAM Symp. Nonlinear Deformation Waves, Tallin, Aug. 1982.
445
• O’Connor, D.G. and Brinson, H.F. (1979) Factors Affecting the Fracture Energy of a 
Structural Adhesive, API-E-79-32, Sept. 1979.
• Oehlers, DJ. (1988) Reinforced Concrete Beams with Steel Plates Glued to their 
Soffits: Prevention of Plate Separation Induced by Flexural Peeling, Report N0.R8O, 
Dept, of Civil Engineering, University of Adelaide, Australia.
• Oehlers, D.J. (1989) Discussion on paper by Roberts and Haji-Kazemi, 1989, Proc. 
ICE, Vol.87, Pt.2, pp.651-663, Dec. 1989.
• Oehlers, D.J. (1992) Reinforced Concrete Beams with Plates Glued to their Soffits, J. 
Structural Engineering, Vol. 118, N0.8, pp.2033-2038, Aug. 1992.
• Oehlers, D.J. and Ahmed, M. (1996) Upgrading Reinforced Concrete Beams by 
Bolting Steel Side Plates, in Bridge Management 3, (eds. J.E. Harding, G.A.R. Parke and 
M.J. Ryall), E & FN Spon, London, pp.412-419.
• Oehlers, D.J. and Moran, J.P (1990) Premature Failure of Externally Plated 
Reinforced Concrete Beams, J. Structural Engineering, Vol. 116, No.4, pp.978-995, 
April 1990.
• Oehlers, D.J. and Wyatt, R. (1993) Plated Corbels, Australian Civil Engineering 
Transactions, Vol.35, No.3, Sept. 1993.
• Ohama, Y. (1996) Polymer-Based Materials for Repair and Improved Durability: 
Japanese Experience, Construction and Building Materials, Vol. 10, N o.l, pp.77-82, Feb. 
1996.
• Ong, K.C.G. (1981) Open Sandwich Construction for Bridge Decks, PhD Thesis, 
University of Dundee.
• Ong, K.C.G., Mays, G.C. and Cusens, A.R. (1982) Flexural Tests of Steel-Concrete 
Open Sandwiches, Mag. Concrete Research, Vol.34, No. 120, pp.130-138, Sept. 1982.
• Owen, D.R.J. and Figueiras, J.A. (1984) Ultimate Load Analysis of Reinforced 
Concrete Plates and Shells Including Geometric Nonlinear Effects, in Finite Element 
Software for Plates and Shells, (eds. E. Hinton and D.R.J. Owen), Pineridge Press Ltd., 
Swansea.
• Owen, D.R.J., Figueiras, J.A. and Damjanic, F. (1983) Finite Element Analysis of 
Reinforced and Prestressed Concrete Structures Including Thermal Loading, Computer 
Methods in Applied Mechanics and Engineering, Vol.41, pp.323-336, 1983.
• Padovan, J. and Moscarello, R. (1982) Locally Bound Constrained Newton-Raphson 
Solution Algorithms, Computers and Structures, Vol. 15, pp.365-377, 1982.
• Park, R. and Paulay, T. (1975) Reinforced Concrete Structures, John Wiley and Sons, 
New York.
• Parker, B.M. (1983) The Effect of Composite Prebond Moisture on Adhesive-Bonded 
CFRP-CFRP Joints, Composites, Vol. 14, No.3, pp.226-232, July 1983.
• Parker, B.M. and Waghorne, R.M. (1982) Surface Pretreatment of Carbon Fibre 
Reinforced Composites for Adhesive Bonding, Composites, Vol. 13, No.3, pp.280-288, 
July 1982.
• Parkinson, J. (1978) Glue a Sticky Problem for Gestetner, New Civil Engineer, pp.26- 
27, 14th Sept. 1978.
446
• Parmeswaran, V.S., Neelamegam, M. and Dattatreya, J.K. (1993) Use of Non-Ferrous 
Externally Bonded Reinforcement for Strengthening Concrete, in Concrete 2000; 
Economic and Durable Construction Through Excellence, Vol.l, (eds. R.K. Dhir and 
M.R. Jones), E & FN Spon, London, pp.239-253.
• Peshkam, V. and Leeming, M. (1994) Application of Composites to Strengthening of 
Bridges: Project ROBUST, Proc. 79th British Plastics Federation Composites Cong., 
Birmingham, UK, 22-23rd Nov. 1994.
• Peshkam, V. and Leeming, M. (1996) The Use of Advanced Composite Materials in 
Strengthening and Maintaining Bridges, in Bridge Management 3, (eds. J.E. Harding, 
G.A.R. Parke and M.J. Ryall), E and FN Spon, London, pp.732-742.
• Petersson, P.E. (1981) Crack Growth and Development of Fracture Zones in Plain 
Concrete and Similar Materials, Report TVBM-1006, Div. of Build. Materials, Lund 
Institute of Technology, Lund, Sweden.
• Petrie, E.M. (1989) Adhesively Bonding Plastics: Meeting an Industry Challenge, 
Adhesives Age, 15th May 1989, pp.6-13.
• Philips, L.N. (1989) Design with Advanced Composite Materials, Springer-Verlag, 
London.
• Philips, D.V. and Zienkiewicz, O.C. (1976) Finite Element Nonlinear Analysis of 
Concrete Structures, Proc. ICE, Vol.61, Pt.2, pp.59-88, March 1976.
• Pilakoutas, K., Waldron, P. and He, J.H. (1995) Strengthening of Concrete Beams 
with CFRP Laminates, Proc. Sem. Composites in Infrastructure Design and 
Rehabilitation, (ed. V. Peshkam), NAFEMS, London, 1995, pp.14-17.
• Plevris, N. and Triantafillou, T.C. (1994) Time-Dependent Behavior of RC Members 
Strengthened with FRP Laminates, J. Structural Engineering, Vol.120, No.3, pp.1016- 
1042, March 1994.
• Pocius, A.V. and Wenz, R.P. (1985) Mechanical Surface Preparation of Graphite 
Epoxy Composite for Adhesive Bonding, SAMPE J., Vol.21, No.5, pp.50-58, Sept./Oct.
1985.
• Ponsot, B., Valentin, D. and Bunsell, A.R. (1989) The Effects of Time, Temperature 
and Stress on the Long-Term Behaviour of CFRP, Composites Science and Technology, 
Vol.35, pp.75-94, 1989.
• Post, D., Czarnek, R., Wood, J.D. and Joh, D. (1988) Proc. Int. Symp. Adhesively 
Bonded Joints, ASTM Special Technical Publication, Baltimore, USA, 1986.
• Preistley, M.J.N., Seible, F. and Fyfe, E. (1992) Column Seismic Retrofit Using 
Fibreglass/Epoxy Jackets, in Advanced Composite Materials in Bridges and Structures, 
(eds. K.W. Neale and P. Labossiere), Proc. 1st Int. Conf. ACMBS, Canadian Society for 
Civil Engineering, Sherbrooke, Quebec, Oct. 1992, pp.287-298.
• Price, W.H. (1951) Factors Influencing Concrete Strength, ACI J., Vol.47, No.2, 
pp.417-432, Feb. 1951.
• Quantrill, R.J., Hollaway, L.C. and Thorne, A.M. (1996a) Part 1. Experimental and 
Analytical Investigation of FRP Strengthened Beam Response, Mag. Concrete Research, 
Vol.48, No. 177, pp.331-342, Dec. 1996.
447
• Quantrill, R.J., Hollaway, L.C. and Thorne, A.M. (1996b) Part 2. Predictions of the 
Maximum Plate End Stresses of FRP Strengthened Beams, Mag. Concrete Research, 
Vol.48, No. 177, pp.343-352, Dec. 1996.
• Quantrill, R.J., Hollaway, L.C., Thorne, A.M. and Parke, G.A.R. (1995) Preliminary 
Research on the Strengthening of Reinforced Concrete Beams Using FRP, in Non- 
Metallic (FRP) Reinforcement for Concrete Structures, (ed. L. Taerwe), E & FN Spon, 
London, pp. 543-550.
• Raithby, K.D. (1980) External Strengthening of Concrete Bridges with Bonded Steel 
Plates, Supplementary Report 612, Transport and Road Research Laboratory, 
Crowthorne, UK.
• Raithby, K.D. (1982) Strengthening of Concrete Bridge Decks with Epoxy-Bonded 
Steel Plates, Int. J. Adhesion and Adhesives, Vol.2, No.2, pp.115-118, April 1982.
• Ramm, E. (1981) Strategies for Tracing Non-Linear Responses Near Limit Points, in 
Non-Linear Finite Element Analysis in Structural Mechanics, (eds. W. Wunderlich, E. 
Stein and K.J. Bathe), Springer-Verlag, New York.
• Rangan, B.V. (1982) Control of Beam Deflections by Allowable Span/Depth Ratios, 
Proc. ACI, Vol.79, no.5, pp.372-377, Sept/Oct. 1982.
• Ranisch, E,H. and Rostay, F.S. (1986) Bonded Steel Plates for the Reduction of 
Fatigue Stresses of Coupled Tendons in Multispan Bridges, in Adhesion Between 
Polymers and Concrete, (ed. H.R. Sasse), Proc. Int. Symp., RILEM, Aix-en-Provence, 
Sept. 1986, Chapman and Hall, London, pp.561-570.
• Raoof, M. and Zhang, S. (1996) Peeling Failure of Reinforced Concrete Beams with 
Externally Bonded Steel Plates, in Bridge Management 3, (eds. J.E. Harding, G.A.R. 
Parke and M.J. Ryall), E and FN Spon, London, pp.420-428.
• Rashid, Y.R. (1968) Ultimate Strength Analysis of Prestressed Concrete Pressure 
Vessels, Nuclear Engineering and Design, Vol.7, 1968.
• Regan, P.E. (1985) Concrete Society Current Practice Sheet No. 105: Shear, Concrete, 
Vol. 19, N o .ll, pp.25-26, Nov. 1985.
• Richart, F.E., Brandtzaeg, A. and Brown, R.L. (1928) A Study of the Failure of
Concrete Under Combined Compressive Stresses, Bulletin No. 185, Engineering
Experiment Station, University of Illinois, Illinois, Nov. 1928.
• Riks, E. (1979) An Incremental Approach to the Solution of Snapping and Buckling 
Problems, Int. J. Solids and Structures, Vol. 15, pp.524-551, 1979.
• Ripling, E.J., Mostovoy, S. and Bersch, C.F. (1971) J. Adhesion, Vol.3, p.145, 1971.
• Ritchie, P.A., Thomas, D.A., Lu, L.W. and Connelly, G.M. (1990) External
Reinforcement of Concrete Beams Using Fiber Reinforced Plastics, ATLSS Report 
No.90-06, Lehigh University.
• Ritchie, P.A., Thomas, D.A., Lu, L.W. and Connelly, G.M. (1991) External
Reinforcement of Concrete Beams Using Fiber Reinforced Plastics, ACI Structural J., 
Vol.88, No.4, pp.490-500, July/Aug. 1991.
• Ritter, J.E. (1969) Dynamic Fatigue of Soda-Lime-Silica Glass, J. Applied Physics, 
Vol.40, No. 1, Jan. 1969, pp.340-345.
448
• Rizkalla, S.H. and Erki, M.A. (1991) in Advanced Composite Materials with 
Applications to Bridges, State-of-the-Art Report, (eds. A.A. Mufti, M.A. Erki and L.G. 
Jaeger), Canadian Society for Civil Engineering, Montreal, Quebec, pp.231-273.
• Roberts, T.M. (1985) Finite Difference Analysis of Composite Beams with Partial 
Interaction, Computers and Structures, Vol.21, No.3, pp.469-473, 1985.
• Roberts, T.M. (1988) Plate Separation and Anchorage of Reinforced Concrete Beams 
Strengthened by Epoxy-Bonded Steel Plates (correspondence), The Structural Engineer, 
Vol.67, No.12, pp.187-188, 21st Junel988.
• Roberts, T.M. (1989) Approximate Analysis of Shear and Normal Stress 
Concentrations in the Adhesive Layer of Plated RC Beams, The Structural Engineer, 
Vol.67, No.12, pp.229-233, 20th June 1989.
• Roberts, T.M. and Haji-Kazemi, H. (1989) A Theoretical Study of the Behaviour of 
Reinforced Concrete Beams Strengthened by Externally Bonded Steel Plates, Proc. ICE, 
Vol.87, Pt.2, pp.39-55, March 1989.
• Romanko, J. and Knauss, W.G. (1981) Fatigue Mechanisms in Bonded Joints, in 
Developments in Adhesives - 2, (ed. A.J. Kinloch), Applied Science Publishers, London, 
Chapter 5.
• Romanko, J., Liechti, K. and Knauss, W.G. (1982) Integrated Methodology for 
Adhesive Bonded Joint Life Predictions, US Government Report AFWAL-TR-824139, 
Amer. Acc. No. AD-A124 324.
• Rosner, C.N. and Rizkalla, S.H. (1995a) Bolted Connections for Fiber-Reinforced 
Composite Structural Members: Experimental Programme, J. Materials in Civil 
Engineering, Vol.7, No.4, pp.223-231, Nov. 1995.
• Rosner, C.N. and Rizkalla, S.H. (1995b) Bolted Connections for Fiber-Reinforced 
Composite Structural Members: Analytical Model and Design Recommendations, J. 
Materials in Civil Engineering, Vol.7, No.4, pp.232-238, Nov. 1995.
• Ross, A.D. (1958) Creep of Concrete Under Variable Stress, ACI J., Vol.54, No.9, 
pp.739-758, March 1958.
• Rostasy, F.S. and Ranisch, E.H. (1982) Strengthening of Bridges with Epoxy Bonded 
Steel Plates, IABSE Cong., Washington D.C., pp.117-122, 1982.
• Rostasy, F.S., Hankers, C. and Ranisch, E.H. (1992) Strengthening of R/C- and P/C- 
Structures with Bonded FRP Plates, in Advanced Composite Materials in Bridges and 
Structures, (eds. K.W. Neale and P. Labossiere), Proc. 1st Int. Conf. ACMBS, Canadian 
Society for Civil Engineering, Sherbrooke, Quebec, Oct. 1992, pp.253-263.
• Rudnicki, J.W. and Rice, J.R. (1975) Conditions for the Localization of Deformation 
in Pressure-Sensitive Dilatant Materials, J. Mech. Phys. Solids, Vol.23, pp.371-394,
1975.
• Rusch, H. (1955) Versuche zur Festigkeit der Biegedruckzone, Deutscher Ausschuss 
fur Stahlbetonbau, Bulletin No.120, Berlin, 1955, p.94.
• Rusch, H., Kordina, K. and Hilsdorf, H. (1963) Der Einfluss des Mineralogischen 
Charakters der Zuschlage auf das Kriechen von Beton, Deutscher Ausschuss fur 
Stahlbeton, No.146, pp.19-133, 1963.
449
• Rutherford, J.L. (1979) Creep in Adhesive Bonded Metal Joints, SAMPE J., Vol. 11, 
Pt.l, pp.12-18, 1979.
• Rybak, M. (1981) Reinforcement of Bridges by Gluing of Reinforcing Steel, 
Materials and Structures, Vol. 16, No.91, pp. 13-17, Jan. 1981.
• Saadatmanesh, H. (1994) Fiber Composites for New and Existing Structures, ACI 
Structural J., Vol.91, No.3, May/June 1994.
• Saadatmanesh, H. and Ehsani, M.R. (1989) Applications of Fiber-Composites in Civil 
Engineering, Proc. Sessions Related to Structural Materials, Structures Cong., ASCE, 
1989, pp.526-535.
• Saadatmanesh, H. and Ehsani, M.R. (1990a) Fiber Composite Plates can Strengthen 
Concrete Beams, Concrete Int., ACI, Vol.12, No.3, pp.65-71, March 1990.
• Saadatmanesh, H. and Ehsani, M.R. (1990b) Flexural Strength of Externally 
Reinforced Concrete Beams, Proc. 1st Materials Engineering Cong., ASCE, 1990, 
pp.1152-1161.
• Saadatmanesh, H. and Ehsani, M.R. (1991) RC Beams Strengthened with GFRP 
Plates. I: Experimental Study, J. Structural Engineering, Vol. 117, N o .ll, pp.3417-3433, 
Nov. 1991.
• Sage, G.N. and Tiu, W.P. (1982) The Effect of Glueline Voids and Inclusions on the 
Fatigue Strength of Bonded Joints in Composites, Composites, Vol. 13, No.3, pp.228- 
232, July 1982.
• Sancaktar, E. and Brinson, H.F. (1980) The Viscoelastic Shear Behavior of a 
Structural Adhesive, in Adhesion and Adsorption of Polymers Part A, (ed. L.H. Lee), 
Plenum Press, New York, pp.279-299.
• Sancaktar, E., Dwight, D.W. and Brinson, H.F. (1980) Failure Characterisation of a 
Structural Epoxy Adhesive, in Adhesion and Adsorption of Polymers Part A, (ed. L.H. 
Lee), Plenum Press, New York, pp. 141-163.
• Santoh, N., Kimura, H., Enomoto, T., Kiuchi, T. and Kuzubi, Y. (1983) Report on the 
Use of CFCC in Prestressed Concrete Bridges in Japan, Proc. Int. Symp. Fiber- 
Reinforced-Plastic Reinforcement for Concrete Structures, (eds. A. Nanni and C.W. 
Dolan), ACI SP-138, ACI, Detroit, pp.895-911.
• Saouma, V. (1981) Automated Nonlinear Finite Element Analysis of Reinforced 
Concrete: A Fracture Mechanics Approach, Doctoral Thesis, Cornell University, New 
York.
• Sasse, H.R. and Fiebrich, M. (1983) Bonding of Polymer Materials to Concrete, 
Materials and Structures, Vol. 16, No.94, pp.293-301, July/Aug. 1983.
• Sathurappan, G., Rajagopalan, N. and Krishnamoorthy, C.S. (1992) Nonlinear Finite 
Element Analysis of Reinforced and Prestressed Concrete Slabs with Reinforcement 
(Inclusive of Prestressing Steel) Modelled as Discrete Integral Components, Computers 
and Structures, Vol.44, No.3, pp.575-584, July 17th 1992.
• Scanlon, A. (1971) Time Dependent Deflections of Reinforced Concrete Slabs, 
Doctoral Thesis, University of Alberta, Edmonton, Alberta.
• Scanlon, A. and Murray, D.W. (1974) Time Dependent Reinforced Concrete Slab 
Deflections, J. Struc. Div. ASCE, Vol. 100, No.ST9, Sept. 1974.
450
• Schaffer, B.G. and Adams, D.F. (1981) J. Applied Mechanics, Vol.48, p.859, 1981.
• Schjeldrup, H.C. and Jones, W.B. (1978) Adhesives Age, Vol.21, No.2, p.35, 1978.
• Schutz, R.J. (1976) Epoxy Adhesives in Prestressed and Precast Concrete Bridge 
Construction, ACI J., pp. 155-159, March 1976.
• Scordelis, A.C. (1972) Finite Element Analysis of Reinforced Concrete Structures, 
Proc. Specialty Conf. Finite Element Method in Civil Engineering, Montreal, Quebec, 
June 1972.
• Scordelis, A.C. (1986) Past, Present and Future Developments, Proc. US-Japan Joint 
Sem. Finite Element Analysis of Reinforced Concrete Structures, Struc. Div. ASCE, 
1986, pp.656-666.
• Scordelis, A.C., Ngo, D. and Franklin, H.A. (1974) Finite Element Study of 
Reinforced Concrete Beams with Diagonal Tension Cracks, Proc. Symp. Shear in 
Reinforced Concrete, Ottawa, 1973, ACI SP-42, ACI, Detroit.
• Scordelis, A.C., Nilson, A.H. and Gerstle, K. (1982) in State-of-the-Art Report on 
Finite Element Analysis of Reinforced Concrete, ASCE, New York, pp. 1-33.
• Scott, D.W., Lai, J.S. and Zureick, A.H. (1995) Creep Behavior of Fiber-Reinforced 
Polymeric Composites: A Review of the Technical Literature, J. Reinforced Plastics and 
Composites, Vol. 14, No.6, p.588, June 1995.
• Scott, K.A. and Matthan, J. (1970) Weathering, in Glass Reinforced Plastics, (ed. B. 
Paikyn), Butterworths, London, pp.220-231.
• Sen, R., Mari seal, D. and Shahawy, M. (1993) Investigation of S-2 Glass/Epoxy 
Strands in Concrete, Proc. Int. Symp. Fiber-Reinforced-Plastic Reinforcement for 
Concrete Structures, (eds. A. Nanni and C.W. Dolan), ACI SP-138, ACI, Detroit, pp. 15- 
33.
• Seraj, S.M., Kotsovos, M.D. and Pavlovic, M.N. (1992) Three-Dimensional Finite- 
Element Modelling of Normal- and High-Strength Reinforced Concrete Members, with 
Special Reference to T-Beams, Computers and Structures, Vol.44, No.4, pp.699-716, 
1992.
• Shahawy, M.A. and Beitelman, T.E. (1996) Flexural Behaviour of Reinforced 
Concrete Beams Strengthened with Advanced Composite Materials, Int. SAMPE Symp. 
and Exhibition, No.I41//BK2, 1996, p. 1015.
• Shahawy, M.A., Arockiasamy, M., Beitelman, T.E. and Sowrirajan, R. (1996a) 
Reinforced Concrete Rectangular Beams Strengthened with CFRP Laminates, 
Composites Part B: Engineering, Vol.27, No.3/4, pp.225-233, 1996.
• Shahawy, M.A., Beitelman, T.E., Arockiasamy, M. and Sowrirajan, R. (1996b) 
Experimental Investigation on Structural Repair and Strengthening of Damaged 
Prestressed Concrete Slabs Utilising Externally Bonded Carbon Laminates, Composites 
PartB: Engineering, Vol.27, No.3/4, pp.217-224, 1996.
• Sharif, A., Al-Sulaimani, G.J., Basunbul, I.A., Baluch, M.H. and Ghaleb, B.N. (1994) 
Strengthening of Initially Loaded Reinforced Concrete Beams Using FRP Plates, ACI 
Structural J., Vol.91, No.2, pp. 160-168, March/April 1994.
451
• Sharif, A., Al-Sulaimani, G.J., Basunbul, I.A., Baluch, M.H. and Hussain, M. (1995) 
Strengthening of Shear-Damaged RC Beams by External Bonding of Steel Plates, Mag. 
Concrete Research, Vol.47, No. 173, pp.329-334, Dec. 1995.
• Shaw, J.D.N. (1982) A Review of Resins Used in Construction, Int. J. Adhesion and 
Adhesives, Vol.2, No.2, April 1982, pp.77-83.
• Shaw, M. (1993) Strengthening Bridges with Externally Bonded Reinforcement, in 
Bridge Management 2, (eds. J.E. Harding, G.A.R. Parke and M.J. Ryall), Thomas 
Telford, London, pp.651-659.
• Shen, C.H. and Springer, G.S. (1981) Effects of Temperature and Moisture on the 
Tensile Strength of Composite Materials, in Environmental Effects on Composite 
Materials, (ed. G.S. Springer), Technomic Publishing Company, Westport, USA, pp.79- 
92.
• Shields, J. (1985) Adhesives Handbook, 3rd edition, Newnes-Butterworth, London.
• Shijie, W. and Ruixian, Z. (1993) The Study of Fiber Composite Plates for 
Strengthening Reinforced Bridges, Proc. ICCM-9, Vol.6, Madrid, pp.224-231.
• Sillwood, J.M. (1982) Factors Concerning the use of GRP in Corrosive 
Environments, NPL Report DMA(B)20, Jan. 1982.
• Slysh, R. (1966) Proc. 155th Meeting American Chem. Society, Vol.28, p.456, 1966.
• Solomon, S.K. (1975) Steel-Concrete-Steel Sandwich Beams, Report WBRU/IR2, 
University of Dundee.
• Solomon, S.K. (1976) A Study of Steel and Concrete Sandwich Construction for Use 
in Bridge Roadway Decks, PhD Thesis, University of Dundee, Jan. 1976.
• Solomon, S.K., Smith, D.W. and Cusens, A.R. (1976) Flexural Tests of Steel- 
Concrete-Steel Sandwiches, Mag. Concrete Research, Vol.28, No.94, pp.13-20, March
1976.
• Sommerard, T. (1971) Swanley’s Steel Plate Patch Up, New Civil Engineer, Vol.247, 
pp.18-19,16th June 1971.
• Stevens, N.J., Uzumeri, S.M., Collins, M.P. and Will, G.T. (1991) Constitutive Model 
for Reinforced Concrete Finite Element Analysis, ACI Structural J., Vol.88, N o.l, pp.49- 
59, Jan./Feb. 1991.
• Suidan, M. and Schnobich, W.C. (1973) Finite Element Analysis of Reinforced 
Concrete, J. Struc. Div ASCE, Vol.99, No.STIO, pp.2109-2120, Oct. 1973.
• Suprenant, B. and Maiisch, W. (1986) Concrete Construction, p.927, Nov. 1986.
• Swamy, R.N. and Jones, R. (1980) Behaviour of Plated Reinforced-Concrete Beams 
Subjected to Cyclic Loading During Glue Hardening, Int. J. Cement Composites, Vol.2, 
No.4, pp.233-234, Nov. 1980.
• Swamy, R.N. and Mukhopadhyaya, P. (1995) Role and Effectiveness of Non-Metallic 
Plates in Strengthening and Upgrading Concrete Structures, in Non-Metallic (FRP) 
Reinforcement for Concrete Structures, (ed. L. Taerwe), E & FN Spon, London, pp.473- 
481.
452
• Swamy, R.N., Hobbs, B. and Roberts, M. (1995) Structural Behaviour of Externally 
Bonded, Steel Plated RC Beams After Long-Term Exposure, The Structural Engineer, 
Vol.73, No. 16, pp.255-261, Aug. 1995.
• Swamy, R.N., Jones, R. and Bloxham, J.W. (1987) Structural Behaviour of 
Reinforced Concrete Beams Strengthened by Epoxy-Bonded Steel Plates, The Structural 
Engineer, Vol.65A, No.2, pp.59-68, Feb. 1987.
• Swamy, R.N., Jones, R. and Charif, A. (1986) Shear Adhesion Properties of Epoxy 
Resin Adhesives, in Adhesion Between Polymers and Concrete, (ed. H.R. Sasse), Proc. 
Int. Symp., RILEM, Aix-en-Provence, Sept. 1986, Chapman and Hall, London, pp.741- 
755.
• Swamy, R.N., Jones, R. and Charif, A. (1989) The Effect of External Plate 
Reinforcement on the Strengthening of Structurally Damaged Reinforced Concrete 
Beams, The Structural Engineer, Vol.67, No.3, pp.45-56, 7th Feb. 1989.
• Tabor, L.J. (1978) Effective Use of Epoxy and Polyester Resins in Civil Engineering 
Structures, CIRIA Report 69, Construction Industry and Information Association, 
London, Jan. 1978.
• Tabor, L.J. (1982) Adhesives in Construction, Int. J. Adhesion and Adhesives, April 
1982, pp.73-76.
• Tabor, L.J. (1985) Twixt Old and New: Achieving a Bond When Casting Fresh 
Concrete Against Hardened Concrete, Proc. 2nd Int. Conf. Structural Faults and Repair, 
Institution of Civil Engineers, London, April/May, 1985, pp.57-63.
• Taerwe, L. (1995) Non-Metallic (FRP) Reinforcement for Concrete Structures, E & 
FN Spon, London.
• Tanner, J.A. (1971) An Experimental Determination of Bond Slip in Reinforced 
Concrete, Masters Thesis, Cornell University, New York, Nov. 1971.
• Tasuji, M.E., Nilson, A.H. and Slate, F.O. (1976) The Behavior of Plain Concrete 
Subject to Biaxial Stress, Report No.360, Dept, of Structural Engineering, Cornell 
University, New York, March 1976.
• Tasuji, M.E., Nilson, A.H. and Slate, F.O. (1979) Biaxial Stress-Strain Relationships 
for Concrete, Mag. Concrete Research, Vol.31, No. 109, pp.217-224, Dec. 1979.
• Tasuji, M.E., Slate, F.O. and Nilson, A.H. (1978) Stress-Strain Response and Fracture 
of Concrete in Biaxial Loading, Proc. ACI, Vol.75, No.7, pp.306-312, July 1978.
• Taylor, H.P.J. (1974) The Fundamental Behaviour of Reinforced Concrete Beams in 
Bending and Shear, Proc. Symp. Shear in Reinforced Concrete, Ottawa 1973, ACI SP- 
42, ACI, Detroit, pp.43-77.
• Theillout, J.N. (1986) Repair and Strengthening of Bridges by Means of Bonded 
Plates, in Adhesion Between Polymers and Concrete, (ed. H.R. Sasse), Proc. Int. Symp., 
RELEM, Aix-en-Provence, Sept. 1986, Chapman and Hall, London, pp.601-613.
• Timoshenko, S.P. and Goodier, J.N. (1970) Theory of Elasticity, 3rd edition, McGraw- 
Hill, New York.
• Topaloff, (1964) Gummilager fur Brucken, Berechnung und Anwendung, Der 
Bauingenieur, Heft 2, pp.50-64, 1964.
453
• Triantafillou, T.C. and Deskovic, N. (1991) Innovative Prestressing with FRP Sheets: 
Mechanics of Short-Term Behaviour, J. Engineering Mechanics, ASCE, Vol. 117, No.7, 
pp. 1652-1671, July 1991.
• Triantafillou, T.C. and Plevris, N. (1992) Strengthening of RC Beams with Epoxy- 
Bonded Fibre-Composite Materials, Materials and Structures, Vol.25, pp.201-211,1992.
• Triantafillou, T.C. and Plevris, N. (1995) Reliability Analysis of Reinforced Concrete 
Beams Strengthened with CFRP Laminates, in Non-Metallic (FRP) Reinforcement for 
Concrete Structures, (ed. L. Taerwe), E & FN Spon, London, pp.576-583.
• Triantafillou, T.C., Deskovic, N. and Deuring, M. (1992) Strengthening of Concrete 
Structures with Prestressed Fiber Reinforced Plastic Sheets, ACI Structural J., Vol.89, 
No.3, pp.235-244, May/June 1992.
• Troxell, G.E., Raphael, J.M. and Davis, R.E. (1958) Long-Time Creep and Shrinkage 
Tests of Plain and Reinforced Concrete, Proc. ASTM, Vol.58, pp. 1101-1120, 1958.
• Tu, L. and Kruger, D. (1996) Engineering Properties of Epoxy Resins Used as 
Concrete Adhesives, ACI Materials J., Vol.93, No. 1, pp.26-35, Jan./Feb. 1996.
• Tuttle, M.E. and Brinson, H.F. (1986) Prediction of the Long-Term Creep Compliance 
of General Composite Laminates, Experimental Mechanics, Vol.26, N o.l, pp.89-102,
1986.
• Valanis, K.C. (1971) A Theory of Viscoplasticity without a Yield Surface, Archives of 
Mechanics (Warsaw), Vol.23, pp.517-551, 1971.
• Van Gemert, D.A. (1980) Force Transfer in Epoxy Bonded Steel-Concrete Joints, Int. 
J. Adhesion and Adhesives, Pt.l, pp.67-72, 1980.
• Van Gemert, D.A. (1981) Repairing of Concrete Structures by Externally Bonding 
Steel Plates, Proc. RILEM Int. Symp. Plastics in Materials and Structural Engineering, 
ICP/RILEM/IBK, Prague, June 1981, Elsevier Scientific Publishers, London, pp.519- 
526, 1982.
• Van Gemert, D.A. and Vanden Bosch, M. (1986) Long-Term Performance of Epoxy- 
Bonded Steel-Concrete Joints, in Adhesion Between Polymers and Concrete, (ed. H.R. 
Sasse), Proc. Int. Symp., RILEM, Aix-en-Provence, Sept. 1986, Chapman and Hall, 
London, pp.518-527.
• Van Greunen, J. (1979) Nonlinear Geometric, Material and Time Dependent Analysis 
of Reinforced and Prestressed Concrete Slabs and Panels, UC-SESM Report No.79-3, 
University of California, Berkeley, Oct. 1979.
• Varastehpour, H. and Hamelin, P. (1995) Structural Behaviour of Reinforced Concrete 
Beams Strengthened by Epoxy Bonded FRP Plates, in Non-Metallic (FRP) 
Reinforcement for Concrete Structures, (ed. L. Taerwe), E & FN Spon, London, pp.559- 
567.
• Vardy, A.E. and Hutchinson, A.R. (1986) Some Uses of Adhesives in Civil 
Engineering, Proc. Int. Conf. Structural Adhesives in Engineering, Institution of 
Mechanical Engineers, Bristol University, July 1986, pp. 199-204.
• Vidosa, F.G., Kotsovos, M.D. and Pavlovic, M.N. (1991) A Three-Dimensional 
Nonlinear Finite Element Model for Structural Concrete. Part 1: Main Features and 
Objectivity Study, Proc. ICE, Vol.91, Pt.2, pp.517-544, 1991.
454
• Virlogeux, M.P. (1990) External Prestressing: from Construction History to Modem 
Technique and Technology, in External Prestressing of Bridges, (eds. A. Naaman and J. 
Breen), ACI SP-120, ACI, Detroit, pp. 1-60.
• Volkersen, O. (1938) Luftfahrtforschung, Vol. 15, p.41, 1938.
• Wake, W.C. (1982) Adhesion and the Formulation of Adhesives, 2nd edition, Applied 
Science Publishers, London.
• Wake, W.C., Allen, K.W. and Dean, S.M. (1979) Elastomers: Criteria for 
Engineering Design, (eds. C. Hepbum and R.J.W. Reynolds), Applied Science 
Publishers, London, p.311.
• Wall, J.S., Shrive, N.G. and Gamble, B.R. (1986) Testing of Bond Between Fresh and 
Hardened Concrete, in Adhesion Between Polymers and Concrete, (ed. H.R. Sasse), 
Proc. Int. Symp., RILEM, Aix-en-Provence, Sept. 1986, Chapman and Hall, London, 
pp.335-344.
• Walsh, PF. (1972) Fracture of Plain Concrete, Indian Concrete J., Vol.46, pp.468-479, 
1972.
• Watstein, D. (1941) Bond Stress in Concrete Pullout Specimens, ACI J., Vol.38, 
pp.35-50, Sept. 1941.
• Watstein, D. and Parsons, D.E. (1943) Width and Spacing of Tensile Cracks in 
Axially Reinforced Concrete Cylinders, J. Research of the National Bureau of 
Standards, Vol.31, No.RP545, pp. 1-24, July 1943.
• Wegner, R. (1976) Finite Element Models for Reinforced Concrete, Preprint Proc. 
US-Germany Symp. Formulations and Computational Methods in Finite Element 
Analysis, Massachusetts Institute of Technology, Boston, Aug. 1976.
• Wempner, G.A. (1971) Discrete Approximations Related to Nonlinear Theories of 
Solids, Int. J. Solids and Structures, Vol.7, pp. 1581-1599, 1971.
• West, R. (1973) The Use of Grillage Analogy for the Analysis of Slab and Pseudo- 
Slab Bridge Decks, Research Report 21, Cement and Concrete Association, London.
• Wight, R.G., Green, M.F. and Erki, M.A. (1995) Post-Strengthening Concrete Beams 
with Prestressed FRP Sheets, in Non-Metallic (FRP) Reinforcement for Concrete 
Structures, (ed. L. Taerwe), E & FN Spon, London, pp.568-575.
• Wiliam, K.J. and Warnke, E.P. (1974) Constitutive Model for the Tri-Axial Behavior 
of Concrete, Paper III-1, Proc. IABSE Sem. Concrete Structures Subjected to Triaxial 
Stresses, Bergamo, Italy, May 17-19th 1974.
• Wingfield, J.R.J. (1993) Treatment of Composite Surfaces for Adhesive Bonding, Int. 
J. Adhesion and Adhesives, Vol. 13, No.3, pp. 151-156, 1993.
• Wright, D.C. (1976) The Effect of Cure History on the Creep Properties of Various 
Cold Cure Polyester Resins and Glass Laminates, RPG. 4th Conf. on Research Projects in 
Reinforced Plastics, City University, London, Feb. 1976.
• Wu, E.M. and Ruhmann, D.C. (1975) ASTM Special Technical Publication 580, 
p.263.
• Wyatt, R. and Oehlers, D.J. (1992) Application of Composite Plated Beam 
Construction to Existing Bridge Corbels, RILEM Int. Conf. on Rehabilitation of 
Concrete Structures, Melbourne, Aug. 1992.
UNIVL. h y  l ib r a r y 455
• Wyett, G.W. (1990) Steel Plate Bonding. Recent Australian Examples, National 
Conference Publication - Institution of Engineers, Australia, No.90, Pt.10, pp.341-345, 
1990.
• Xie, M., Hoa, S.V. and Xiao, X.R. (1995) Bonding Steel Reinforced Concrete with 
Composites, J. Reinforced Plastics and Composites, Vol. 14, No.9, pp.949-964, Sept.
1995.
• Yuzugullu, O. and Schnobrich, W.C. (1973) A Numerical Procedure for the 
Determination of the Behavior of a Shear Wall Frame System, Proc. ACI, Vol.70, 
pp.474-479, July 1973.
• Zhang, S., Raoof, M. and Wood, L.A. (1995) Prediction of Peeling Failure of 
Reinforced Concrete Beams with Externally Bonded Steel Plates, Proc. ICE Structures 
and Buildings, Vol.l 10, pp.257-268, Aug. 1995.
• Zhang, Y.G., Lu, M.W. and Hwang, K.C. (1994) Finite Element Modelling of 
Reinforced Concrete Structures, Finite Elements in Analysis and Design, Vol. 18, No. 1/3, 
p.51, 1994.
• Zienkiewicz, O.C. and Taylor, R.L. (1989) The Finite Element Method. Volume 1: 
Basic Formulation and Linear Problems, 4th edition, McGraw-Hill, New York.
• Zienkiewicz, O.C. and Taylor, R.L. (1991) The Finite Element Method. Volume 2: 
Solids and Fluid Mechanics, Dynamics and Nonlinearity, 4th edition, McGraw-Hill, New 
York.
• Ziraba, Y.N. (1993) Non-Linear Finite Element Analysis of Reinforced Concrete 
Beams Repaired by Plate Bonding, PhD Thesis, King Fahd University of Petroleum and 
Minerals, 1993.
• Ziraba, Y.N. and Baluch, M.H. (1995) Computational Model for Reinforced Concrete 
Beams Strengthened by Epoxy Bonded Steel Plates, Finite Elements in Analysis and 
Design, Vol.20, No.4, pp.253-271, Sept. 1995.
• Ziraba, Y.N., Baluch, M.H., Al-Sulaimani, G.J. and Basunbul, I.A. (1991) Bond Slip 
Analysis of Epoxy Coated Bars, Proc. 3rd Saudi Engineering Conf, College of 
Engineering, King Saud University, Riyadh, Nov. 1991, pp.85-94.
• Ziraba, Y.N., Baluch, M.H., Basunbul, I.A., Azad, A.K., Al-Sulaimani, G.J. and 
Sharif, A.M. (1995) Combined Experimental-Numerical Approach to Characterisation 
of Steel-Glue-Concrete Interface, Materials and Structures, Vol.28, No. 183, pp.518-525, 
Nov. 1995.
• Ziraba, Y.N., Baluch, M.H., Basunbul, I.A., Sharif, A.M., Azad, A.K. and Al- 
Sulaimani, G.J. (1994) Guidelines Toward the Design of Reinforced Concrete Beams 
with External Plates, ACI Structural J., Vol.91, No.6, pp.639-646, Nov./Dec. 1994.
456
Su
m
m
ar
y 
of 
bea
m 
de
tai
ls 
in 
pa
ra
m
etr
ic 
stu
dy
 
(C
ha
pt
er
 4
).
o o
£ E
VO vo O  VO vo vo vo00 00 vo 00 00 00 COX X X X X X Xrt rt rt rt rt rt rt
00 00 00 00 00
Ph Ph pH pH Ph Ph Pho O O O O’ o o
Ph Oh Ph Ah Ph Ph Ph
vo vo vo vo vo00 00 00 00 00
rt rt vo rt rt rt rt rt rt
& & & aPh Ph Ph PhO O O O DO op oo oo OO4> <uCL CL a. CLo o a oQ.
Ph
o.Cp pp
CLPh a.fp2Ph 2Ph 2Ph 2Ph 2Pho o O CJ o
vo vo vo
00 00 00
vo VO vo
OO OO 00 
Q. O o ©
DO 00 00 DO
rt vo vo vo
cr cr co
00 00 OO 00 00
pto Pto p- P-J ptop^ « PS PS C£pL, ti, pL, pH Pho  cj cj cj cj
pH pH Ph Ph Ph
o o o o
rt rt o  o  rt rt
£ & Ph Ph 
CJ o
